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ABSTRACT

SEISMIC RETROFITTING OF REINFORCED CONCRETE BUILDINGS
USING STEEL BRACES WITH SHEAR LINK

Durucan, Cengizhan
M.S., Deparment of Engineering Sciences
Supervisor: Prof. Dr. Murat Dicleli

September 2009, 194 pages

The catastrophic damage to the infrastructure due to the most recent major
earthquakes around the world demonstrated the seismic vulnerability of many
existing reinforced concrete buildings. Accordingly, this thesis is focused on a
proposed seismic retrofitting system (PSRS) configured to upgrade the
performance of seismically vulnerable reinforced concrete buildings. The
proposed system is composed of a rigid steel frame with chevron braces and a
conventional energy dissipating shear link. The retrofitting system is installed
within the bays of a reinforced concrete building frame. A retrofitting design
procedure using the proposed seismic retrofitting system is also developed as part
of this study. The developed design methodology is based on performance-based
design procedure. The retrofitting design procedure is configured to provide a
uniform dissipation of earthquake input energy along the height of the reinforced
concrete building. The PSRS and a conventional retrofitting system using squat
infill shear panels are applied to an existing school and an office building.
Nonlinear time history analyses of the buildings in the original and retrofitted
conditions are conducted to assess the efficiency of the PSRS. The analyses

results revealed that the PSRS can efficiently alleviate the detrimental effects of



earthquakes on the buildings. The building retrofitted with PSRS has a more
stable lateral force-deformation behavior with enhanced energy dissipation
capability than that of the one retrofitted with squat infill shear panels. For small
intensity ground motions, the maximum inter-story drift of the building retrofitted
with the PSRS is comparable to that of the one retrofitted with squat infill shear
panels. But for moderate to high intensity ground motions, the maximum inter-
story drift of the building retrofitted with the PSRS is considerably smaller than

that of the one retrofitted with squat infill shear panels.

Keywords: Seismic retrofitting, reinforced concrete building, steel frame, steel

braces, shear link, performance based design
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BETONARME BINALARIN KESME BAGLANTI ELEMENALI CELIK
CUBUKLAR KULLANILARAK DEPREM GUCLENDIRMESI

Durucan, Cengizhan
Yiiksek Lisans, Miihendislik Bilimleri Bolimii

Tez Yoneticisi: Prof. Dr. Murat Dicleli

Eyliil 2009, 194 sayfa

Yakin ge¢miste gerceklesen siddetli depremlerin cesitli lilkelerde altyapiya
verdigi bliyiik zararlar, mevcut olan bircok betonarme binanin deprem etkilerine
kars1 olan korunmasizligini ortaya ¢ikarmistir. Buna bagl olarak, bu tez ¢aligsmasi
deprem etkilerine karsi, mevcut zayif betonarme binalarin performansini
tyilestirmek {izere yapilandirilmis bir sismik giiclendirme yontemi iizerine
odaklanmistir. Onerilen yontem, gelik bir cerceve sistemi, ¢apraz celik ¢ubuklar
ve klasik bir enerji soniimleyici olan kesme baglanti elemanindan olusmaktadir.
Onerilen sismik gii¢lendirme sistemi (OSGS) betonarme binanin agikliklar1 igine
yerlestirilerek uygulanir. Buna ek olarak, bu ¢alisma kapsaminda, bir giiclendirme
tasarim metodu da gelistirilmistir. Gelistirilen tasarim metodu performansa dayali
tasarim esasina dayanmaktadir. Onerilen tasarim metodu, betonarme binaya
etkiyen deprem enerjisinin bina yiiksekligi boyunca diizgiin bi¢imde
soniimlenmesini saglayacak sekilde yapilandirilmistir. OSGS’ nin yanisira kisa
dolgu kesme panellerinin kullanilmasiyla gergeklestirilen klasik bir giiclendirme
yontemi de mevcut bir okul ve ofis binasma uygulanmistir. OSGS’ nin etkinligini
degerlendirmek amaciyla, binalarin orjinal ve giiglendirilmis halleri i¢cin dogrusal

olmayan zaman tamm analizleri yapilmistir. Analiz sonuglar, OSGS’ nin

Vi



depremlerin binalar tizerindeki yikic1 etkisini etkili sekilde azaltabilecegini
gostermistir.  OSGS’ yle giiglendirilen bina, kisa dolgu kesme panelleri
kullanilarak klasik sekilde giiglendirilen binaya gore daha kararli bir yanal kuvvet-
deplasman davranigina ve arttirilmis enerji soniimleme kapasitesine sahiptir.
OSGS’ yle giiglendirilen ve kisa dolgu kesme panellerinin kullanilmasiyla klasik
sekilde giliclendirilen binalarin kat deplasmanlar1 kiigiik siddetteki yer hareketleri
icin karsilastirilabilir seviyededir. Ancak, orta ve yiiksek siddetli yer hareketleri
icin, OSGS’ vyle gii¢lendirilen binalarin kat deplasmanlari, kisa dolgu kesme
panellerinin  kullanilmasiyla klasik sekilde giliglendirilen binalarin  kat

deplasmanlarindan ¢ok daha kiigtiktiir.

Anahtar Kelimeler: Sismik giiglendirme, betonarme bina, ¢elik ¢erceve, ¢elik

cubuklar, kesme baglanti elemani, performansa dayal1 tasarim
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CHAPTER 1

INTRODUCTION

1.1 Introduction

The catastrophic damage to the infrastructure due to the most recent major
earthquakes around the world demonstrated the seismic vulnerability of many
existing buildings. The 1999 Kocaeli- Turkey and 2003 Bam-Iran earthquakes
caused a total loss of over 100.000 lives due to building collapses while the one
that occurred in Taiwan in 1999 caused the collapse of more than 50.000
buildings. These are the examples of severe earthquakes in recent years that
resulted in extensive damage to the building stock and associated loss of lives. In
many municipal areas around the world, the number of buildings designed and
constructed using codes that are now known to provide inadequate safety are
potential hazards. In such areas, the number of buildings constructed prior to 1980
greatly outnumbers those that are built according to the newer codes. Therefore,
these structurally deficient buildings should be retrofitted to withstand the design
level earthquakes in compliance with the modern building design codes. On the
other hand, the financial impact of bringing older buildings up to the current code
standards can be huge. If this action is not taken, however, the financial impact of
the damage resulting from an earthquake can be even more devastating. For
instance, the cost of damage to buildings caused by the Northridge earthquake
was $15 billion and $7 billion for Loma Prieta (Beising, 2004). In order to
prevent these economical losses and loss of lives, the seismic retrofitting of

existing buildings is a clear necessity.

There are many well known seismic retrofitting methods for reinforced concrete
structures. These methods can be classified mainly into two groups as; (i)
conventional methods, based on improving the strength, stiffness and ductility of



the structure, (ii) innovative response modification methods which aim to reduce

the effect of seismic forces on structures.

Conventional methods include techniques such as adding reinforced concrete
shearwalls to the structure and jacketing of the reinforced concrete columns. The
main advantage of these methods is that they can be easily designed and applied
using conventional construction techniques. However, conventional methods
have some serious technical and practical disadvantages. Strengthening the
reinforced concrete columns and/or adding shearwalls results in an increase in the
weight of the structure that produce larger earthquake forces. Furthermore, these
methods require heavy demolition and construction work that restricts the use of
the structure during the rehabilitation process. Innovative response modification
methods include techniques such as installing seismic isolation devices to the base
of the building or hysteretic, frictional and fluid viscous dampers to the structural
framing system of the building. These devices are intended to modify the seismic
response of the structure so as to alleviate the effect of the seismic forces acting
on the building. Retrofitting methods based on response modification techniques
have significant advantages with respect to the conventional seismic retrofitting
methods. Response modification methods are very effective for reducing the
detrimental effects of the earthquakes. In most cases, these methods do not require
heavy demolition or construction work. Nevertheless, these methods also have
some economical and practical disadvantages. Their implementation is generally
costly. This makes them unsuitable for most cases. Also, in the case of the seismic
base isolation technique, a serious modification to the pipe and gas line of the
rehabilitated structure has to be made. These modifications are required to allow
for large displacements at the foundation level without causing any damage to the
pipe and gas lines so as to prevent fire and other hazardous events. Furthermore,
most practicing engineers currently lack adequate experience to effectively

perform the design of buildings using response modification devices.

In light of the above discussion, it is clear that in addition to the advantages of

each retrofitting method, there are numerous disadvantages. Consequently, a



novel seismic retrofitting system that combines the advantages of both

conventional and modern retrofitting techniques is required.

Accordingly, this thesis is focused on a proposed efficient energy dissipating steel
panel configured to upgrade the performance of seismically vulnerable reinforced
concrete buildings by combining the advantages and eliminating most of the
disadvantages of conventional and modern response modification retrofitting
techniques. The proposed system is composed of a rigid rectangular steel frame
with chevron braces and a conventional energy dissipating shear element
connected between the braces and the frame. The shear element is designed to
yield in shear under the effect of the horizontal components of the brace axial
forces before the compression brace buckles. The steel panel is installed within
the bay of a reinforced concrete building frame to enhance the stiffness, strength
and ductility of the structure. A retrofitting design procedure using the proposed
retrofitting technique is also developed as part of this study. The developed design
methodology is based on performance based design procedure. The retrofitting
design procedure is configured to provide a uniform dissipation of the earthquake
input energy along the height of the reinforced concrete building. Furthermore,
the performance of two existing reinforced concrete buildings retrofitted using the
proposed methodology and a conventional technique involving reinforced
concrete shear panels (squat infill shear walls) is also compared as part of this

study.

1.2 Research Objectives and Scope

The main objective of the proposed research study is to develop an efficient
seismic retrofitting technique for reinforced concrete buildings that combine the
advantages of both conventional and modern response modification seismic

retrofitting techniques.



1.3 Thesis Outline

The first chapter of the thesis contains introductory information as well as
literature search results on the seismic retrofitting of reinforced concrete

buildings.

Chapter two introduces the proposed retrofitting system and contains information
about the finite element analyses of a sample, two stories, one bay reinforced
concrete frame retrofitted with various configurations of the proposed retrofitting
system to study the stress distribution within the reinforced concrete frame
members for each panel configuration. From the finite element analyses results

the most efficient steel panel configuration is selected for the retrofitting study.

The third chapter contains technical information about two existing reinforced

concrete buildings used in this study.

Chapter four describes the development of the site specific response spectra and
the selection of appropriate ground motion data for non-linear time history
(NLTH) analyses.

Chapter five provides detailed information about the nonlinear structural
modeling for the seismic performance assessment of the two buildings used in this
study. The structural modeling described in this chapter provides detailed
information about the numerical simulation of the non-linear behavior of the
beams, columns, brick masonry walls, squat infill shear walls and the nonlinear
structural modeling of the steel panels for the seismic performance assessment of
the retrofitted buildings. Information about the selected material models that is,
concrete, steel and brick, to simulate these nonlinear behaviors is also provided in

this chapter.

Chapter six provides information about the retrofitting scheme and the

performance based retrofitting design approach.



In Chapter seven, the analyses results for the first building is presented.

Chapter eight presents the analyses results for the second building.

Chapter nine presents a brief summary and conclusions deduced from this
research study.

1.4 Literature Review

As stated earlier, the main objective of this study is to develop a seismic
retrofitting technique which combines the advantages of both conventional and
response modification retrofitting techniques. Accordingly, in the following
subsections, results of literature review on conventional and innovative seismic
retrofitting techniques including those based on response modification is

presented.

1.4.1. Innovative Seismic Retrofitting Techniques

Innovative seismic retrofitting techniques include those based on modifying the
seismic response of the structure as well as those based on enhancing the strength
and ductility of the reinforced concrete members. Response modification devices
primarily reduce the effect of seismic forces acting on the buildings. Examples of
seismic retrofitting techniques based on response modification are seismic base
isolation and/or damping devices used within the building's structural system.
Some examples of innovative seismic retrofitting techniques based on enhancing
the strength and ductility of the reinforced concrete members are carbon fiber
reinforced polymer (CFRP) or glass fiber reinforced polymer (GFRP)
applications. Innovative seismic retrofitting techniques are more effective with
respect to the conventional techniques for enhancing the structural performance of
buildings. In general, these techniques will be most applicable to the rehabilitation
of buildings whose owners desire superior seismic performance and can afford the

higher costs associated with the fabrication and installation of seismic isolators



and/or energy dissipation devices as well as CFRP or GFRP material. Seismic
isolation and energy dissipation systems are relatively new and involve
sophisticated concepts that require more extensive design and detailed analysis
than most conventional rehabilitation schemes do (FEMA-273, 1997). Currently,
the lack of common engineering experience in implementing and designing these
devices make their application more limited compared to that of conventional
retrofitting techniques (Dicleli and Mehta, 2009) A summary of innovative

seismic retrofitting techniques is given below.

1.4.1.1. Seismic Base Isolation Techniques

Seismic isolation is a response modification technique that is based on yielding of
devices called isolators generally installed between the columns and the
foundations at the base of the building. The concept of seismic isolation in
buildings is simple. The building is decoupled from the horizontal components of
the ground motion by interposing seismic isolators, which have very low
horizontal stiffness, at the base of the building. Thus, when the building is
subjected to seismic forces, most of the deformation occurs in the isolators rather
than in the building as shown in Figure 1.1. This reduces the seismic force and
displacement demand on the structural members of the building. A seismic
isolator possesses the following three basic features to function properly (i)
flexibility to lengthen the period of vibration of the building sufficiently to reduce
the seismic force demands, (ii) a built-in energy dissipation mechanism to limit
the relative displacement of the isolator, (iii) sufficient rigidity under service load
(e.g. wind) levels to limit the vibration of the structure (Dicleli et al, 2004). The
low horizontal stiffness of the seismic isolator provides the structure with a
fundamental period that is much longer than its original fundamental period
without the seismic isolation and the predominant periods of the ground motion.
Thus, the earthquake-input energy is deflected by the isolation system and the

seismic forces are reduced.



Conventional Isolated

Figure 1.1 Behavior of base isolated and fixed base buildings

Several retrofitting applications using the seismic base isolation technology exist
in the USA, Japan, New Zealand and Italy. The historic San Francisco City Hall
in California, USA, which is an outstanding example of classical architecture, was
seismically retrofitted in 1998 with lead rubber seismic isolation bearings
(Chopra, 2001). The National Museum in New Zealand was retrofitted with 146
lead rubber seismic isolation bearings and 36 Teflon® pads (Tezcan and Cimilli,
2002). The historical Utah State Capitol in Salt Lake City is a monumental
building which was retrofitted in 2007 using seismic isolation technology.
Another example of seismic retrofitting application in the state of Utah in USA is
the historical city hall building. This historical masonry building was retrofitted
using 208 lead rubber and 239 laminated elastomeric bearings. The U.S. Court of
Appeals building in San Francisco (Amin and Mokha, 1995), the Hayward City
Hall and the International Terminal of the San Francisco Airport in California,
USA were all retrofitted using friction pendulum seismic isolation bearings.
Matsumura-Gumi Technical research institute in Japan was seismically retrofitted
with high damping natural rubber seismic isolation bearings in 1989(Tezcan and
Cimilli, 2002). Administrative building of the Ministry of Defense of Italy in
Ancona was seismically retrofitted with high damping rubber seismic isolation
bearings in 2000 (Tezcan and Cimilli, 2002). From the review of literature on the
seismic retrofitting applications using seismic isolation technology, it is observed
that the majority of the retrofitting applications are mainly for important

governmental or historical buildings such as museums, airports, city halls and



capitols etc. Special costs associated with the design, fabrication, and installation
of seismic isolators limits the use of seismic base isolation technology for

ordinary buildings.

1.4.1.2. Passive Energy Dissipating Techniques

Damping is one of many different methods that have been proposed for a structure
to achieve optimal performance when it is subjected to seismic forces. Normally,
a structure defers the earthquake effects through a combination of strength,
flexibility, deformability and energy absorption. The level of damping in a
conventional structure is very low, and hence the amount of energy dissipated
through damping is also very low. Thus, during strong ground motions,
conventional structures usually deform well beyond their elastic limits to absorb
the earthquake input energy and remain intact only due to their ability to
inelastically deform. Therefore, most of the earthquake input energy is absorbed
by the structure itself through localized damage. A damper is an element which
can be added to a system to provide forces which are resistive to motion, thus
providing a means of energy dissipation. Thus, the concept of added-on dampers
within a structure assumes that some of the earthquake energy input into the
structure will be absorbed, not by the structure itself, but rather by supplemental
damping devices. An idealized supplemental damper would be of a form such that
the force being produced by the damper is of such a magnitude and occurs at such
a time that the damper forces do not increase the overall stresses in the structure.
Properly implemented, an ideal damper should be able to simultaneously reduce
both stress and deflection in the structure. There are four basic types of damping

devices: viscoelastic, friction, metallic and viscous.

A number of retrofitting applications using damping devices exist in USA and
Canada. The Boeing Commercial Airplane Factory in Everett, WA, USA is the world’s
largest building in volume that was seismically retrofitted with friction dampers
in 1996 (Pall et al. 2004). Headquarters of the Canadian Space Agency is a

building of national importance. It contains extremely sensitive and costly



equipment. Friction dampers were also used in the seismic retrofitting of this
structure in 1992 (Pall et al. 2004). Justice Headquarters in Ottawa, Canada was
seismically retrofitted with friction dampers in 1997 (Balazic et al. 2000). Casino
de Montreal in Canada that was retrofitted in 1993 is another example of
seismically retrofitted buildings with friction dampers. Los Angeles City Hall
(Taylor, 2002), Oakland Bay Bridge (Heninger et al. 2003) and San Francisco
International Airport that were retrofitted in 1999 are important examples of fluid
viscous dampers applications for the seismic retrofit of various structures (Tezcan
and Erkal, 2002). From the review of literature on the seismic retrofitting
applications using energy dissipation devices (dampers), it is observed that the
majority of the retrofitting applications are mainly for important governmental or
historical buildings, buildings housing sensitive equipment or major bridges.
Higher costs associated with the design, fabrication, and installation of energy
dissipation devices limit the use of this technology for ordinary buildings.

1.4.1.4. Fiber Reinforced Polymer
Advanced composite materials such as carbon fiber reinforced polymer (CFRP) is

much stronger and lighter than steel. A close up picture of CFRP is demonstrated
in Figure 1.2

Figure 1.2 Close up picture of CFRP



Analytical and experimental results have shown that, wrapping structural
components (such as columns, beams and walls) with CFRP sheets improve their
strength and ductility without adding stiffness to the elements (Ehsani and .
Saadatmanesh, 1997; Paterson and Mitchell, 2003; Chang et al, 2004; Chagnon
and Massicotte, 2005). The high modulus of elasticity and strength of CFRP
makes it suitable for applications as confinement for reinforced concrete columns
to enhance their axial strength and ductility. Federal Building in Port Alberni,
Canada, a reinforced concrete structure, was built in 1960. Port Alberni is
situated in one of the highest seismic zones of Canada. As the columns had
adequate shear strength but were weak in flexural strength, the columns were
wrapped full-height with one ply of CFRP. The Port Alberni Federal Building was
the first application of CFRP for the seismic upgrade of reinforced concrete
columns in western Canada (Foo et al. 1996). Ibach Bridge in Lucerne,
Switzerland was retrofitted with CFRP in 1991 (Meier 1995) and a highway
bridge in Dusseldorf was constructed in 1987 by using GFRP (Clark, 1988). The
material cost of FRP systems is relatively high compared to most conventional
construction materials (Aboutaha, 2001). Retrofitting with FRP is an expensive
way of seismically upgrading buildings. (Aboutaha, 2001). Thus this method is
not suitable for seismic retrofitting of ordinary structures such as residential
buildings.

1.4.2 Conventional Retrofitting Techniques

Conventional seismic design approach intends to dissipate energy under
earthquake excitations via the inelastic cyclic deformation of structural
components of a building. In this approach, the energy dissipation is usually
concentrated at the beam ends where weak beam strong columns approach is used
(Rocha et al. 2004). Buildings with inadequate seismic capacity are usually not
capable of dissipating such energy. Accordingly, conventional seismic
rehabilitation methods mainly focus on upgrading the strength and ductility of the
structural system of a building. Conventional rehabilitation of structures can be

provided by local and global retrofitting of the lateral load carrying system
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(Frosch, 2005; Tankut, 2008 Jirsa, 2006). Local retrofitting is generally used if the
number of members to be retrofitted is limited and the structure’s drift
requirements are satisfied. Global retrofitting methods are generally used when
retrofitting of a few members of the building may not be an adequate stand-alone
solution particularly due to the structure having insufficient stiffness to satisfy
code mandated drift requirements. In such cases, increasing the lateral stiffness of
the structure by introducing shear walls or steel braces into the structural system
offers a practical solution (Anil and Altin, 2007). In some cases both local and
global retrofitting methods are used together to enhance the seismic performance

of a building.

1.4.2.1 Local Retrofitting Techniques

Strengthening of deficient columns is one of the widely accepted techniques used
to enhance the seismic performance of moment resisting reinforced concrete
frames (Endo et al. 1984). Some conventional techniques of column
strengthening, such as concrete jacketing (Bett et al. 1988, Rodriguez and Park,
1994, Abdullah and Takiguchi, 2003) and steel jacketing (Sakino and Ishibashi
1985, Chai et al. 1990, Aboutaha et al. 1999) are available in the literature. Figure
1.3 shows an original and a reinforced concrete jacketed column section.
Jacketing with reinforced concrete layers increases the axial and shear load
capacity of the columns. Also the flexural capacity can be increased by this
method but, it is not an easy process due to the necessity of providing continuity
of the longitudinal bars (Tankut, 2008). Providing sufficient bond between the old
and new concrete is an important aspect of column retrofitting by concrete
jacketing (Julio et al. 2004).

11
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Figure 1.3 Original and R.C. jacketed column sections

Using steel angles at each corner of a column and connecting these angles with
bracing members is another local retrofitting method (Tankut, 2008). This method
is generally effective for increasing the axial and shear load capacity of the
columns. However, this method is not effective for increasing the flexural
capacity of the columns due to the difficulty of providing continuity of the

longitudinal steel angles at the corners.

Each strengthening technique has its own advantages and limitations depending
on practicability, cost-effectiveness, minimal reduction in useable floor area, and
effectiveness in enhancing the desired structural properties (Dipti and Durgesh,
2009). It is a well known fact that the success of the seismic retrofitting with
column jacketing technique is dependent on the monolithic behavior of the
composite element. (Julip et al. 2003; Bass et al. 1989; Julio et al. 2004). The
common practice to achieve this monolithic behavior consists of increasing the
roughness of the interface surface and applying a bonding agent. (Alcocer, 1993;
Julio et al. 2004). Steel connectors are also occasionally applied to provide this
monolithic behavior. (Julio et al. 2004). These construction steps involve
specialized workmanship, formwork, time and cost. In summary, long
construction times during seismic retrofitting, difficulty of the construction
methods and increasing the member sizes by column jacketing are among the
significant disadvantages of the local seismic retrofitting techniques (Naderzadeh
and Moinfar, 2004; Kelly, 1986; Soong and Dargush, 1997).

12



1.4.2.2 Global Retrofitting Techniques

Generally global level retrofitting is applied when the entire structural lateral load
resisting system is deemed to be deficient. (Thermou and Elnashai. 2005) Adding
shear walls, infill walls, steel bracings and wall thickening are the examples of
global conventional seismic retrofitting techniques. (Thermou and Elnashai, 2005;
Jirsa, 2006) Reinforced concrete shear walls are used to eliminate stiffness
eccentricities in a building or to increase the lateral load carrying capacity. The
newly added shear walls are usually located within the outer perimeter of the
structure thereby reducing interior interference (Jirsa, 2006). However, in some
cases, the presence of many windows around the building may create a problem in
retrofitting applications with shear walls. Generally, the shear wall reinforcement
is made continuous over the height of the building. Holes are bored into the beam
or slab to allow for the continuity of the longitudinal reinforcement and to
improve the force transfer between the wall and the beam/slab interface (Jirsa,
2006). Reinforced concrete frame of the buildings can also be retrofitted with
concrete infill shear panels to increase the lateral strength and stiffness of the
structure (Phan et al. 1993; Frosch, 2005; Jirsa, 2006). Rigid infill shear panels
act primarily as squat shear walls where pinching and strength degradation of such
systems may cause significant disadvantages from the performance point of view
(Mansour and Hsu, 2005). Because of the relative rigidity of the infilled bays, the
demand on the existing frame is substantially reduced (Phan et al. 1993). This is
especially true for buildings with rigid diaphragms (Building Seismic Safety
Council, 1992). The advantage of using infill shear panels instead of shear walls is
that the continuity of the longitudinal reinforcement throughout the height of the
building is not required in the case of the infill shear panels. Figure 1.4 shows the

construction of cast in place infill shear panels (Thermou and Elnashai, 2005).
A major drawback of the seismic rehabilitation by adding shear walls or panels is

the need for integrating the shear walls/panels with the rest of the structure.

(Thermou and Elnashai, 2005). The need for strengthening the existing

13



foundations to resist the increased overturning moment is another significant
drawback of seismic rehabilitation by adding shear walls (Bai, 2003; Thermou
and Elnashai, 2005; Frosch, 2005; Pincheira and Jirsa, 2005). Foundation
intervention is usually costly and quite disruptive, thus rendering the application
of this technique unsuitable for buildings without an existing adequate foundation
system (Thermou and Elnashai, 2005; Frosch, 2005). Additionally, the shear
wall/panel can obstruct the functional use of the building by impeding access and
functional circulation (Binici and Ozcebe, 2005; Frosch, 2005). The additional
weight of the shear walls/panels added to the weight of the structure is another
drawback of retrofitting with shear walls/panels,

Figure 1.4 Typical cast in place infill panel

1.4.2.3. Steel Bracing Techniques

Concentrically braced frames are among the most efficient structural steel systems
for resisting lateral forces because of the complete truss action provided by the
frame configuration (Dicleli and Mehta, 2009). Consequently, steel bracings are
also used for seismic retrofitting of reinforced concrete buildings. Applications of
steel bracing for the seismic retrofitting of ordinary reinforced concrete structures

14



can be found in the literature. Some applications of steel braces to the seismic
retrofitting of regular reinforced concrete structures are the Zaragoza Hospital in
Mexico City, (Badoux et al. 1990) and a school in Japan (Kawamata et al. 1980)
Nevertheless, very little is known about the effectiveness of steel braces for
improving the seismic performance of reinforced concrete structures (Maheri et al.
1997). However, it is a known fact that when subjected to strong ground motions,
the buckling of the braces results in a loss of lateral stiffness and strength of the
structural system (Dicleli and Mehta, 2009; Khatib et al. 1988). It may also be
difficult to achieve well-distributed ductility demands along the height of the
retrofitted structure due to the premature buckling of the braces at certain floor
levels resulting in soft-story formations, dynamic instability, and hence substantial
damage to the reinforced concrete frame members (Tremblay et al. 1996). A
buckled bracing system and its hysteretic load-deformation curve are given in
Figure 1.5 (a) and 1.5 (b) (Bruneau et al. 1998). The strength and stiffness
degradation associated with brace buckling is clearly observed from the figure.
Thus, seismic retrofitting of reinforced concrete buildings with braces that may
potentially buckle does not seem to be a feasible retrofitting solution. To prevent
poor performance characteristics associated with buckling, buckling restrained
braces have been developed and are commercially available in the market
(Andrews et al. 2009; Victoria and Larry, 2009). Nonetheless, these special braces
are categorized as hysteretic dampers (Pollino and Bruneau, 2007). These braces

are expensive to use in retrofitting applications of ordinary buildings.
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(b)

Figure 1.5 A buckled CBF and Hysteresis Loop

1.4.3. Evaluation of Seismic Retrofitting Techniques

From the review of literature on the innovative response modification and
conventional seismic retrofitting techniques, it is clear that, in addition to the
advantages of each seismic retrofitting technique, there are numerous
disadvantages. As stated earlier, innovative seismic retrofitting techniques which
include the application of seismic base isolation technology, energy dissipation
devices (dampers) and FRP are too expensive to use for seismic retrofitting of
ordinary buildings especially in developing countries (Ahmad et al. 2009; Meftah
et al. 2007). Accordingly, response modification technology is applied almost

entirely to historical, large and expensive buildings or buildings housing sensitive
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internal equipments such as computer centers, chip fabrication factories,
emergency operation centers, hospitals, airports, museums, city halls, capitols and
so on. In order to apply the advanced technology of response modification
techniques in poor countries or in low-cost buildings, a further study for reducing
the cost must be carried out (Moon et al. 2002). Conventional seismic retrofitting
methods may be used to mitigate the risk that currently exists for seismically
vulnerable reinforced concrete structures. Some of these methods are; addition of
shear walls or steel braces, column jacketing for weak column strong beam frames
and steel jackets for overcoming problems related to poor detailing of
reinforcement splice or anchorage in reinforced concrete members (Jirsa, 2006).
However, most of these retrofitting methods lead to heavy demolition, lengthy
construction time, reconstruction, and occupant relocation (Kelly, 1986; Soong
and Dargush, 1997; ATC-17, 1986).

Consequently, a seismic retrofitting system with a philosophy that will

concentrate on combining the advantages of both conventional and modern

response modification seismic retrofitting techniques is proposed in this thesis.
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CHAPTER 2

THE PROPOSED RETROFITTING SYSTEM

2.1 Introduction

Concentrically braced frames are among the most efficient structural steel systems
for resisting lateral forces because of the complete truss action provided by the
frame configuration (Dicleli and Mehta 2009). Consequently, steel bracings are
also used for seismic retrofitting of reinforced concrete buildings. However, it is
a known fact that when subjected to strong ground motions, the buckling of the
braces results in loss of lateral stiffness and strength of the structural system
(Dicleli and Mehta 2009; Khatib et al. 1988). Thus, seismic retrofitting of
reinforced concrete buildings with braces that may potentially buckle does not
seem to be a feasible retrofitting solution. Hence, this research study is focused
on a proposed braced retrofitting system that is capable of dissipating the
earthquake input energy without buckling of the braces. The proposed system is
composed of chevron braces and a conventional energy dissipating shear link
connected between the braces and the beam (either a steel collector beam
connected to the reinforced concrete beam or the reinforced concrete beam itself).
Figure 2.1 shows the proposed retrofitting system. Figure 2.2 shows a recent (July
2009) application of the proposed retrofitting system to one of the buildings used
in this research study. The shear link is designed to yield in shear under the effect
of the horizontal components of the brace axial forces before the compression
brace buckles. It is built using a compact steel HP section. HP sections are
composed of stocky plates and are generally used for piles due to their ability to
sustain high axial impact loads during pile driving. Accordingly, such sections are
capable of undergoing large inelastic deformations, as was validated by an earlier
research study (Dicleli and Albhaisi, 2004). For seismic retrofitting of reinforced

concrete buildings, the proposed system is inserted into the bays of reinforced
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concrete frames to improve the stiffness, strength and energy dissipation capacity
of the building.

This chapter contains information about the design methodology of the proposed
retrofitting system as well as the finite element analyses of a sample, two stories,
one bay reinforced concrete frame retrofitted with various configurations of the
proposed retrofitting system to study the stress distribution within the reinforced
concrete frame members for each configuration. From the finite element analyses
results the most efficient configuration is selected for the retrofitting study. The
finite element analyses are conducted by using the nonlinear finite element based
software ANSYS ver. 10.0. (2009)

Stiffenert— < beam
HP Section
Stiffener? \:
N
Braces

Figure 2.1 Details of the shear element connections in the proposed retrofitting
system (Dicleli and Mehta, 2009).
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Figure 2.2 A recent application of the proposed retrofitting system to Halkbank
Eskisehir branch office building

2.2 Design Methodology of the Proposed Seismic Retrofitting System

The design methodology of the proposed retrofitting system is taken from Dicleli
and Mehta (2009). In the proposed retrofitting system composed of braces and a
shear link, the buckling instability of the braces is prevented to achieve a more
stable lateral force-deformation behavior of the building and to avoid damage to
the braces and other structural members. The buckling instability of the braces is
prevented by allowing the shear link to yield in shear before the compression
brace buckles. In the shear link, the shear force created by the horizontal
components of the brace axial forces is constant along its length. This allows for
the development of large plastic deformations without the development of
excessive local strains that normally occurs in flexural yielding (Bruneau et al.
1998). Consequently, shear yielding provides more effective energy dissipation
than that of flexural yielding (Kasai and Popov, 1986 (a)) and hence, it is adopted
for the design of the shear link in the proposed retrofitting method. At the verge of
buckling instability of the compression brace, the axial tensile and compressive
forces in the tension and compression braces are both equal to the buckling load,
Pp. Consequently, to prevent buckling instability of the compression brace, the
shear link is designed to have a shear capacity, Vy, less than twice the horizontal
component of the buckling load of the braces (Figure 2.3). Thus;
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sV, < 2Py cosa (2.1)

In the above equation, « is the angle that the chevron braces make with the
horizontal, ¢s is an over-strength factor to account for the variations in material
strength and strain hardening effect for the shear link and Vy is expressed as
(AISC-LRFD, 2001);

V, = 0.6F,d,,t, (2.2)
where Fy is the yield strength of steel, and dy and t are the depth and thickness of

the web.

Furthermore, the length, hs, of the shear link needs to be determined such that
yielding occurs in shear before its plastic moment capacity, My, is reached. For the
calculation of hs, a rectangular Vy-M, interaction is assumed based on the
experimental test results of Kasai and Popov (1986 (a)). Thus, neglecting the
strain hardening effect, the length of the cantilever shear link must be smaller than
M,/Vy to ensure shear yielding. However, due to strain hardening effect, the shear
link's plastic base moment, M,, and shear, Vy, may increase. The increase in M,
and Vy is accompanied by large flange strains that may result in premature failure
of the welded shear link-beam connection due to low cycle fatigue effects. To
prevent such a premature failure, an upper bound of 1.2M, and a corresponding

shear of 1.5V, have been suggested by Kasai and Popov (1986). Thus;

hy < =22 = 0822 (2.3)

1.5V, vy

Designing the shear link based on the above equations will ensure a more efficient
energy dissipation based on shear rather than flexural yielding and a more
satisfactory performance of the proposed retrofitting system without global

buckling instability of the braces.
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Figure 2.3 Determination of shear link length

2.3 Application of the Proposed Retrofitting System with Various

Configurations

The proposed system can be applied in various configurations where (i) the link
and the braces are directly connected to the reinforced concrete members via steel
plates, bolts and epoxy grouting as shown in Figure 2.4 (a) (Configuration 1), (ii)
the link is connected to a collector steel beam attached to the concrete beam and
the rest of the members are connected to the reinforced concrete members via
steel plates as shown in Figure 2.4 (b) (Configuration 2), (iii) the link and the
braces are housed in a steel frame system (steel panel) where the steel frame is
connected to the reinforced concrete members by steel bolts and epoxy grouting

as shown in Figure 2.4 (c) (Configuration 3).
In the subsequent sections finite element modeling and analyses results for the

three configurations introduced above are presented. From the analyses results,

the most efficient retrofitting configuration is selected.
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Figure 2.4 Various configurations of proposed seismic retrofitting system in the

(b) (©)

reinforced concrete frame (a) Configuration 1, (b) Configuration 2, (c)

Configuration 3

2.4 Details of the Sample Reinforced Concrete Frame and the Proposed
Retrofitting System

This subsection contains information about the details of a two stories, one bay
reinforced concrete frame retrofitted with various configurations of the proposed
seismic retrofitting system. This frame is used to choose the most efficient
configuration of the proposed retrofitting system from the finite element analyses

results presented later.

The aforementioned reinforced concrete frame is extracted from the office
building used in this study. The dimensions of the structural members of the frame
are slightly modified to accommodate the steel retrofitting system configurations
used in finite element analyses. Furthermore, a more common 20 Mpa concrete
strength is assumed for the frame. An elevation plot of the frame is shown in
Figure 2.5. The dimensions of the rectangular columns on the left and right sides
of the frame are respectively 0.3 m x 0.6 m and 0.4 m x 0.25 m at the first story
level and 0.25 m x 0.40 m and 0.40 m x 0.25 m at the second story level. The
beams at both story levels have identical cross sections of 0.25 mx 0.5 m (widthx
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depth). The dimensions of the steel members used in the proposed retrofitting

system of the sample frame are given in Table 2.1,

0.5m
0.25m 0.4m

2.25m

05m
0.3m 0.4m 36m

Figure 2.5 Member sizes of the sample two story one bay reinforced concrete

frame

Table 2.1 Properties of the steel retrofitting system

Sections
Shear Link | Braces | Frame
1 HE200M |HE120M | HE220B
2 HE180M |HE100M |HE220B

Story

2.5 ANSYS Modeling of the Retrofitted Sample Frame

The finite element modeling details of the one bay, two stories reinforced concrete
sample frame retrofitted with the proposed seismic retrofitting system are
presented in this subsection. The finite element models of the reinforced concrete
frame were built in two different levels of complexity. The first set of models is
two dimensional while the second set are three dimensional solid linear elastic

models. The two dimensional models are built to observe the global distribution
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of flexural and shear stresses within the reinforced concrete members of the frame
and to assess the stiffness and strength (the strength at the verge of shear link
yielding) of the frame associated with the three retrofitting configurations tested
as part of this study. The more complicated solid models are used to observe the
stress distribution within critical regions of the reinforced concrete frame around

the link and at the corners where braces are connected to.

2.5.1 Two Dimensional Modeling

Two dimensional (2-D) finite element models of the reinforced concrete frame
were built using the nonlinear finite element based software ANSYS (2009). Two
different beam elements were used in the finite element modeling of the frame.
The reinforced concrete frame members as well as the shear link and steel frame
members of the retrofitting system were modeled using the BEAM189 element. In
the case of the steel braces of the retrofitting system, BEAMA44 is used to account
for the moment releases at the ends of the steel braces. In the ANSYS (2009)
modeling of the frame, key-points (nodal points) are introduced at the locations
where the steel retrofitting system is connected to the reinforced concrete frame
by bolts and epoxy grouting (Figure 2.6 (a) and (b)). The mesh sizes of the
BEAM189 members connected between the key-points are set equal to the bolt
spacing. The rigid joints of the reinforced concrete frame were also modeled using
BEAM189 with a large modulus of elasticity. The finite element models of the
reinforced concrete frames for the three retrofitting configurations employed in

this study are shown in Figure 2.7.
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Figure 2.6 Connection details of the steel and reinforced concrete elements (a) for

beam connections, (b) for column connections

alkly

Figure 2.7 Two dimensional finite element models of the proposed retrofitting
system with various configurations. (a) Configuration 1, (b) Configuration 2, (c)

Configuration 3
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2.5.2 Three Dimensional Solid Modeling

Three dimensional (3-D) partial solid models of the critical regions of the
reinforced concrete frame around the link and at the corners where the braces are
connected were built to more precisely evaluate the stress concentrations at these
locations. The partial solid models were built such that the behavior of the overall
frame is simulated correctly. This required the structural analyses of the 2-D
model of the frame under lateral load before the partial models could be built. For
the region around the link, a local T-shaped section of the frame is modeled to
investigate the stress distribution within that region as shown in Figure 2.8 by
thick solid lines. The length of the beam element where the link is connected to is
determined as the distance between the inflection points along the beam obtained
from the moment diagram of the 2-D retrofitted reinforced concrete frame model
under lateral load. Roller supports are assigned at two ends of the beam to allow
for movement under lateral load while a hinge support is assigned at the end of
the link to allow for the formation of a similar moment diagram as in the case of
the full model as shown in Figure 2.8. A lateral load required to yield the link is
then applied at the roller on the left of the link. For the region around the corner
where the brace is connected, a rotated T-shaped section of the frame is modeled
to investigate the stress distribution within that region as shown in Figure 2.8 by
thick solid lines. The length of the column element connected to the joint is
determined as the distance between the inflection points along the column
obtained from the moment diagram of the 2-D retrofitted reinforced concrete
frame under lateral load. The length of the beam element connected to the joint is
determined as the distance between the joint and the inflection point along the
beam. A roller support is assigned at the end of the beam to allow for movement
under lateral load while a hinge support is assigned at the base (at the inflection
point) of the lower column to allow for the formation of a similar moment
diagram as in the case of the full model as shown in Figure 2.8. A lateral load
equal to the shear in the upper column is applied at the top of the upper column to
produce the same moment distribution as in the case of the full model. In addition,

a lateral load equal to the summation of the shear in the lower column and the
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horizontal force of the axial load in the brace minus the shear in the upper column
Is applied to the joint where all the members are connected to. The brace
compressive axial force is also applied at the end of the brace to accurately

simulate the actual stress distribution within the frame members.

Inflection Point

Moment
Diagram : N
Fik | |
Vi
N 3
F 0

Figure 2.8 Details of the solid models

The solid models of the critical parts of the frame are built using the program
ANSYS (2009). Solid element is used to model the reinforced concrete and steel
members. Full composite action is assumed between the reinforced concrete and
steel members. For Configuration 1, 25 mm thick steel plates are introduced at the
locations where the link and the braces are connected to the reinforced concrete
surfaces. The plate elements are also modeled using solid elements in ANSYS.
Rigid plate members at the support locations and points of load applications are
introduced to ensure a realistic stress distribution within the reinforced concrete
members of the frame. The partial ANSYS models corresponding to the cases

where steel housing frame is excluded from (Configuration 1) and included in

28



(Configuration 3) the retrofitting system is shown in Figure 2.9 (a) and (b)
respectively. The preprocessor program Solidworks and automatic mesh
generation feature of the program ANSYS are used to build the finite element

models.

0.00 500.00 1000.00 ()
N

250.00 750.00

(@) (b)

Figure 2.9 Solid Models used in the 3-D analyses, (a) steel housing frame is

excluded from the model, (b) steel housing frame is included in the model

2.6 Analyses Results

Two sets of analyses are conducted. In the first set of analyses (Analyses case 1),

for each retrofitting configuration tested, the lateral load pattern was selected to
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provide simultaneous yielding of the shear links at the two story levels. This
resulted in different lateral load patterns and base shears for each retrofitting
configuration. This was done for the comparative assessment of the strength (the
strength at the verge of shear link yielding) and associated stress distribution
within the members of the reinforced concrete frames retrofitted with various
configurations. In the second set of analyses (Analyses case 2), a single load
pattern is applied on all the frames (average of the loads applied on the frames
retrofitted with Configuration 1 and 2. In this case the base shear is identical for
all the cases. This was done to facilitate the comparison of the stress distribution
within the reinforced concrete members of the frames for all the retrofitting
configurations including the case where no retrofitting was done (no retrofitting

case is only for the 2-D analyses).

2.6.1 Analyses Results for the Two Dimensional Models

The analyses results obtained from the two dimensional linear finite element
analyses were comparatively evaluated for various configurations of the proposed
seismic retrofitting method. The analyses results for analyses cases 1 and 2 are
given in Table 2.2. and 2.3 respectively. The Configuration 4 given in Table 2.3 is
the bare reinforced concrete frame without the retrofitting system. Tables 2.2 and
2.3 compare the stiffness, base shear, top displacement, axial and shear stress
distributions within the reinforced concrete members of the frame retrofitted with

various configurations of the proposed retrofitting system.

For Analysis Case 1, as observed from Table 2.2, the retrofitting system with the
additional steel frame housing the link and the braces (Configuration 3) produces
a structural system with a much higher elastic stiffness compared to the
retrofitting system with the collector beam (Configuration 2) and the one that
includes only the braces and shear link (Configuration 1). Consequently, it is
expected that the lateral drift of the frame will be smaller when retrofitting
Configuration 3 is used. This, in turn, may result in less damage to the

nonstructural and reinforced concrete structural components of the building
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during a potential earthquake. Moreover, the presence of the steel frame members
in Configuration 3 increased the base shear capacity of the building by around
30% compared to Configurations 1 and 2 (at the verge of yielding of the shear
links). This means that the building retrofitted with Configuration 3 may remain
within the elastic range at higher seismic loads. The retrofitting Configuration 3 is
also useful for providing additional vertical support to the reinforced concrete
frame to resist the gravity loads against any potential collapse situation. Table 2.2
also shows the maximum axial and shear stress values within the reinforced
concrete members. For all the cases considered the shear stresses are small. The
axial stresses are larger for Configuration 1 and comparable for Configurations 2
and 3 although the frame with Configuration 3 is exposed to larger lateral loads
(to cause yielding of the link). The distributions of axial stresses are shown in
Figures 2.10, 2.11 and 2.12 while the distributions of shear stresses are shown in
Figures 2.13, 2.14 and 2.15. As observed from the figures the stresses are more
intense around the link, at the joints and support locations. However, all the axial

stresses are smaller than the 20 MPa strength of the concrete.

In Table 2.2, an important point to be noted is the slightly smaller base shear force
of Configuration 2 in comparison to that of Configuration 1 of the proposed
retrofitting system. The reason for the smaller base shear in the case of the frame
with retrofitting Configuration 2 is the presence of the collector beam. The
collector beam reduces the height of the retrofitted bay and hence that of the
braces. Consequently the braces are now inclined at a smaller angle, 0, from the
horizontal. Since the yielding of the shear link is controlled by the sum of the
horizontal components of the brace axial forces (2P, Cos0), a smaller lateral force
due to the smaller angle 0 (Cos0 is larger) is required to yield the link in the case
of the frame with a collector beam (Configuration 2).

The analyses results for Analysis Case 2 where all the frames are subjected to the
same lateral load are presented in Table 2.3. As observed from the table,
retrofitting Configuration 3 produces the smallest axial stresses in the reinforced

concrete members. The bare frame (Configuration 4) has a very large concrete
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axial and shear stresses when it is subjected to the same lateral load as the other

retrofitted frames. This clearly shows the benefits of using the proposed

retrofitting system within the elastic range. The distributions of axial stresses are

shown in Figures 2.16, 2.17, 2.18 and 2.19 while the distributions of shear stresses

are shown in Figures 2.20, 2.21 2.22 and 2.23. As observed from the figures the

stresses are more intense around the link, at the joints and support locations.

Table 2.2 Finite element analyses results for Analysis Case 1

. . Stiffness | Base Shear | Displacement Axial Stress Shear Stress
Configuration (kN/m) (kN) (mm) (MPa) (MPa)
Column | Beam | Column | Beam
1 32500 455 14.0 9.5 16.4 | 0.9 2.0
2 40090 445 11.1 8 56 | 0.62 | 1.83
3 50609 582 115 10 7.7 1.37 2.9

Table 2.3 Finite element analyses results for Analysis Case 2

. . Axial Stress Shear Stress
Configuration S(Emris)s Bas(eklir)lear Dls;:)(Ir;aq(;ﬁ;nent (MPa) (MPa)
Column | Beam | Column | Beam
1 32500 450 13.8 9.4 16.2 0.9 2.0
2 40090 450 11.4 8.1 5.9 0.6 1.9
3 50609 450 8.9 7.7 5.7 1.0 2.2
4 3125 450 144.0 61.8 | 61.8 5.4 4.5
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-16358 9500, —2645 1212 11068
-12929 -6073 783.517 7640 14496

Figure 2.10 Axial stresses on reinforced concrete elements for the first loading
case and the Configuration 1

~8007 ] -1952 1076 4103
-6404 -3466 -438.101 2500 5617

Figure 2.11 Axial stresses on reinforced concrete elements for the first loading
case and the Configuration 2
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Figure 2.12 Axial stresses on reinforced concrete elements for the first loading

case and the Configuration 3

-924.81 -257.541 409.727 1077 1744
=591.1%5 76.093 743.361 1411 2078

Figure 2.13 Shear stresses on reinforced concrete elements for the first loading

case and the Configuration 1
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Figure 2.14 Shear stresses on reinforced concrete elements for the first loading
case and the Configuration 2

-891.357 52.589 996.534 1940 2884

Figure 2.15 Shear stresses on reinforced concrete elements for the first loading

case and the Configuration 3

35



-16169 —9388 —2607 2174 10955
~12779 ~5998 783. 462 7565 14346

Figure 2.16 Axial stresses on reinforced concrete elements for the second loading

case and the Configuration 1

-8151 -5065 -1979 1107 4193
-6608 =3522 -435.866 2650 5736

Figure 2.17 Axial stresses on reinforced concrete elements for the second loading
case and the Configuration 2
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Figure 2.18 Axial stresses on reinforced concrete elements for the second loading

case and the Configuration 3
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-56672 -27061 2550 32161 61772

Figure 2.19 Axial stresses on reinforced concrete elements for the second loading
case and the Configuration 4
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Figure 2.20 Shear stresses on reinforced concrete elements for the second loading

case and the Configuration 1
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Figure 2.21 Shear stresses on reinforced concrete elements for the second loading
case and the Configuration 2
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Figure 2.22 Shear stresses on reinforced concrete elements for the second loading
case and the Configuration 3
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Figure 2.23 Shear stresses on reinforced concrete elements for the second loading
case and the Configuration 4
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2.6.2 Analyses Results for Solid Models

The results obtained from the linear three dimensional finite element analyses are
comparatively evaluated for two Configurations (1 and 3) of the proposed seismic
retrofitting method. These results are presented in Tables 2.4, 2.5 and 2.6 for the
upper link joint and the lower left joint of the sample frame for the two analyses
cases considered. The distributions of the axial stresses are shown in Figures 2.24,
2.25, 2.26 and 2.27 for Analysis Case 1 and in Figures 2.28 and 2.29 for Analysis
Case 2. The analyses results revealed that high axial stress concentrations around
the connections of the link and the braces to the reinforced concrete frame
members occur in the case of Configuration 1. The magnitude of these stresses
exceed the compressive resistance of the concrete as noted from the 83 MPa and
47 MPa stresses in Tables 2.4 and 2.5. This is indicative of local damage to the
concrete members. Such local damages may be amplified under cyclic loading
resulting in loosening of the connections of the steel members to the reinforced
concrete members of the frame. In the case of Configuration 3 however, the
presence of the housing steel frame results in a more even distribution of forces
transferred from the link and braces to the reinforced concrete members of the
frame. This results in much lower stresses in the reinforced concrete members as
noted from the 5.5 MPa and 10 MPa stresses in Tables 2.4 and 2.5. The findings
from the analyses of more refined 3-D solid model are in good agreement with
those from the analyses of the 2-D model. Consequently, it is expected that
Configuration 3 will offer a better seismic retrofitting solution for reinforced

concrete buildings.
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Table 2.4 Finite element analyses results for the upper link joint for Analyses
Cases land 2

Axial Stress
Configuration| (MPa)
Beam
1 83
3 55

Table 2.5 Finite element analyses results for the lower left joint for Analysis Case

1
Axial Stress
Configuration (MPa)
Column (Upper) | Column( Lower) | Beam
1 35 27 47
3 13 12 10

Table 2.6 Finite element analyses results for the lower left joint for Analysis Case

2
Axial Stress
Configuration (MPa)
Column (Upper) | Column( Lower) | Beam
1 25 34 20
3 11 7 9.5
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Figure 2.24 Axial stresses on reinforced concrete beam element at the location of

the link with a maximum stress of 83MPa for Analyses cases 1 and 2 and for

Configuration 1;(a) side view, (b) bottom view
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Figure 2.25 Axial stresses on reinforced concrete beam element at the location of

the link with a maximum stress of 5.5MPa for Analyses Cases 1 and 2 and for
Configuration 3; (a) side view, (b) bottom view
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Figure 2.26 Axial stresses on reinforced concrete elements at the lower left joint
of the frame with a maximum stress of 47 MPa for Analysis Case 1 and for
Configuration 1.

Figure 2.27 Axial stresses on reinforced concrete elements at the lower left joint
of the frame with a maximum stress of 13 MPa for Analysis Case 1 and for

Configuration 3.
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Figure 2.28 Axial stresses on reinforced concrete elements at the lower left joint
of the frame with a maximum stress of 34 MPa for Analysis Case 2 and for

Configuration 1.

Figure 2.29 Axial stresses on reinforced concrete elements at the lower left joint

of the frame with a maximum stress of 9.5 MPa for Analysis Case 2 and for
Configuration 3.

2.7 Summary

Comparative finite element analyses of a sample, two stories, one bay reinforced
concrete frame retrofitted with various configurations of the proposed retrofitting

system are conducted to identify the configuration with the most benefits.
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From the 2-D and 3-D finite element analyses results, Configuration 3 where the
link and the braces are encased in a steel frame system (Figure 2.4 (c)) was
observed to increase the stiffness and strength of the frame while decreasing the
stress concentrations within the reinforced concrete members of the frame and
providing support to the reinforced concrete structure to prevent potential collapse
due to gravitational effects after a potential damaging earthquake. Accordingly,

Configuration 3 is selected for the retrofitting of the buildings used in this study.
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CHAPTER 3

SELECTED BUILDINGS FOR SEISMIC RETROFITTING

3.1 Introduction

Two existing buildings are selected to test the efficiency of the proposed seismic
retrofitting method. The first building is a two storey school building, located in
Cankiri-llgaz. The second building is a six storey office building located in
Eskisehir. The first building is chosen to represent low-rise buildings while the
second one is selected to represent mid-rise buildings. The appropriate selection
of the buildings enabled testing the efficiency of the proposed seismic retrofitting

technique for the most widely used reinforced concrete structure types in Turkey.

The buildings selected for seismic retrofitting have some common properties.
These properties are; nearly symmetrical floor plans, a moment resisting frame
system (i.e. no shear walls) and poorly detailed reinforced concrete structural
members. Furthermore, both buildings are located in areas with high risk of

seismic activity.

3.2 School Building

3.2.1 General Properties

Fatih Sultan Mehmet Primary School is located in Ilgaz, Cankiri, Turkey. It is a
two story reinforced concrete structure. A photograph of the school building is
shown in Figure 3.1. The school was built in 1987 in compliance with the 1975

Turkish Seismic Design Code (Turkish Republic Ministry of Public Works 1975).
Therefore the seismic capacity of the building is not sufficient according to the
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current Turkish seismic design code. (Turkish Republic Ministry of Public Works
2007)

Figure 3.1 Fatih Sultan Mehmet Primary School

The structural system of the building is composed of reinforced concrete moment
resisting frames. In the long direction of the building the frames generally have
eight bays (four 3.6 m and four 7.2 m wide) and in the short direction of the
building the frames generally have two bays (7.2 m wide). The heights of the first
and second stories are 3.2 m. The floor plans of the building are shown in Figure
3.2. The slab thickness is 0.20 m in the first story and 0.15 m in the second story.
The first and second story structural member sizes are identical. The dimensions
of the most of the rectangular columns are 0.3 m x 0.5 m while the remaining
columns near the wider bays have cross sections larger than 0.3 m x 0.5 m and up
to 0.55 m x 0.50 m. All the beams supporting the large 7.2x7.2 m slabs are 0.3-0.4
m wide and 0.7 m deep, while the remaining beams are 0.3 m wide and 0.50 m
deep. The dimensions of the beams and columns are given in Table Al in
Appendix A. In the table, the beams are labeled as B-s-x(al-a2) where s is the
story number, X is the axis label along the beam and al and a2 are the axis labels
at the left and right ends of the beam. The columns are labeled as C-s-xy where s
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Is the story number, and x and y are the orthogonal axes intersecting at the
column. The reinforced concrete frame bays of the building are filled with brick

masonry walls.

The low compressive strength of the concrete and the smooth reinforcement steel
used in the construction of the building are the important deficiencies of the
structure. The materials considered in the modeling are a low strength concrete
class C16 and the smooth reinforcing steel of class St.220 (Turkish standards).
The compressive strength and the modulus of elasticity of the concrete are
respectively: f;=16 MPa and E.=18,800 MPa. The yield strength and the modulus
of elasticity of the steel are f;,=220 MPa and Es=200,000 Mpa respectively.
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Figure 3.2 Floor plans of the Fatih Sultan Mehmet Primary School

3.2.2 Soil and Seismic Zone Properties

The School is located in an area near the North Anatolia Fault Line. Soil
characteristic of the site is a mixture of stiff, clayey and silty sand. Soil type is
classified as group C per Turkish Seismic Design Code (Turkish Republic
Ministry of Public Works 2007) and Z2 per Turkish Republic Ministry of
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Transportation Railways, Harbors and Airports Construction General Directorate
(DLH) code.

3.2.3 Determination of Shear Critical Members

For the building under consideration the shear end flexural capacities of all the
reinforced concrete members are estimated. To determine the reinforced concrete
members that may fail in shear (shear critical members) prior to the formation of
flexural plastic hinges at the member ends first, the maximum shear that a
reinforced concrete member can be subjected to up on formation of flexural

plastic hinges is calculated using the following equation;

Mp1+Mp2

Vinax = ¢T (3.1)

where ¢ is the over-strength factor taken as 1.30 (FEMA-356, 2000), M,; and
My, are the flexural capacities at each one of the member ends and L is the
member length. Next, the calculated shear capacities of the reinforced concrete
members are compared with the maximum shear calculated using the equation
above. For the building under consideration, it is found that none of the members
fail in shear prior to the formation of flexural plastic hinges at the member ends.
Therefore, in the nonlinear analyses of this particular building full flexural plastic

formation at the member ends is assumed.

3.3 Office Building

3.3.1 General Properties

Halkbank Eskisehir branch office building is located in Tepebasi, Eskisehir-
Turkey. It is a six story reinforced concrete structure. A photograph of the office

building during seismic retrofitting construction is shown in Figure 3.3. The

building was built in 1950. Therefore, the seismic capacity of the building is not
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sufficient according to the current Turkish seismic design code (Turkish Republic
Ministry of Public Works 2007).

Figure 3.3 Office building under rehabilitation

The structural system of the building is composed of reinforced concrete moment
resisting frames. In the long direction of the building the frames generally have
four bays and in the short direction of the building the frames generally have two
bays. The height of the first story is 2.9 m while the height of the second story is
3.85 m. The heights of the remaining stories are 2.75 m. The floor plan of a
typical story in the building is shown in Figure 3.4. The slab thickness is 0.10 m
in all the stories. The beam sizes in all the stories are generally identical and the
column sizes decrease at the upper storey levels. Dimensions of the rectangular
columns are generally 0.5 m x 0.5 m at the lower story levels while the remaining
column sizes decrease to 0.2 m x 0.2 m at the uppermost story levels. Generally,
the beams are 0.1 m wide and 0.50 m deep. The dimensions of the beams and
columns are given in Table A2 in Appendix A. No brick masonry walls exist in
the building. Most of the reinforced concrete frame bays are filled with timber

window frames and a limited number of them are filled with thin gypsum walls
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with negligible structural resistance. The low compressive strength of the concrete
and the smooth reinforcement steel used in the construction of the building are the
important deficiencies of the structure. The materials considered in the modeling
are a low strength concrete class C13 and the smooth reinforcing steel of class
St.220 (Turkish standards). The compressive strength and the modulus of
elasticity of the concrete are respectively: f;=13 MPa and E.=16,900 MPa. The
yield strength and the modulus of elasticity of the steel are fy,=220 MPa and
Es=200,000 Mpa respectively.

3.3.2 Soil and Seismic Zone Properties

The office building is located in an area at a distance of nearly 100km from the
North Anatolia Fault Line. Soil characteristic of the site is composed of alluvial
ground due to the presence of nearby Porsuk creek. The soil type is classified as
group D per Turkish Seismic Design Code (Turkish Republic Ministry of Public
Works 2007) and Z4 per Turkish Republic Ministry of Transportation Railways,
Harbors and Airports Construction General Directorate (DLH) code.

3.3.3 Determination of Shear Critical Members

Similar to the school building the shear and flexural capacities of all the
reinforced concrete members of the office building are estimated. The calculated
shear capacities of the reinforced concrete members are then compared with the
maximum shear calculated using Equation 3.1. It is found that a few columns and
one beam do not have adequate shear capacity to allow for flexural plastic hinge
formation at the member ends. Obviously, this will dramatically reduce the lateral
displacement capacity of the building under earthquake loads. To prevent such a
poor seismic performance, these members are retrofitted using steel angles and
braces to upgrade the shear capacity while keeping the flexural capacity at the
same level (the steel members used to upgrade the shear capacity of the columns
are terminated at a distance of 50 mm from the member ends). Following this

local retrofitting, none of the members will fail in shear prior to the formation of
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flexural plastic hinges at the member ends. Therefore, in the nonlinear analyses of
this particular building full flexural plastic formation at the member ends is

assumed.
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Figure 3.4 A typical floor plan of the office building
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CHAPTER 4

SITE SPECIFIC RESONSE SPECTRA AND RESPONSE SPECTRA
COMPATIBLE GROUND MOTIONS

4.1 Introduction

A number of linear and nonlinear structural analyses were conducted to assess the
seismic performance of the original and retrofitted example buildings used in this
research study. Response spectrum (RS) analyses were conducted to determine
the lateral load patterns along the height of the buildings. These lateral load
patterns are used in the nonlinear pushover (NLP) analyses. RS analyses were also
used within the iterative procedures for the retrofitting design of the buildings
used in this study. These RS analyses necessitate appropriate acceleration
response spectra that reflect the site seismic characteristics. The significance of
the appropriate selection of the design response spectra originates from the
importance of simulating the actual magnitude and pattern of the seismic loads
that act on the building. Design seismic loads for reinforced concrete structures
rely on the peak ground acceleration (PGA) values and the shapes of the response
spectra (Paz, 1994). The PGA values and the shape of the response spectra tightly
depend on the earthquake magnitude, the distance from the earthquake source and
the local geological conditions. Underestimation of PGA or wrong evaluation of
response spectra may lead to severe damages during earthquakes (Sokolov, 2000).
Consequently, at present, instead of using standard response spectra available in
the design codes, it is crucial to construct site-specific response spectra (SSRS)
reflecting the influence from different magnitude events at different distances as
well as the variety of local site conditions (Sokolov, 2000). In this study SSRS
approach was used to obtain the design response spectra for the analyses and
retrofitting design of the buildings under consideration. The procedure used to

construct the design response spectra are presented in the following sections. To
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accurately simulate the nonlinear behavior of the selected buildings under the
effect of ground motions, nonlinear time history (NLTH) analyses were
conducted. These NLTH analyses required an accurate estimation of the probable
earthquake excitations at the building site. Consequently, SSRS compatible
accelerograms were obtained to accurately simulate the effect of the probable
earthquakes at the building site. The procedure to obtain the SSRS compatible

accelerograms is given in section 4.5.

4.2 Procedure to Obtain Site Specific Response Spectra

SSRS were mainly obtained for conducting RS analyses as part of iterative
seismic retrofitting design procedure, determining the lateral load pattern along
the height of the building for NLP analyses and for obtaining site specific ground
motions for NLTH analyses. SSRS were obtained by a method which takes into
account the distance of the location of the structure to the fault and local soil
conditions. This requires the determination of the approximate global coordinates
of the building site. The approximate coordinates of the example buildings were
obtained by using the Google Earth software (Google, 2009) which considers the
satellite photos of the locations and gives coordinates as latitudes and longitudes.

The formulation for the determination of the SSRS is taken from the Turkish
Republic Ministry of Transportation Railways, Harbors and Airports Construction
General Directorate (DLH) code (Yiiksel Proje, 2007). The procedure for
obtaining SSRS curves requires two spectral acceleration parameters, Sps and Sy
respectively for short period and one second period of the response spectra. These

parameters are given as;
SMS = FaXSS

SMI = vasl

Ss and S; are the spectral acceleration parameters for site specific spectra which
are given in the DLH design code as a function of the coordinates of the structure

for soil type B (stiff soil). The parameters F, and F, in the above equations relate
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these Sg and S;values to soil types other than type B. These parameters (F, and F,)

are soil factors for short period and one second period, which are defined in

Tables 4.1 and 4.2 respectively.

Table 4.1 Short period soil factor F,

) Short Period Spectral Acceleration
ol Type
Ss<0.25 | S5 =050 | Ss=0.75 | Ss=1.0 | $s=1.25
A 0.8 0.8 0.8 0.8 0.8
B 1.0 1.0 1.0 1.0 1.0
C 1.2 1.2 1.1 1.0 1.0
D 1.6 1.4 1.2 1.1 1.0
E 2.5 1.7 1.2 0.9 0.9
F b 5 D 5 m
Table 4.2 One second period soil factor F,
- One second period spectral acceleration
Sol Type $1<01 | 51=020 | $1=03 | $1=04 | 5,205
A 0.8 0.8 0.8 0.8 0.8
B 1.0 1.0 1.0 1.0 1.0
C 1.7 1.6 1.5 1.4 1.3
D 2.4 2.0 1.8 1.6 1.5
E 3.5 3.2 2.8 2.4 2.4
F . 5 i b 5

The shape of the design response spectrum (Figure 4.1) for various period ranges

are defined by the following equations.

Sue(T) = 0.4y +

Sae (T) = Sms

S
Sae (T) = %

0.6Sms
To

T
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(4.3)



T, = 2 (4.4)

Sms
Ty = 0.2T; (4.5)

where Ty and T are defined as the spectrum corner periods and T is given as 125,
which is beyond the range of the vibration period interval of the buildings

considered in this study.

Swi
0.45Ms

1o 15 1.0 I T
Figure 4.1 Symbolic shape of response spectrum

SSRS are obtained for three different earthquake levels with different probabilities
of being exceeded (50% in 50 years, 10% in 50 years and 2% in 50 years) for the
performance based design of the buildings under consideration. Details about the
earthquake and expected performance levels used for the performance assessment

and retrofitting design of the buildings are given in Chapter 6.
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4.3 Site Specific Response Spectra for School Building
The school building is located in Cankiri-llgaz and its approximate coordinates

are; longitude: 33.40N and latitude: 40.60E. Corresponding Ss and S; values for
the three earthquake levels is given in Table 4.3.

Table 4.3 Ssand S; values for school building

Ss St
Prob. of being exceeded in 50 years Prob. of being exceeded in 50 years
50% 10% 2% 50% 10% 2%
0.33 0.59 0.88 0.13 0.28 0.46

The other parameters; F,, Fy, Sms, Smi, Ts and T defining the response spectrum
are obtained as per the procedure outlined in Section 4.2. These parameters are
listed in Table 4.4

Table 4.4 Necessary parameters to obtain the SSRS for school building

Design Parameters | Prob. of being exceeded in 50 years

50% 10% 2%

Fa 1.20 1.05 1.00

Fv 1.67 1.52 1.34

Swms 0.40 0.62 0.88

Smi 0.22 0.43 0.62

Ts 0.55 0.69 0.70

To 0.11 0.14 0.14
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Figure 4.2 shows the plot of the SRSS for the three earthquake levels used in the

seismic performance assessment and retrofitting design of the school building.

1.0 5

Spectral Accleration (g)

0 0.5 1 1.5 2 2.5 3
Period (s.)

Figure 4.2 SSRS for school building

4.4 Site Specific Response Spectra for Office Building

Halkbank Eskisehir branch office building is located in Tepebasi-Eskisehir. The
approximate coordinates of the structure obtained using the Google Earth software
(Goggle, 2009) are; longitude: 30.33E and latitude: 39.45N. A procedure similar
to that outlined in Section 4.2 was followed to obtain the SSRS for the office
building. The data used in the generation of the SSRS is given in Tables 4.5 and
4.6. Figure 4.3 shows the plot of the SRSS for the three earthquake levels used in

the seismic performance assessment and retrofitting design of the office building.
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Table 4.5 Ss and S; values for office building

Ss S1
50% 10% 2% 50% 10% 2%
0.27 0.52 0.82 0.09 0.16 0.25

Table 4.6 Necessary parameters to obtain the SSRS for office building

Design Parameters

Prob. of being exceeded in 50 years

50% 10% 2%
Fa 1.58 1.38 1.17
Fv 2.4 2.16 1.9
Swms 0.43 0.72 0.96
Sm1 0.22 0.35 0.48
Ts 0.51 0.48 0.50
To 0.10 0.10 0.10
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Figure 4.3 SSRS for office building

4.5 Response Spectra Compatible Ground Motions

The NLTH analyses conducted as part of this study requires acceleration time
histories which are compatible with the SSRS obtained for the structures under
consideration. Based on the requirements of the International Building Code (IBC
2000) SSRS compatible ground motions are selected as follows. First, seven
earthquake ground motions whose response spectra are compatible with the SSRS
are selected from the PEER (Pacific Earthquake Engineering Research) strong
motion database of the University of California, Berkeley. Details of the selected
ground motions are given in Table 4.7. The acceleration time histories of the
ground motions are shown in Figures 4.4-4.10. The search for these ground
motions within the database was conducted by considering PGAs, site conditions
and distances to fault line. Each one of these ground motions were first scaled to
PGAs of the SSRS for the three earthquake levels with different probabilities of
being exceeded in 50 years (50% in 50 years, 10% in 50 years and 2% in 50

years). Following this initial scaling procedure, the average value of the already
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scaled seven SSRS compatible ground motions was rescaled to obtain an average
value larger than or equal to 1.4 times the SSRS within a period range of 0.2T-
1.5T (T=0.53 s for the school building and T=0.87 s for the office building). In the
NLTH analyses, the scale factor of the earthquake ground motion is calculated by
multiplying the initial scale factor by the latter one for each earthquake level. The
scale factors used in NLTH analyses of the school buildings are given for each
earthquake ground motion in Table 4.8. Figure 4.11 shows the response spectra of
the selected earthquakes vs. the SSRS for the school building for the earthquake
level associated with 10% probability of being exceeded in 50 years. Figure 4.12
shows the comparison of the average of the scaled earthquake ground motions
with the design spectrum and 1.4 x the design spectrum. Response spectra for the
other earthquake levels are similar. The shape of the SRSS of the office building
is very similar to that of the school building. Therefore, the same earthquake
accelerograms (but scaled using different factors) were used in the retrofitting
design of the two buildings. The scale factors used in NLTH analyses of the office

buildings are given for each earthquake ground motion in Table 4.9

63



00T I'11 [€110] @ 3°0¢€ 0LT6EAVIEY OIINTD 13 6510 6L61 ATTIVA TVIEAdNI
0L T0g [c1zo| a z 0LT /6% A2y onw=) 1 /11 0F61 ATTIVA TVIIIdNI
3L 3.f |66T0] @ 39S 031 /FTEPHPHY - L2umo 6006 £36T SMOMIVN YIILLIHM
L oce |60 @ 8°CT CCT /ARITY J3IQ RISTIOH 99T 6361 VI1ATId VINO'I
L6 CET [eg10| @ 61t 09€ /190Y2S 1S IGT[ - VI £0HF] +661 IDATIHLION
6 9¢T [LTto| a $CT 0LT /1901 221 BHIUE) $1£9¢ £361 VONITVOD
06 97 |[sczo| a 9°¢H 797 /BIRA $099 661 ATTIVA TVIIIdNI
(sDdA/AY | (smm)dy [(B)dy | odiy (mopsne g yuanoduio ) moyE}§ ayenbyey
nos 0] 3IUEISI(]

sasA[EWY 2y | W pas[] spioda}] ayenbiiey Jo saamea ] jueprodor]

senutadord 1211 pue seyENbyEs pR10aRs P AqEL

64



Acceleration
| 4

-0.3g L

»
L

0 6 Time(s) 18 24
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Figure 4.5 Imperial Valley-1979 acceleration vs. time graph
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Figure 4.6 Coalinga-1983 acceleration vs. time graph
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Figure 4.7 Loma Prieta -1989 acceleration vs. time graph
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Figure 4.9 Imperial Valley-1940 acceleration vs. time graph
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Figure 4.10 Westmore Land-1981 acceleration vs. time graph

Table 4.8 Scale factors of the earthquakes used in the analyses of the school

building

General Scale Factors(g)

Earthquake 2% 10% 50%
IMPERIAL VALLEY 1979 2.56 1.80 1.15
COALINGA 1983 2.68 1.88 1.21
WESTMORLAND 1981 1.65 1.16 0.74
LOMA PRIETA 1989 2.18 1.53 0.98
WHITTIER NARROWS 1987 2.04 1.43 0.92
IMPERIAL VALLEY 1940 2.83 1.99 1.27
IMPERIAL VALLEY 1979 0.79 0.55 0.35
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Table 4.9 Scale factors of the earthquakes used in the analyses of the office
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General Scale Factors(g)

Earthquake

2% 10% 50%
IMPERIAL VALLEY 1979 1.61 1.21 0.72
COALINGA 1983 1.69 1.27 0.75
WESTMORLAND 1981 1.04 0.78 0.47
LOMA PRIETA 1989 1.38 1.03 0.61
WHITTIER NARROWS 1987 1.28 0.96 0.57
IMPERIAL VALLEY 1940 1.79 1.34 0.80
IMPERIAL VALLEY 1979 0.50 0.37 0.22
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Figure 4.11 Design spectrum and acceleration spectra of the ground motions

scaled to the PGA of the design spectrum
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CHAPTER 5

NONLINEAR MODELLING OF EXISTING BUILDINGS

5.1 Introduction

A number of nonlinear structural analyses were conducted to assess the seismic
performance of the original and retrofitted example buildings used in this research
study. For this purpose, nonlinear structural models of the original and retrofitted
example buildings were built. The nonlinear structural models of the example
buildings used in this study include reinforced concrete beams and columns, joints
connecting these structural members as well as brick masonry infill walls. In
addition, the structural model for the conventionally retrofitted example buildings
contain squat infill shear walls while the structural model for the buildings
retrofitted using the proposed method contain steel panels composed of steel
frame elements, a shear link and chevron braces. In the subsequent sections the
modeling procedure for the aforementioned structural elements and the structure

as a whole will be given in detail.

Another important point to be considered is the capabilities of the software, which
is used for the nonlinear modeling and analyses of the example buildings. In this
study, the finite element based software SAP2000 v11.04 (Computers and
Structures, Inc 2006) is used for the structural modeling of the example buildings.
Several assumptions and simplifications were made in the structural modeling of
the example buildings to facilitate the nonlinear analyses and to match the
capabilities of the software. The effects of these modeling assumptions and
simplifications are illustrated by comparative nonlinear analyses of small scale
and full scale structural models. In all of the cases, the effects of these

assumptions and simplifications were found to be negligible.  Detailed
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information about these modeling assumptions and simplifications will be given

in the subsequent sections.

5.2. General Features of the Structural Models

A three dimensional structural model of the school building and two dimensional
structural model of the office building are built and analyzed using the program
SAP2000 (2006). For the office building, a two dimensional structural model is
preferred due to the nearly symmetrical configuration of the building and
convergency problems associated with large number of degrees of freedom in the
nonlinear analyses of the three dimensional structural model. The structural
models of the original buildings are shown in Figures 5.1 and 5.2 while the
structural models of the retrofitted buildings using the proposed and conventional
methods are shown respectively in Figures 5.3 and 5.4 for the school building and
Figures 5.5 and 5.6 for the office building. These structural models are capable of
simulating the nonlinear behavior of the structural components. The reinforced
concrete beams and columns as well as the components of the steel panel used for
seismic retrofitting of the buildings are modeled using three dimensional elastic
beam elements. The masonry infill brick walls are modeled using diagonal beam
elements with end moment releases while the infill squat shear walls are modeled
using a combination of rigidly connected two horizontal and one vertical elastic
beam elements. The nonlinear behavior of the structural members are simulated
by using nonlinear link/hinge (link for NLTH and hinge for NLP analyses)
elements connected at appropriate locations or at the ends of the elastic beam
elements as shown in Figure 5.7(a) for reinforced concrete columns and beams,
5.7(b) for brick masonry infill walls, 5.7(c) for the proposed steel panel and 5.7(d)
for squat infill shear panels.
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Figure 5.1 Structural model of the original school building

-
o

Figure 5.2 Structural model of the original office building in x-direction
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Figure 5.3 Structural model of the school building retrofitted with the proposed

method

Shear Wall

Shear Wall

Figure 5.4 Structural model of the office building retrofitted with the proposed

method in x- direction
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Figure 5.5 Structural model of the school building retrofitted with the

conventional method

(2)—

| shear wall

Shear Wall

Figure 5.6 Structural model of the office building retrofitted with the

conventional method

75



~N\

Rotational Link

q
T I_ /
RC Beam @

RC Column ——»

©

Rigid Zone @I: ﬁ
¢
/

Axial Hinge

Moment Release

Equivalent l
Diagonal

Strut

N\

M\

N\

lo- oL

(b) A Z N

-\

i ©

<— Steel Frame Steel Brace

l

Shear Link

N\

(©)

76



-\
U DN

O
A4

© t @

Rigid Beam

)

Shear Link—»d"

RC Shear Panel
4_

Rigid Beam
> o— ©
0 oL
N\ ~"N\

(d)

N\

~

RC: reinforced concrete
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nonlinear modeling of example building: (a) reinforced concrete frame, (b) BMI
wall, (c) proposed seismic retrofitting method, (d) squat infill shear panel

5.3. Modeling of the Reinforced Concrete Columns and Beams for NLTH
Analyses

5.3.1 Selection of Hysteresis Model

Tests of reinforced concrete members under lateral load reveals indicate that their
inelastic deformations are mainly composed of those due to flexure, shear and
anchorage slip (Saatgioglu and Ozcebe, 1989). While deformations due to shear
forces may be small in slender structural members such as beams and columns
(due to their relatively long shear spans), the flexural deformations in such
members are generally significant. Therefore, in this study the deformations of the
beams and columns due to shear are neglected. Accordingly, the nonlinear
behavior of the reinforced concrete columns and beams of the example buildings

used in this study are defined in the structural model by using nonlinear flexural
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link elements at the ends of the structural members. The nonlinear behavior of
these link elements is defined by various hysteresis models. A variety of
hysteresis models defining the nonlinear behavior of reinforced concrete members
are available in the literature (Clough, 1966; Takeda et al. 1970; Jirsa et al.1999).
Among these hysteresis models, Takeda et al.’s (1970) hysteresis model is the
most commonly accepted one for defining the nonlinear flexural behavior of
reinforced concrete members (ilki and Kumbasar, 2000). Moreover, Takeda et
al.’s (1970) hysteresis model is a realistic theoretical model which recognizes the
continually varying stiffness and energy absorbing characteristics of reinforced
concrete members (Takeda et al. 1970) under moment reversal. Therefore, the
hysteresis model proposed by Takeda et al. (1970) was used to model the
nonlinear cyclic flexural behavior of the reinforced concrete beam and column
elements of the example buildings used in this study. Figure 5.8 shows Takeda et
al.'s (1970) hysteretic model. Figure 5.9 shows a sample hysteretic curve taken
from NLTH analyses performed in this study. The Takeda et al.'s (1970) model
uses the monotonic moment curvature (or rotation) relationship of the reinforced
concrete section as a backbone curve. Therefore, an accurate estimation of the
moment curvature relationship is important to correctly simulate the nonlinear
cyclic behavior of a reinforced concrete member. In the following section the
procedure followed to obtain the moment curvature relationship of the reinforced

concrete members is explained in detail.
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5.3.2 Moment Rotation Relationship for the Hysteresis Model

Takeda et al.’s (1970) hysteresis relationship requires the monotonic moment
rotation relationship of the reinforced concrete member to define the envelope
curve used in the hysteresis model. In this study, a computer software that was
developed by Yal¢in and Saatgioglu (2000) was used to obtain the inelastic
moment-rotation relationship of the reinforced concrete columns and beams of the
example buildings used in this study. The software, referred to as COLumn
Analysis (COLA), provides sectional moment-curvature analyses and member
analyses, including the P-A effects, buckling and anchorage slip of the
reinforcement bars. The material models used in this study, include a model for
unconfined and confined concrete, and a model for reinforcing steel. The model
used for concrete was developed by Saatcioglu and Razvi (1992). The model is
shown in Figure 5.10. The concrete material model is valid for unconfined and
confined concretes. For unconfined concrete, it reduces to Hognestad’s (1951)
concrete model with an ascending branch described by a second-degree parabola,
and a descending branch linearly changing to a strain corresponding to 20% of the
peak (Yalgm and Saatgioglu, 2000). When the reinforced concrete element is well
confined, the characteristics of stress-strain curve change. Confinement produces
significant enhancements in strength and ductility of the reinforced concrete
member (Yal¢in and Saatgioglu, 2000). The expressions that are developed for
ascending and descending branches of the confined concrete model can be found
in the related literature (Yalgin and Saat¢ioglu, 2000; Saatcioglu and Razvi,
1992).
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Figure 5.10 Material models for unconfined and confined concrete (Saat¢ioglu

and Razvi, 1992)

While the stress-strain characteristics of steel are the same in tension and
compression, the model for compression reinforcement in the program COLA
also includes the buckling of the reinforcing bars in compression (Yal¢in and
Saatgioglu, 2000). In this study, the stress-strain relationship for the reinforcing
steel is conservatively assumed to be elasto-plastic both in compression and
tension. However, depending on the size of the compression bars and the spacing
of stirrups, the stress-strain relationship in compression can be quite different due
to buckling effects. Under unfavorable lateral confinement conditions, the
compression reinforcement can lose its stability prior to developing full strain-
hardening (Yalgin and Saatgioglu, 2000). Stress-strain relationship of reinforcing
steel in compression is given in Figure 5.11 (Yalgin and Saat¢ioglu, 2000). The
stability of the curve depends on the aspect ratio of the reinforcing bar, which is
defined as the ratio of the unsupported bar length between two ties to its diameter
(Yalgin and Saatgioglu, 2000). The aspect ratio of 8.0 is taken as the limit value
for stability of steel bars, where the reinforcement can maintain its stability with
zero slope upon vyielding (Figure 5.11). For aspect ratios greater than 8.0, the
slope becomes negative as shown in Figure 5.11 (Yalgmn and Saat¢ioglu, 2000;
Mau et al. 1989; Mau, 1990)
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Figure 5.11 Material models for unconfined and confined concrete (Saatgioglu

and Razvi, 1992)

Deformations originated from penetration of yielding into the adjacent member
may be significant which reduces the stiffness of the reinforced concrete sections
and members. These deformations consist of slippage and/or extension of
reinforcement bars within the adjacent member (Yal¢in and Saatgioglu, 2000).
Deformations originated from anchorage slip are considered in the program
COLA by using the height (H.) and spacing (S.) of the lugs on the steel bars and
the compressive strength of concrete (f; in Mpa) as input data. These variables
define the bond stress, Uy, between the reinforcement bars and concrete that is

given by Equation 5.1 (Yalgin and Saatgioglu. 2000)

Ur=(55-0072) |-= (5.1)

S
H./ \ 27.6

The reinforcement steel that is used in the construction of the selected buildings
was composed of plain bars. These plain bars obviously do not have any lugs.
Consequently, it was not possible to determine the parameters S; and H_ required
by the program to include the effect of anchorage slip in the moment curvature
analyses. To overcome this difficulty, tabulated values of bond stress for plain

bars were found in the literature (BS-8110, 1985). A nonlinear curve fitting
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technique is then used on the tabulated bond stress values given in Table 5.1 to
obtain a power function (Figure 5.12) defining the bond stress for plain bars as a
function of the concrete strength. Next, for the concrete strength used in the
example buildings, the corresponding bond stress is obtained and substituted in
Equation 5.2 to calculate fictitious values of S; and H.. These values are then
used as input data in the program COLA to take into consideration the effect of
anchorage slip on the moment curvature relationship of the reinforced concrete

members of the example buildings used in this study.

Table 5.1 Bond stress values vs. bar type and concrete grade (BS-8110 1985)

Concrete prade
Bar Type 20 (N/mm’) 25 (N/mm’) 30 (N/mm’) 40 or more
(N’
Flain bar in tension 13 14 15 18
Plain bar in compression 1.6 18 19 12

Figure 5.12 shows the data used to obtain the bond stress value for poor grade
concrete. Afterwards, The required lug height and lug spacing values were
selected to satisfy the bond stress value obtained by curve fitting procedure.
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Figure 5.12 Curve fitting data to obtain bond stress

5.3.3 Failure Criteria for Columns and Beams

A reinforced concrete section may fail either due to rupture of reinforcing steel in
tension or crushing of concrete in compression. If the spacing of the transverse
reinforcement is sufficient to confine the concrete, the crushing of the concrete
compression fibers simultaneously occur with the rupture of the transverse
reinforcement. If the concrete is not confined well enough, the crushing of the
concrete in compression occurs before the rupture of the transverse reinforcement.
The strain limit for the rupture of transverse reinforcements is defined by the
following Equation (Priestley et al. 1996).

gal=(1oo44-£%§éﬂ (5.2)

cc
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where p, is the sum of the volumetric ratios of the transverse reinforcement in
both orthogonal directions ( p,+ p, ) for rectangular sections,
fyn 1s the yield strength of transverse steel, ¢, is the transverse reinforcing steel

strain at maximum stress and  f.. is the confined concrete strength.

Equation 5.2 is suitable for reinforced concrete sections under the effect of axial
loading. For reinforced concrete sections under the combined effect of axial loads
and bending moments (this is the case for reinforced concrete columns) the results

given by Equation 5.2 must be factored by two (Priestley et al. 1996).

As previously stated, the buckling of the longitudinal reinforcement bars is also
considered in the sectional moment-curvature analyses. If buckling of a
longitudinal bar occurs, the program COLA (Yal¢in and Saatgioglu, 2000)
continues the sectional moment-curvature analyses with zero resistance assigned
to the buckled bar. Sample moment curvature relationships of reinforced concrete
beam and column elements obtained from the program COLA are shown in
Figure 5.13

150 ¢  Rupture of Reinforcing Steel 300 Concrete Crushing
g (" g 250 */’_\
Z 100 Z 200 -
2 = 150 -
£ 50 £ 100 |
§ § w0
0 0
0.0 0.1 0.2 0.3 0.4 0.00 0.05 0.10 0.15 o0.20
Curvarture (1/m) Curvarture (1/m)

Figure 5.13 Sample moment curvature relationships obtained from the program
COLA
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5.4 Modeling of the Reinforced Concrete Columns and Beams for NLP

Analyses

The structural model used for NLP analyses is similar to that of NLTH analyses.
The only difference is that hinge elements are used at member ends instead of link
elements. The monotonic moment rotation relationships used to define the
nonlinear behavior of the hinge elements is obtained from the results of the

moment curvature relationships described in the above section.

5.5 Modeling of Reinforced Concrete Squat Infill Shear Panels for NLTH

Analyses as Part of Conventional Seismic Retrofitting

5.5.1. Hysteretic Behavior of Squat Infill Shear Panels

Squat infill shear panels were used for the conventional seismic retrofitting of the
example buildings employed in this research study. Squat infill shear panels are
structural elements where shear behavior is more dominant. Pinching, which is a
common phenomenon in the hysteretic behavior of reinforced concrete members,
is more pronounced in the hysteretic shear force-deformation relationships of
squat infill shear panels (Saatgioglu and Humar, 2003). Hysteresis loops of
reinforced concrete squat infill shear panels generally show a distinct alteration in
slope during reloading (Saatc¢ioglu and Humar, 2003). The alteration in slope in
concrete elements is related with opening and closing of cracks under cyclic shear
loading (Saatgioglu and Humar, 2003). Following a crack caused by a load in one
direction, reversed loading in the opposite direction meets with little initial
resistance as the crack closes. Afterward, the cracked surfaces come in full
contact, increasing the load resistance. This phenomenon is reflected in the force—
deformation relationship as a change in slope during reloading and is known as
pinching of hysteresis loops (Saatgioglu and Humar, 2003). If the cracks are
inclined diagonal tension cracks, as in the case of the shear response of squat infill

shear panels, some sliding occurs between the cracked surfaces before they come
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in full contact (Saatgioglu and Humar, 2003). Also, the slippage of reinforcing bar
in the vicinity of a crack results in increased deformations with very low
resistance in the opposite direction as the reinforcement slips back to its previous
position before the crack is completely closed and full resistance is attained.
Effect of pinching on the hysteretic behavior of reinforced concrete elements is
shown in Figure 5.14. Pinching effect reduces the area under the hysteresis loop
and hence, the energy dissipated by squat infill shear panels. Consequently, this
behavior should be considered in the hysteretic models used for the analysis of

squat infill shear panels.
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/ = [ /
[ /
\/ g /
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A" /4
/ ”,/'/

Figure 5.14 Effect of pinching

In this study, the hysteretic shear behavior of squat infill shear panels was
simulated with the pivot hysteresis model (Dowell et al. 1998) available in
SAP2000 (2006). This hysteresis model can capture the pinching and stiffness
degradation effects in shear dominant elements under cyclic loading. Figure 5.15

shows the Pivot hysteresis model.
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Figure 5.15 Pivot hysteresis model (CSI Analyses Reference Manual, 2007)

The pivot hysteresis model (Dowell et al. 1998) requires the shear force-
deformation envelope as well as two additional parameters for capturing the
pinching and stiffness degradation properties of reinforced concrete members. In
Figure 5.14, the term “a” refers to the stiffness degradation parameter and the
term “B” corresponds to pinching parameter. In the literature, there are limited
reliable data defining these parameters. Lack of analytical tools for defining these
parameters forced several researchers to conduct many experimental studies
(Aoyama et al.1984; Khan 1976; Hayashi et al. 1980; Sugano et al. 1980; Higashi
et al. 1980; Corley et al. 1981; Ogata et al. 1984; Gaynor, 1988; Shah, 1989).
Some other researchers have tried to get empirical formulae to define pinching
and stiffness degradation for squat infill shear panels (Phan et al. 1993).
Nevertheless, these empirical formulae are related to a great extend to the
geometric and material properties of the reinforced concrete elements used to
derive these empirical equations. This makes these equations impractical to use in
nonlinear structural modeling. Hence, a set of test specimens with properties
similar to those of the squat infill shear panels used in this study were
investigated. Then, the necessary parameters for the shear panels employed in this

study are obtained by using the average of the experimental test results from these
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research studies(Aoyama et al.1984; Khan, 1976; Hayashi et al. 1980; Sugano et
al. 1980; Higashi et al. 1980) Table 5.2 shows the details of the experimental test

data used in the analyses.

A typical nonlinear structural model of the squat infill shear panel used in
SAP2000 (2006) is given in figure 5.16. The pivot hysteresis relationship (Dowell

et al. 1998) is assigned to the nonlinear link element shown in the model.

)

0
O
O

Figure 5.16 model of the squat infill shear panel

89



806 o ISERAY
OQEI MR URIIOJURT BIYs NN M0T[ (5[] L¥ O /1 17 (1 |aro| md-Tigsvom
05 TT 050 881 8¢ vz |aTD| 02dm-ONVOAS
05+ 91 0 881 8¢ vz [a1D| vHM-ONVDAS
suoisiaoid 3pod Sup[mq aseueder (961-056 1 05Tl 050 81 0g g1 |a1d| omIHSVAVH
suoisiaoid apoo Sulp[mq aseuedel (961-056 1 05Tl SEO 801 0¢ 81 [a1d| cmHSVAVH
suoisia0id apoo Sulp[mq Iseuedel (96 1-056 | 0511 SLO SL1 LT 81 [dI12| rmIHSVAVH
s1UI0) JE IR RO IO URT 25 RASTUERD ON] 05°L <10 €91 61 iz |am £dS NHVH
UONINASUOD (06]-0S6[-STUN[0D) 2[R0 TN 00 ZE0 o1 67 £z |aro]| crordvinwiow
UORDINLASUOD (96]-0S4]-SUUMO) [N UoN [ 0§ TT P60 981 67 0e  |aTDd| sooTvINVAOY
UORONOSU0D )96]-0S6[-STLUN[0) 2[R0 UON 0S¢ 07 0 981 6¢ or  [|da12]| 2 S1070 VINVAOY
UORONDST0D 94]-0SA[-STUN[0) (RN UON STL 0E0 981 ¢ 61 [dTI2] 951000 VINWAOV
UDNINNSUOD )96]-0S6[-STUN[0) 2[BINT UON] 006 050 081 <1 7z |aro]| v-sroo vinviov
UOADJNLASUOD (96]-0S4[-STUNO) 2N UoN| 0§11 0F 0 981 T 7z |a12]| 007D VINWAOY
UORINDSU0D (94]-0S6[-STLN[0) (RN TN 00°6 1£0 981 0T ¢z |ar2]| T-conzo vINVAOY
UDRINLASU0D 961-0S6[-STUNO) AW UON| 00711 $TO 081 07 ¢z |aro] 1-c00zd vinwaov
. RRWTIeg one e AL 2me.1y . _
nondisa(q D (5PN e ——— podsy  [(®AID TP D0 adig IMWEN]

(€561 TE 18 ueyq) speued reays [iur 1enbs Jo seiawered uoneperSap ssaulins pue sumpuld 107 sustroads 1521 paI1RENSaAU] 7'C A[qE L

90



5.5.2. Modeling Procedure to Obtain Shear Force Deformation Envelope

The pivot hysteresis model (Dowell et al. 1998) requires the monotonic shear
force-deformation relationship of the reinforced concrete squat shear panel to
define the envelope curve used in the hysteresis model. For squat infill shear
panels, the equilibrium equations and solution for primary curves can be obtained
from the softened truss model theory of Hsu and Mo (1985) through an iterative
analysis procedure. The stress strain curve for the softened diagonal concrete
struts used in the analysis is given in Figure 5.17 (Vechio and Collins, 1993) and
the program algorithm for the iterative calculation of envelope curves for squat
infill shear panels is given in Figure 5.18 (Mansour et al. 2004) . In the figures &4
and g are the average strains of the element in the corresponding direction, a is
the is the angle of the diagonal concrete struts from the vertical axis, A is the
coefficient for softening effect, oqis the stress on the cross section of the diagonal
concrete struts, t is the average shear stress on the horizontal cross section of the
wall, y is the shear distortion in the wall, o is the deflection at the top of a shear
wall and p is the ductility factor. A sample monotonic shear force deformation

relationship of a squat infill shear wall is given in Figure 5.19.

Figure 5.17 Stress strain curve for the softened diagonal concrete struts
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Figure 5.18 Algorithm for determination of primary curve (Mansour et al. 2004)
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Figure 5.19 Sample monotonic shear force deformation relationship of a squat

infill shear wall

5.6 Modeling of Reinforced Concrete Squat Infill Shear Panels for NLP
Analyses as Part of Conventional Seismic Retrofitting

The structural model used for NLP analyses is similar to that of NLTH analyses.
the only difference is that hinge elements are used instead of link elements. The
monotonic shear force-deformation relationships used to define the nonlinear
behavior of the hinge elements is obtained from the results of Subsection 5.5.2

5.7. Modeling of Reinforced Concrete Joints for NLP and NLTH Analyses

Reinforced concrete beam-column joints are rigid zones in the structural systems.
This rigidity must be modeled by a realistic modeling approach. For this purpose,
the beam-column joints in the structural models in this study were modeled with
rigid elements which have higher modulus of elasticity than other reinforced

concrete elements. Figure 5.20 shows a typical beam column joint.
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Figure 5.20 A typical beam-column joint model

5.8. Modeling of Brick Masonry Infill Walls for NLP Analyses

5.8.1 Importance of Brick Masonry Infills in Structural Analysis and Design

A large number of buildings are constructed with brick masonry infills (BMIs) for
serviceability or architectural needs or aesthetics reasons (Madan et al. 1997).
Since they are usually considered as non structural elements, their interaction with
the supporting frame is often ignored. However, when subjected to a strong lateral
load, infill panels tend to interact with the supporting frame and may induce a
load resistance mechanism that is not accounted for in the design (Mehrabi et al.
1997). Clearly, such an assumption may lead to substantial inaccuracy in
predicting the lateral stiffness, strength and ductility of the structure. If the BMI
fails partially or totally, the large earthquake forces previously attracted and
carried by the stiff infilled frame will be suddenly transferred to the more flexible
reinforced concrete frame (El-Dakhakhni et al. 2003) resulting in damage. In

addition to that, change in stiffness distribution can result in larger seismic forces
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in some structural components due to torsional effects (El-Dakhakhni et al. 2003).
Another detrimental effect of neglecting the presence of the brick masonry infills
is the soft story effect. In many areas, the lower stories of buildings have been
used as shops. For commercial and aesthetics concerns the BMIs at these lower
stories were replaced by shop windows. This type of construction causes the soft
story effect in structures where BMIs present at upper stories. Figure 5.21 shows a
structure damaged at Loma Prieta Earthquake by soft story mechanism occurred

due to the constructed garage at the lowest story.

Figure 5.21 Soft story effect on a building (De Anza College Faculty Web Sites)

5.8.2 Current State of Modeling Techniques for Masonry Infills
Knowledge from the recent earthquakes guided the researchers to focus on the

appropriate modeling of BMIs. Modeling the behavior of BMIs is quite complex
and the presence of window or door holes makes this task even more difficult.
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There are some modeling techniques in the literature. The common ground of
these techniques is using diagonal struts to model BMIs. The model proposed by
El-Dakhakhni et al. (2003) uses three equivalent diagonal struts to model the
BMI. Figure 5.22 shows the three strut model of El-Dakhakhni et al. (2003).
Smith and Coull (1991) offered a design method for infilled frames based on
diagonal compression struts. In their research study, they assumed that the
effective width of the diagonal compression strut is equal to one-tenth of the

diagonal length of the infill panel.
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Figure 5.22 Three struts model (EIl-Dakhakhni et al. 2003)

FEMA-356 (2000) also recommends an equivalent strut modeling procedure for
BMIs. The recommendations of FEMA-356 (2000) for modeling of BMIs vary for
the perforated and imperforated cases. Figures 5.23 and 5.24 show the
recommendations of FEMA-356 (2000) for modeling of BMIs.
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Figure 5.23 Compression strut analogy for concentric struts (FEMA-356, 2000)
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Figure 5.24 Compression strut analogy for perforated infills (FEMA-356, 2000)

5.8.3 Modeling Procedure for Brick Masonry Infills

The method proposed by FEMA 356 (2000) is widely accepted and used by the
structural engineering community at large. Therefore, the method proposed by

FEMA-356 (2000) is used in this study. The recommended model by FEMA-356
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(2000) for perforated infills is not practical to apply. Hence, the stiffness reduction
factor proposed by Mosalam (1996) is used to introduce the effect of
window/door holes, instead of using FEMA-356 (2000) recommendations. BMI
walls in the school building were modeled as equivalent diagonal compression
struts for NLP analyses only. In NLTH analyses, including the BMIs in the
structural model resulted in convergency problems. However, from the NLP
analyses, the BMIs are observed to fail at the initial stages of the building lateral
deformation. Therefore, it is expected that neglecting the BMIs in NLTH
analyses will not result in significant differences in the nonlinear performance of

the structure.

In the NLP analyses, the stiffness, ultimate strength and the lateral deformation
capacity of the BMI is required. The lateral stiffness of the BMI is defined as the
axial stiffness of an equivalent compression strut. The stiffness of the equivalent
compression strut is represented by the following geometric properties; (i) the
actual infill thickness that is in contact with the frame (tins), (ii) the diagonal length
(rinf) Of the BMI wall and (iii) an equivalent width, a, given by FEMA-306 (1998):

a= 0.175(k1hc01)_0'4rinf (53)
1
_ |Emetinfsin20]4

}Ll B [4’Efelcolhinf] (54)

heor IS the column height between centerlines of beams, in.
hint is the height of infill panel, in.

E is the expected modulus of elasticity of frame material, ksi
Eme is the expected modulus of elasticity of infill material, ksi
lcor IS the moment of inertia of column, in 4.

Lint is the length of infill panel, in.

rins IS the diagonal length of infill panel, in.

tine 1S the thickness of infill panel and equivalent strut, in.

0 1is the angle whose tangent is the infill height to length aspect ratio in radians
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Perforations in the infills such as windows are also taken into account by reducing
the stiffness of the diagonal compression strut with a stiffness reduction factor
related to the opening ratios (ratio of opening area to total infill area) in the infills
(Mosalam, 1996). The stiffness reduction factors for introducing the effect of
opening on the modeling of BMIs are obtained from Figure 5.25 (Mosalam,
1996). The BMIs, which have opening areas greater than 20% of the total infill

area, are neglected in the modeling of the school building.
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Figure 5.25 Graph of stiffness reduction factor for BMIs (Mosalam, 1996)

According to FEMA-306 (1998) there are four main failure modes for BMIs.
These are; (i) sliding shear failure (may occur from the weakest section in
horizontal by sliding), (i) compression failure (may occur by compression failure
of the equivalent diagonal strut), (iii) diagonal tension failure and (iv) general
shear failure. The stated four failure modes for BMlIs are considered and the one
that gives the minimum shear force capacity is taken as the ultimate capacity, Vins,
of the BMI. The analytical formulation of ultimate capacity at each failure mode

is given below.
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1. For the sliding shear failure:

Vilide = MLinttintEm6” (5.5)

where 0 is the interstory drift angle, p is the coefficient of sliding friction
along the bed joint.

2. For the compression failure, using the method suggested by Stafford-Smith
and Carter. (1969), the horizontal (shear) component of diagonal strut under
compression is obtained as:

V. = atjy¢fi90C0S0O (5.6)

where frego IS the expected strength of masonry in the horizontal direction,

which may be set at 50% of the expected stacked prism strength foe.

3. For the diagonal tension failure, using the recommendation of Saneinejad and
Hobbs. (1995), the cracking shear in the infill is given by

2\/Etin Gcr

Ve = —(u+L ] (5.7)
hinf  Linf

Ocr = 204/ fme (5.8)

where o IS the cracking capacity of masonry.
4. For the general shear failure, based on the recommendations of FEMA-273

(1997), as well as Paulay and Priestley (1992), the initial and final

contributions of shear carried by the infill panel may be defined by;

Vi = Ath\/ fme (5.9)
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where, Vp, is the available initial shear capacity that is consumed during the
first half-cyclic (monotonic) loading and A is the net horizontal shear area

of the infill panel.

Rotation capacities of the infill panels are determined according to the
recommendations of FEMA-356 (2000). Table 5.3 which is obtained from
FEMA-356 (2000) shows the nonlinear rotation capacity limits for BMlIs. Using
Table 5.3 to obtain the rotation capacities of BMIs requires two shear force
parameters for reinforced concrete columns and for BMIs respectively. These
parameters are; Ve, Which is the expected story shear strength of the frame, taken
as the shear capacity of the column and Viqe, which is the shear force capacity of
the BMI that is described earlier. Vi is defined as follows (ACI 318M-05, 2005);

Vire = Ve + Vs (5.10)
Where V. is the shear force capacity provided by concrete and Vs is the shear

force capacity provided by transverse reinforcement of the reinforced concrete
column. They are defined as follows (ACI 318M-05, 2005);

V. =0.17(1+ ﬁzg)\/f—cbwd (5.11)

V, = 2 (5.12)
where, N, is the factored axial force normal to cross section. Load Factor is taken
as 0.9 (0.9xDead Load), Ay is the gross area of concrete section, mm?, £ is the
specified compressive strength of concrete (Mpa), A, is the area of shear
reinforcement within spacing, s and fy is the yield strength of transverse

reinforcement.
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Table 5.3 Rotation capacities of BMIs (FEMA-356, 2000)

Table 7-9 Nonlinear Static Procedure—Simplified Force-Deflection Relations for Masonry Infill Panels

B ~ EJ& Lmj‘ Acceptance Criteria
Vme h inf c % ;0 l; fus %J:
B<07 0.5 na. 0.5 na. 0.4 n.a.
1.0 n.a. 04 na. 0.3 n.a.

20 n.a. 0.3 na. 02 n.a.

07<Bp<1.3 0.5 n.a 1.0 na. 08 n.a
10 na 08 na. 0.6 na

20 na 0.6 na. 0.4 na

B=1.3 0.5 n.a. 15 na. 11 n.a.
1.0 n.a. 12 na. 0.9 n.a.

20 n.a. 09 na. 07 n.a.

Note: Interpolation shall be used between table values.

A diagonal compression strut is used for modeling the BMIs within the reinforced
concrete frames. A structural BMI model for a typical one bay two story
reinforced concrete frame is shown in Figure 5.26. In the model, the diagonal
compression strut is not directly connected to the beam column joint, it is rather
connected to the ends of the rigid elements defining the beam-column joint. The
calculated ultimate shear and lateral displacement capacity of the BMI is modified
and assigned to an axial plastic hinge located at the end of the diagonal strut to

simulate the post-elastic behavior of the BMI.

Rigid Zone

Equivalent
i Diagonal Strut

Moment Release

Axial Hinge

Figure 5.26 compression strut model
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SAP2000 (2006) requires the axial force-deformation values for modeling of

plastic hinges. The calculated ultimate capacities and rotation values taken from

Table 5.3 are converted to axial force and displacement values by the short

procedure given below with reference to Figure 5.27 which describes the

relationship between the wall rotation, wall displacement and axial displacement

of the diagonal strut on a diagram.

Vinf\FélL
A !

A =vh
0 = Acosb
0 = yhcos6
_ Vinr
cosh

Brick Masonry
Infill Wall
Equivalent

Diagonal Strut

Figure 5.27 Rotation-displacement relations for BMIs

(5.13)

(5.14)

(5.15)

(5.16)

5.9. Modeling of Proposed Steel Retrofitting System for NLTH Analyses

The nonlinear modeling of the proposed retrofitting system with the finite element

based software SAP2000 (2006) is shown in Figure 5.28 for a typical reinforced
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concrete bay. The proposed retrofitting system is composed of a steel frame
chevron braces and a nonlinear shear link connected between the braces and steel
frame beam. The hysteretic behavior of the shear link for NLTH analyses is
modeled by the plastic Wen element in SAP2000 (2006), which has an elasto-
plastic shear force displacement hysteresis. The steel frame members and the
braces are modeled using elastic beam elements. Moment releases are introduced
at the end of the brace elements. The steel beam elements are connected to the

nodes at the ends of the rigid elements defining the reinforced concrete joints.

©- ©

<}— Rigid Zone

© ! «——steel Link | ©

<+— Steel Frame RC Column————

<«— Steel Braces —»

é Moment Release — @

RC ¢Beam
©- ©

Figure 5.28 A Side view of the proposed retrofitting system

5.10. Modeling of Proposed Steel Retrofitting System for NLP Analyses

The structural model used for NLP analyses is similar to that of NLTH analyses.
The only difference is that hinge elements are used at member ends instead of link
elements. The monotonic shear force-deformation relationships used to define the
nonlinear behavior of the hinge element for the steel shear link is defined as
elastoplastic in SAP2000 (2006).
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5.11. Procedure, Simplifications and Modeling Assumptions for NLP
Analyses

5.11.1. General

A number of nonlinear structural analyses were conducted to assess the seismic
performance of the original and retrofitted example buildings used in this research
study. NLP analyses were conducted to obtain the sequence of the nonlinear
hinging on the example buildings in the original and retrofitted conditions. Also,
NLP analyses were used to obtain the lateral top displacement vs. base shear force
relationships of the example buildings in the original and retrofitted conditions. In
addition to that, the lateral top displacement of the buildings corresponding to the
rotation limits of the reinforced concrete beams and columns are obtained from
NLP analyses. Another important issue was including the effect of the
gravitational loads on the lateral force deformation behavior of the example
buildings. For this purpose, vertical pushover analyses were conducted to

introduce the effect of gravitational loads in lateral NLP and NLTH analyses.

5.11.2 Force Controlled Vertical Pushover Analyses

Vertical pushover analyses were conducted to simulate the effect of gravity loads
on the structural models of the selected buildings. These force controlled pushover
analyses were conducted by considering the gravity loads that are distributed to
the beams of the selected buildings. The vertical loads on the slabs are distributed
to the beams by the tributary areas formed by yield lines. Figure 5.29 shows the
distribution of the gravity loads to the beams for a typical slab.
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Figure 5.29 Tributary area method

5.11.3 Displacement Controlled Nonlinear Pushover Analyses

The NLP analysis method used in SAP2000 (2006) adopts a lumped-plasticity
approach that model the inelastic behavior through the formation of nonlinear
plastic hinges at the frame element’s ends during the static loading process.
Hence, in this study, plastic hinges are used at the ends of the beam and column
elements to simulate their nonlinear behavior. Figure 5.30 shows a typical
envelope curve for a plastic hinge used in SAP2000 (2006) where the parameter Q
is the force or moment value of the plastic hinge and the parameters 6 and A
represent the rotation and deformation of the hinge. The other parameters are used
for defining the envelope curve of the force-deformation or moment-rotation

relationship of the associated hinge.
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Figure 5.30 A typical envelope curve for plastic hinges (FEMA356)

5.11.3.1. Discussion of Lateral Load Patterns for NLP Analyses

The lateral load pattern used in NLP analyses should be able to simulate the actual
load distribution during an earthquake. Therefore, an accurate determination of
the lateral load pattern along the height of the building is important in NLP
analyses. In the literature, several methods are available to obtain a suitable lateral
load pattern for NLP analyses. Some of these methods are as follows. FEMA-356
(2000) recommends a variety of methods that include the use of story forces
proportional to the deflected shape of the structure, the use of load patterns based
on mode shapes derived from secant stiffnesses at each load step and the use of
load patterns proportional to the story shear resistance at each step. FEMA-368
(2001) recommends an adaptive method for obtaining the lateral load pattern.
Other methods proposed by various researchers include simple methods such as
using an inverted triangular lateral load pattern (inel et al. 2003) or a rectangular
lateral load pattern (inel et al. 2003) along the height of the building and more
complicated methods such as those proposed by (Kalkan and Kunnath, 2006; Yi
and Jiang, 2007).

In this study, a SSRS based method is used to obtain the lateral load patterns

along the height of the example reinforced concrete buildings. In order to provide

a realistic story shear force that are expected to occur during a probable
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earthquake, the SSRS with 5% damping are used in RS analyses of the example
buildings. The distribution of the story shear forces obtained from RS analyses are
used as shape vectors for lateral load patterns along the height of the example
buildings in NLP analyses. The NLP analyses results using load pattern used in
this study is compared with more complicated adaptive pushover analyses results
for simple frames. The differences from both analyses results were found to be

negligible. More details are given in the following subsection.

5.11.3.2. Simplifications of NLP and NLTH Analyses.

In NLP analyses, complicated modeling of the actual nonlinear structural
behavior, including negative post elastic slopes due to loss of strength, increases
the degree of nonlinearity. This, in turn, may result in convergency problems in
NLP analyses. In this study, the complicated nonlinear behavior of reinforced
concrete members is carefully simplified without losing the desired accuracy to
defeat convergency problems in NLP analyses. The effects of these
simplifications and assumptions on the accuracy of the NLP analyses were

investigated.

Preliminary NLP analyses of the school building showed that a soft story
condition at the first story occurs at small values of roof displacement due to the
premature failure of the BMIs at the first story. Consequently, the overall stiffness
characteristics of the building abruptly changes upon failure of the first story
BMIs. To capture this abrupt change in the lateral stiffness of the building an
adaptive NLP analysis technique seems to be more appropriate. Initially this
method was adopted for the NLP analysis of the school building. However, since
this method requires a new NLP analysis with a modified lateral load pattern each
time the stiffness of the structure changes due to the formation of plastic hinges,
convergency problems were encountered throughout the successive NLP analyses.
To avoid these convergency problems the adaptive pushover method was
abandoned. Instead, a lateral load pattern based on RS analyses (SSRS was used

in the analyses) of the building without the BMIs is used in a single NLP analysis
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to obtain the lateral force-deformation relationship of the building. This
simplification was based on the fact that failure of the BMIs would take place at
very early stages of a probable earthquake and hence, may not significantly affect
the seismic response of the building. To assess the effect of this simplification on
the accuracy of the NLP analyses results a small 3D one bay frame is extracted
from the school building and analyzed using both the adaptive and proposed
lateral load pattern. The NLP analysis results are displayed in Figure 5.31. As
observed from the figure both methods give nearly identical lateral force
deformation relationships. To further assess the effect of the load pattern on the
NLP analyses results, the school building is analyzed using a rectangular and
triangular load pattern. The analyses results are displayed in Figure 5.32. As
observed from the figure both load patterns produce nearly identical lateral force
deformation relationship for the building. Thus, the more realistic load pattern
obtained from RS analyses is used in this study.

500 -
pd
X 400 - ( - - Single
S 300 -
o — Adaptive
= 200 -
O
2100 -
V)
O | | | | |

00 01 02 03 04 0S5
Top Displacement (m.)

Figure 5.31 Adaptive lateral load patterns vs. RS lateral load pattern
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Figure 5.32 Rectangular vs. inverted triangular lateral load pattern

Furthermore, the negative slopes in moment curvature relationships (e.g. due to
buckling of compression reinforcement) of the reinforced concrete members were
not modeled due to convergency problems. Instead an elasto-plastic moment
curvature relationship was obtained based on equal energy principle and used in
both NLP and NLTH analyses.

It is noteworthy that the alterations of the axial loads due to seismic effects were
observed to be nearly 10%-15% of the column axial force due to dead load and
25% of live load (FEMA-356, 2000). This small alteration of the axial loads on
the columns is considered as negligible. Thus, axial load-moment (P-M)
interaction was neglected in both NLP and NLTH analyses. The columns were
analyzed under a constant axial load calculated using the full dead load and 25%
of the live load (FEMA-356, 2000).
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CHAPTER 6

PERFORMANCE BASED RETROFITTING DESIGN PROCEDURE

6.1 General

This chapter includes a detailed description of the performance based seismic
retrofitting design procedure developed as part of this research study. First,
general information about the performance based seismic design procedure
including the drift and member rotation limits at various performance levels is
given. This is followed by a step-by-step description of the performance based
seismic retrofitting procedure used in this study.

6.2 Performance Based Design Approach

Since the early development of seismic design codes, global response
modification factors (or R-factors) are used in the seismic design of structures to
reduce the elastic seismic forces. The R-factors are intended to account for the
benefits of over-strength, redundancy, yielding and associated energy dissipation
by simple elastic analyses. Although R-factors greatly simplify the analysis
process in seismic design, they are global response measures that do not provide
an assessment of structural performance at the component level. Thus, using R-
factors for seismic design have serious shortcomings. For instance, these factors
are independent of the building period and ground motion characteristics
(Kunnath, 2006). Additionally the same R-factor is used for moment resisting
reinforced concrete, steel and braced frames. It is clear that a single global
response modifier cannot capture the progressive distribution of nonlinearities
between various structural elements, the resulting redistribution of seismic
demands inside the structure and changes that occur during the course of seismic
motion (Kunnath, 2006).
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Because of the stated shortcomings of the existing code provisions, the
performance based design approach is used in the retrofitting design of the
buildings considered in this study. Performance based design approach is based on
some structural and nonstructural criteria which are defined in detail in FEMA-
356 (2000). These criteria are a combination of structural and nonstructural
damage level to the structures and life saving objectives, which are mainly
defined by plastic rotation limits of the reinforced concrete members. The
performance based design approach is based on matching various probable
earthquakes with target performance levels. The terminology used for the target
performance levels represent the design goals at various performance levels.
Target performance levels can be summarized in a very simple manner as follows:
(i) no damage for minor levels of earthquake excitations, (ii) low or repairable
structural and non-structural damage for moderate earthquake excitations, (iii)
structural and non structural damage but no collapse for major earthquake
excitations. Ground motion levels, which represent the minor, moderate and major
earthquakes used in the performance based design approach are listed in Table
6.1.

Table 6.1 Earthquake levels for performance based design approach

Earthquake, Having Probability of Mean Return Period (years)
Exceedance
50%/50 year 72
10%/50 year 475
2%/50 year 2475

The earthquake levels given in Table 6.1 represent; (i) the frequent earthquakes,
which may occur many times during the economical life of a structure (50%/50
year, weak earthquake), (ii) moderate earthquakes that have a moderate
probability of occurrence during the economical life of a structure (10%/50year,
moderate earthquake) and (iii) strong earthquakes (2%/50year, strong earthquake)

which have a low probability of occurrence during the economical life of a
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structure. Under the stated earthquake levels, the structures should achieve the

performance criteria described in terms of the safety afforded by the building

occupants during and after the event, the cost and feasibility of restoring the

building to pre-earthquake condition, the length of time the building is removed

from service during repairs and economical, architectural or historic impacts on

the larger community. These performance characteristics are directly related to the
extent of damage that would be sustained by the building FEMA-356 (2000). The
general performance criteria expected from structures is described in FEMA-356
(2000) as follows;

Immediate Occupancy Structural Performance Level (1.0.):
Immediate Occupancy, means the post-earthquake damage state in which
only very limited structural damage has occurred. The basic vertical- and
lateral-force-resisting systems of the building retain nearly all of their
preearthquake strength and stiffness. The risk of life threatening injury as a
result of structural damage is very low, and although some minor
structural repairs may be appropriate, these would generally not be

required prior to reoccupancy.

Life Safety Structural Performance Level (L.S.) : Life Safety means the
post-earthquake damage state in which significant damage to the structure
has occurred, but some margin against either partial or total structural
collapse remains. Some structural elements and components are severely
damaged, but this has not resulted in large falling debris hazards, either
within or outside the building. Injuries may occur during the earthquake;
however, the overall risk of life-threatening injury as a result of structural
damage is expected to be low. It should be possible to repair the structure;
nevertheless, for economic reasons this may not be practical. While the
damaged structure is not an imminent collapse risk, it would be prudent to
implement structural repairs or install temporary bracing prior to

reoccupancy.
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e Collapse Prevention Structural Performance Level (C.P.): Collapse
Prevention, means the post-earthquake damage state is such that the
building is on the verge of partial or total collapse. Substantial damage to
the structure has occurred, potentially including significant degradation in
the stiffness and strength of the lateral-force resisting system, large
permanent lateral deformation of the structure, and, to a more limited
extent, degradation in vertical-load-carrying capacity. However, all
significant components of the gravity load- resisting system must continue
to carry their gravity load demands. Significant risk of injury due to falling
hazards from structural debris may exist. The structure may not be
technically practical to repair and is not safe for reoccupancy, as
aftershock activity could induce collapse.

6.3. Drift Limits (Capacities) for Structures

As stated earlier, two existing reinforced concrete buildings are retrofitted as part
of this research study. In the retrofitting procedure of the buildings, the nonlinear
drift limits (capacities) of the buildings for each performance level are obtained
from NLP analyses in compliance with the recommendations given in FEMA-356
(2000). FEMA-356 (2000) defines the related plastic rotation limits of reinforced
concrete members for the expected performance levels. In NLP analyses, the
program SAP2000 (2006) can show the rotation value of the each plastic hinge at
each incremental roof displacement step. Accordingly, the nonlinear drift limit
(interstory and roof) for each performance level is obtained from NLP analyses
results as the value corresponding to the maximum plastic rotation of a member
within the structure matching that defined by FEMA-356 (2000) for the
performance level under consideration. Table 6.2 shows the FEMA-356 (2000)
rotation limits for reinforced concrete beams at different performance levels while
Table 6.3 shows similar information for reinforced concrete columns. Figure 6.1

shows a typical force displacement curve with various performance levels.
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Table 6.2 Plastic rotation limits of RC beams (FEMA-356, 2000)

Modeling Parameters

3

Acceptance Criteria®

Plastic Rotation Angle, radians
Performance Level
Residual Component Type
Plastic Rotation Strength
Angle, radians Ratio Primary Secondary
Conditions a b c 10 LS CP LS CP
i. Beams controlled by flexure’
p—p’ FI’?‘”; v
einf. —
Pbal RN/
=0.0 C =3 0.025 0.05 0.2 0.010 0.02 0.025 0.02 0.05
<00 C 26 0.02 0.04 02 0.005 0.01 0.02 0.02 0.04
=05 C =3 0.02 0.03 0.2 0.005 0.01 0.02 0.02 0.03
=05 C 26 0.015 0.02 0.2 0.005 0.005 0.015 0.015 0.02
<00 NC <3 0.02 0.03 02 0.005 0.01 0.02 002 0.03
=0.0 NC =6 0.01 0.015 0.2 0.0015 0.005 0.01 0.01 0.015
=05 NC =3 0.01 0.015 0.2 0.005 0.01 0.01 0.01 0.015
=05 NC 26 0.005 0.01 02 0.0015 0.005 0.005 0.005 0.01
Table 6.3 Plastic rotation limits of RC columns (FEMA-356, 2000)
Modeling Parameters? Acceptance Criteria*
Plastic Rotation Angle, radians
Performance Level
Residual Component Type
Plastic Rotation Strength
Angle, radians Ratio Primary Secondary
Conditions a b c 10 LS CP LS CP
i. Columns controlled by flexure’
P Trans V
a5 Reinf? | ———
ge b,.d [f,
=01 C <3 0.02 0.03 0.2 0.005 0.015 0.02 0.02 0.03
=01 Cc =6 0.016 0.024 0.2 0.005 0.012 0.016 0.016 0.024
=04 C <3 0.015 0.025 0.2 0.003 0.012 0.015 0.018 0.025
=04 Cc =6 0.012 0.02 0.2 0.003 0.01 0.012 0.013 0.02
=0.1 NC <3 0.006 0.015 0.2 0.005 0.005 0.006 0.01 0.015
=01 NC =6 0.005 0.012 0.2 0.005 0.004 0.005 0.008 0.012
=04 NC <3 0.003 0.01 0.2 0.002 0.002 0.003 0.006 0.01
=04 NC 26 0.002 0.008 0.2 0.002 0.002 0.002 0.005 0.008
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Figure 6.1 Force displacement curve of a structure matched with expected

performance levels.

6.4 Proposed Retrofitting Methodology

Most of the existing ordinary buildings (e.g. school, residential and low to mid-
rise office buildings) have fundamental vibration periods that fall in the
intermediate period range. In this period range, the energy dissipated by an elastic
system can be assumed to be equal to an identical (nonlinear) system that yields at
a certain lateral force level. The seismic retrofitting design methodology used for
the example reinforced concrete buildings employed in this study is mainly based
on this equal energy dissipation principle. In the proposed methodology,
monotonic energy dissipation capacities of the example buildings in the linear
elastic and nonlinear inelastic cases were calculated and compared. The difference
between the monotonic linear elastic and nonlinear inelastic energy dissipation
capacities (the difference between the areas under the base shear force vs. roof
displacement curves) is defined as the required additional energy that needs to be
absorbed by the retrofitted building. The necessary amount of additional energy is
provided by adding lateral load resisting members (e.g. steel shear link with
braces or infill squat shear panels) to the building to increase its lateral strength

while keeping nearly the same lateral drift capacity. A typical graph of linear

116



elastic and nonlinear inelastic base shear force vs. roof displacement relationships
is shown in Figure 6.2. The force-displacement relationships given in Figure 6.2
can be obtained by NLP analyses for the nonlinear inelastic case and by RS

analyses for the linear elastic case.

/ Elastic Curve

Force
Plastic Curve

v

Displacement

Figure 6.2 Linear elastic and nonlinear force displacement curves

6.4.1 Step by Step Definition of the Proposed Retrofitting Procedure

In this section, a step by step definition of the proposed seismic retrofitting

procedure is given.

1. In the first step of the retrofitting design procedure, RS analyses of the building
in the retrofitted stage is conducted to obtain the linear elastic base shear force vs.
roof displacement relationship as shown in Figure 6.3. Since the retrofitting
scheme is not known at the initial stage of the design procedure, the original
unretrofitted building is used in the analyses. However, it is a known fact that

seismic retrofitting (e.g. using steel shear link with braces or infill squat shear
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panels) results in an increase in the stiffness of the building. Accordingly, the
stiffness of the original building needs to be increased by a certain amount (e.g.
initially by 20%) in the RS analyses. In the structural model, the desired increase
in the lateral stiffness of the building is achieved by adjusting the modulus of

elasticity of the reinforced concrete members of the structure.

Force

L

d.

Displacement

Figure 6.3 Linear elastic base shear force vs. roof displacement relationship

2. In the second step of the retrofitting design procedure the NLP analyses of the
original building is conducted to obtain the base shear force vs. roof displacement
relationship. This relationship is plotted up to the displacement Ilevel
corresponding to the displacement capacity of the building for the performance
level under consideration. The plotted curve is then idealized to have an elasto-
plastic shape as described in FEMA-356 (2000) (Figure 6.4). The area under the
elasto-plastic curve and the actual curve are identical. The yield base shear force,
Vy, obtained from the elasto-plastic curve is used together with the elastic
stiffness of the structure in the retrofitted stage (slope of the curve in Figure 6.3)
to obtain a new elasto-plastic base shear force vs. roof displacement relationship

(Figure 6.5). This new relationship will be used in the subsequent calculations.
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This is done to have an accurate estimation of the required strength level for
retrofitting purposes (due to equal energy concept for a linear elastic and an

identical (same period) yielding system).

Force

Y

Displacement

Figure 6.4 Elasto-plastic base shear force vs. roof displacement relationship

3. In the third step of the procedure, first, the area, A, under the linear elastic
base shear force vs. roof displacement curve will be calculated. Then the area, A,,
under the elasto plastic base shear force vs. roof displacement curve shown in
Figure 6.5 will be calculated. The monotonic energy, Ag, that needs to be

dissipated by the retrofitting system is then calculated as; Ag= Ae- Ap.
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Figure 6.5 Elasto-plastic base shear force vs. roof displacement relationship

4. In this step, the required strength, Q, of the retrofitting system at the base of

the building is obtained with reference to Figure 6.6 as follows.

Q1,, = Kedp = Vy + \/(Vy — K.d,)? — 2K.Aq (6.1)

One of the roots from the above equation will give the required strength ,Q,, of

the retrofitting system at the base of the building.
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Figure 6.6 Calculation of required strength, Q.

5. In this step of the design procedure, first, the shear force capacity, Ry, of each
story of the original unretrofitted building is obtained. To obtain the shear force
capacity of a story i, the lateral displacement of the stories below are restrained as
shown in Figure 6.9. Then, NLP analyses of the building is conducted until the
displacement capacity of the story level under consideration is reached (the
displacement capacity is based on FEMA 356 member rotation limits). In the NLP
analyses, nonlinear behavior is considered only for the story under consideration

while the yielding of the other stories are prohibited (modeled as elastic).
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Figure 6.7 Illustration of obtaining the plastic shear force capacity of each story.

6- In this step of the design procedure, the retrofitting system is designed. The
design is based on uniform energy dissipation throughout the height of the
building. For this purpose, the elastic shear, V; at each story level, i is obtained
from the RS analyses results in Step 1. Then, the total strength, R, at the base of
the retrofitted building is obtained by summing up its base shear capacity, Rg; and
the required strength for retrofitting. That is; R1=Rg+Q;. To ensure uniform
energy dissipation along the building height, the ratios of the total strength of the
retrofitted building at each story level i (Ri=Rg+Q;) to the elastic shear, V;, at the

corresponding story level must be equal. That is;

Br_Re_ R P 6.2)
v, Vi Vn '

where, the subscript, n, in the above equation denotes the number of stories. This
will ensure that yielding will occur at all the story levels. The ratio of the total
strength, Ry, of the retrofitted building to the elastic shear V; at the base of the
building is already known. To calculate the required retrofitting system strength at

any story level, i, the following relationship could be used,;

& _ RFi+R; (6 3)
vy Vi .

Then solving for Q;, the following equation is obtained;
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R
Q; = V_1Vi — Rp; (6.4)
1

Based on the calculated retrofitting system strengths, Q;, at each story level, the
retrofitting design is completed, for instance, by choosing the link shear capacities

in the proposed retrofitting system.

7. The elastic stiffness of the designed building is recalculated and compared with
the stiffness assumed in Step 1 of the retrofitting design procedure. If the
difference is negligible the design is complete. Otherwise, the stiffness is updated

and Steps 1, 3, 4, and 6 are repeated.
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CHAPTER 7

SEISMIC RETROFIT EVALUATION OF THE SCHOOL BUILDING

7.1 General

In this chapter, the seismic performance of the school building is assessed in the
original and the retrofitted conditions. The retrofitted conditions include the
proposed seismic retrofitting technique using steel shear link and braces encased
in a steel frame and a conventional seismic retrofitting technique using squat infill
shear panels. Both NLP and NLTH analyses of the school building in the original
and retrofitted conditions are conducted to assess its seismic performance. The
seismic performance assessment of the building is performed in terms of seismic
displacement demands and capacities as well as damage indices calculated for the

original and retrofitted conditions of the building.

7.2 Details of the Proposed Seismic Retrofitting Method

The sizes of the steel shear links and braces for the proposed seismic retrofitting
method are given in Tables 7.1 and 7.2 for the x and y directions of the building
respectively. Figures 7.1 and 7.2 show the locations of the steel retrofitting panels
used in the x direction respectively for the first and second stories while Figures
7.3 and 7.4 show the locations of the steel retrofitting panels used in the y
direction respectively for the first and second stories. In the figures the locations
of the retrofitting system are shown using thick black lines on the building plan.
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Table 7.1 Details of the steel retrofitting members in the x direction

Steel sections used in X-direction
Story # | Shear Link | Braces |Frame Members
1 HE300M |HE200M HE300M
2 HE260M | HE260M HE260M

Table 7.2 Details of the steel retrofitting members in the y direction

Steel sections used in Y-direction
Story # | Shear Link | Braces |Frame Members
1 HE260M |HE140M HE260M
2 HE240M |HE120M HE240M
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Figure 7.1 Locations of the steel retrofitting panels within the first story in the x

direction
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Figure 7.2 Locations of the steel retrofitting panels within the second story in the

x direction
0 ® @ ®
oy 1 I ! L i
@ 1&.@ &'@ FR-..® '}3@ B 1@
:
&
@ L2 T = (B B (e B C
-] 8 = =]
® e e ©
L] 2 & & (-]
@_n_gg. @ e 2 LS ™ B Lo
0) ¢ 5) & [ o)
1. Story Floor Plen

Figure 7.3 Locations of the steel retrofitting panels within the first story in the y

direction
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Figure 7.4 Locations of the steel retrofitting panels within the second story in the

y direction
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7.3 Details of the Conventional Seismic Retrofitting Method

The details of the squat infill shear panels, used in the conventional seismic
retrofitting of the building are given in Tables 7.3 and 7.4 for the x and y
directions of the building respectively. Figures 7.5 and 7.6 show the locations of
the squat infill shear panels used in the x direction respectively for the first and
second stories while Figures 7.7 and 7.8 show the locations of the squat infill
shear panels used in the y direction respectively for the first and second stories. In
the figures the locations of the retrofitting system are shown using thick black
lines on the building plan.

Table 7.3 Details of the squat infill shear panels in the x direction

Squat infill shear panels used in X-direction| fc fy | Reinforcement
Width | Height | Thickness |(Mpa)|(Mpa) %

Story (m) (m) (m)

1 3.30 2.85 0.15 20 420 0.40

2 3.30 2.50 0.15 20 420 0.25

Table 7.4 Details of the squat infill shear panels in the y direction

3

Squat infill shear panels used in Y-direction | fc fy Reinforcement
Width | Height| Thickness |(Mpa)|(Mpa) %

Story (m) (m) (m)

1 425&4.00 | 2.85 0.15 20 420 0.25

2 425&4.00 | 270 0.15 20 420 0.25
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Figure 7.5 Locations of the squat infill shear panels within the first story in the x

direction
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Figure 7.6 Locations of the squat infill shear panels within the second story in the

x direction
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Figure 7.7 Locations of the squat infill shear panels within the first story in the y

direction
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Figure 7.8 Locations of the squat infill shear panels within the second story in the

y direction

7.4. Seismic Performance Evaluation of the School Building Using the NLP

Analyses Results

In this section, comparative performance evaluation of the original and
seismically retrofitted buildings is performed using the NLP analyses results.

More detailed information is given in the subsequent sections.

7.4.1 Comparative Assessment of the School Building's Performance in the X

Direction

The NLP analyses results of the school building in the x direction for the original
and retrofitted conditions is shown in Figure 7.9 in terms of a base shear vs. roof
displacement plot. From the figure, it is observed that the elastic lateral stiffness
of the conventionally retrofitted structure is smaller than the structure retrofitted
with the proposed method. This difference is attributed to the larger number of
steel panels required to achieve the same yield strength level as that of the squat
infill shear panel. This, in turn resulted in a higher elastic stiffness for the building

retrofitted using the proposed method. Thus, it is expected that the structure
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retrofitted with the proposed technique will have a smaller drift, and hence a more
desirable performance (e.g. less non structural damage) under the effect of small
intensity earthquakes associated with the 10 performance level. Figure 7.9 also
demonstrates that the proposed retrofitting technique has a more stable lateral
force-displacement relationship as compared to the conventional seismic
retrofitting technique. The failure of the squat infill shear panels, which have
limited drift capacities (approximately 25 mm-40 mm) causes a loss of lateral
strength of the conventionally retrofitted school building as observed from Figure
7.9. This clearly shows that the proposed retrofitting technique have a larger
monotonic energy dissipating capacity compared to that of the building retrofitted
with squat infill shear panels. Compared to the original case, the retrofitted
building for both the proposed and conventional cases exhibited a considerable
increase in lateral stiffness and strength. This is indicative of a better seismic
performance during a potential earthquake.

= = Original = - Conventional —Proposed
10000 -

8000 | (- \

6000 - [, \

4000 1 [, '

2000 ).~ — t——--
0 . .

0 50 100
Roof Displacement (mm)

)

Shear Force (kN

Figure 7.9 The base shear force as a function of the drift at the top story level for

the school building in x direction
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7.4.2 Comparative Assessment of the School Building's Performance in the Y

Direction

The NLP analyses results of the school building in the y direction for the original
and retrofitted conditions is shown in Figure 7.10 in terms of a base shear vs. roof
displacement plot. As observed from the figure, the performance of the building in

the y direction is nearly identical to that in the x direction.
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Figure 7.10 The base shear force as a function of the drift at the top story level for
the school building in y direction

7.5 Comparative Performance Assessment of the Original and Retrofitted
Buildings by NLTH Analyses

In this section, comparative performance evaluation of the original and
seismically retrofitted buildings is performed using the NLTH analyses results.
The analyses results in terms of the maximum interstory drift, roof displacement
and damage indices are presented for each earthquake as well as, using the
average of the analyses results from the seven earthquakes. Each earthquake is

assigned a number (Table 7.5) to facilitate the presentation of the analyses results
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for each earthquake. More detailed information is given in the subsequent

sections.

Table 7.5 Earthquakes and their numbers

Earthquake Name ID No
Whittier-1987
Imperial Valley-1979 (1)
Coalinga-1983
Loma Prieta-1989
Imperial Valley-1979 (2)
Imperial Valley-1940
Westmoreland-1981

~N O |0 W IN |-

7.5.1 NLTH Analyses Results in the X Direction of the School Building

Tables 7.6, 7.7 and 7.8 compare the average of the interstory drift demands from
the seven earthquakes with the interstory drift capacities respectively for the
original building as well as the building retrofitted with the proposed and
conventional methods. In the tables, the analyses results are presented for the
three performance levels (10, LS, CP) considered in the retrofitting design of the
building. As observed from the tables, for the original building, the interstory drift
demands severely exceed the interstory drift capacities for all the performance
levels considered in the analyses. For the building retrofitted with the proposed
method however, the interstory drift demands are smaller than the corresponding
capacities for all the performance levels considered in the retrofitting design.
Nevertheless, this is not the case for the building retrofitted with the conventional
method. For this case, while the 10 performance level is completely satisfied, the
interstory drift demands at the LS and CP performance levels for the first story are
larger than the corresponding capacities. It is worth noting that for the case of the
building retrofitted with the conventional method, the interstory drift demands are

even larger than those of the original building at the CP performance level. The
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main reason for this type of a behavior is the low ductility, the heavy weight and
pinching in the hysteresis loops of the squat infill shear panels used in
conventional retrofitting of the building. At the CP performance level, the large
intensity of the ground motions results in large seismic forces acting on the
structure. The added weight of the squat infill shear panels further amplifies the
magnitude of these forces. Moreover, due to the low ductility of the squat infill
shear panels, these components fail at small interstory drift levels rendering the
stiffness and strength contribution of the wall ineffective during the earthquake.

This sudden failure results in an amplified interstory drift demands.

Figure 7.11 displays the maximum interstory drifts and maximum roof
displacements of the original and seismically retrofitted buildings as a function of
the earthquakes used in the analyses for each one of the seismic performance
levels (10, LS, CP) considered in the retrofitting design. Figure 7.12 displays the
same information for the average of the maximum interstory drifts and maximum
roof displacements from the seven earthquakes used in the analyses. For the 10
performance level, Figure 7.11 shows that the lateral drift responses of the
building retrofitted with the proposed and conventional techniques are
comparable. For the LS and CP performance levels however, there is a
considerable increase in the value of the lateral drifts of the original and
conventionally retrofitted cases of the school building. The story drift demands in
the case of the building retrofitted with the proposed method are quite low and
uniform regardless of the earthquake ground motion used in the analyses.
However, for the case of the building retrofitted with the conventional method, the
drift demands fluctuate with respect to the ground motion used in the analyses and

reach levels greater that those of the original building.

In summary, both seismic retrofitting techniques display a more desirable
response than that of unretrofitted building for the 10 performance level.
However, for the LS and CP performance levels, the response of the building
retrofitted with the conventional technique becomes unsatisfactory due to the

effect of the heavy weight and premature failure of the squat infill shear panels. In
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addition, the proposed seismic retrofitting technique displays a highly stable

response regardless of the characteristics (e.g. frequency content) of the
earthquake used in the analyses.

Table 7.6 Comparison of the average of the maximum interstory drifts from the

seven earthquakes with the interstory drift capacity for the original building in the

x direction

Performance Level

Story 10 _ LS _ CP _
Demand | Capacity | Demand | Capacity | Demand | Capacity
(mm) (mm) (mm) (mm) (mm) (mm)
1 60 19 105 44 172 59
2 19 19 14 44 22 59

Table 7.7 Comparison of the average of the maximum interstory drifts from the

seven earthquakes with the interstory drift capacity for the building retrofitted

with the proposed method in the x direction

Performance Level

Story 10 - LS - cP -
Demand | Capacity | Demand | Capacity | Demand | Capacity
(mm) (mm) (mm) (mm) (mm) (mm)
1 7 19 12 50 31 66
2 15 19 25 50 43 66
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Table 7.8 Comparison of the average of the maximum interstory drifts from the

seven earthquakes with the interstory drift capacity for the building retrofitted

with the conventional method in the x direction

Performance Level

Story 10 - LS - cP -
Demand | Capacity | Demand | Capacity | Demand | Capacity
(mm) (mm) (mm) (mm) (mm) (mm)
1 21 19 54 45 233 69
2 14 19 16 45 17 69
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Figure 7.11 Maximum interstory and roof drifts for the school building in x

direction
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Figure 7.12 Average interstory and roof drifts for the school building in x

direction
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7.5.2 NLTH Analyses Results in the Y Direction of the School Building

The NLTH analyses results of the school building in the y direction for the
original and retrofitted conditions are tabulated in Tables 7.9, 7.10 and 7.11 and
shown in Figures 7.13 and 7.14. As observed from the tables and figures, the
performance of the building in the y direction is nearly identical to that in the y

direction.

Table 7.9 Comparison of the average of the maximum interstory drifts from the
seven earthquakes with the interstory drift capacity for the original building in the

y direction

Performance Level
Stor 10 LS CP
Y Demand Capacity | Demand | Capacity Capacity
Demand (mm)
(mm) (mm) (mm) (mm) (mm)
1 48 18 74 48 131 60
2 34 18 47 48 66 60

Table 7.10 Comparison of the average of the maximum interstory drifts from the

seven earthquakes with the interstory drift capacity for the building retrofitted

with the proposed method in the y direction

Performance Level

Story 10 _ LS _ CP _
Demand | Capacity | Demand | Capacity | Demand | Capacity
(mm) (mm) (mm) (mm) (mm) (mm)
1 13 19 25 49 61 62
2 12 24 18 58 25 73
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Table 7.11 Comparison of the average of the maximum interstory drifts from the

seven earthquakes with the interstory drift capacity for the building retrofitted

with the conventional method in the y direction

Performance Level

Story 10 - LS - cP -
Demand | Capacity | Demand | Capacity | Demand | Capacity
(mm) (mm) (mm) (mm) (mm) (mm)
1 20 18 55 45 211 58
2 11 18 13 45 14 58
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Figure 7.13 Maximum roof and story drifts for the school building in y direction
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Figure 7.14 Average roof and story drifts for the school building in y direction
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7.6 Shear Link Rotations for the Proposed Retrofitting System of the School
building

As mentioned earlier (Chapter 2), Kasai and Popov (1986a, 1986b) conducted
experimental tests on shear links made of stiffened W-sections. The test results
indicated a maximum rotation capacity of 0.1 radian for these sections. However,
the HP sections used in this study as links are stockier (made of much thicker web
plates) than the W-sections tested by Kasai and Popov (1986a, 1986b). Therefore,
it is expected that the HP sections used in this study as links may have rotation
capacities larger than 0.1 radian. This needs to be verified experimentally. The
rotation values of the most critical shear links in the most critical performance
level (CP) are presented for x and y directions of the school building in Figure
7.15. Table 7.12 gives the locations and ID numbers of the links used in the
NLTH analyses. In the table, the link locations are labeled as s-x(al-a2) where s is
the story number, X is the axis label along the retrofitted bay and al and a2 are the
axis labels at the left and right ends of the retrofitted bay of the frame. As
observed from Figure 7.15 the link rotations are smaller than or equal to 0.1
radian. Thus, the shear links used as part of the proposed retrofitting system are
expected to function as intended.
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Link Rotation (rad.)

0.10
0.08
0.06
0.04
0.02
0.00

Table 7.12 Shear link locations and ID numbers

X Direction Y Direction
Link Link

Location| ID |Location| ID

2-1(A-C) 1 2-A(1-2) 1

2-1(C-E) 2 2-A(8-9) 2

2-9(A-C) 3 2-E(1-2) 3

2-9(C-E) 4 2-E(8-9) 4

1-1(A-C) 5 1-A(1-2) 5

1-1(C-E) 6 1-A(4-5) 6

1-4(A-B) 7 1-A(5-6) 7

1-4(D-E) 8 1-A(8-9) 8

1-6(A-B) 9 1-E(1-2) 9

1-6(D-E) 10 1-E(4-5) 10

1-9(A-C) 11 1-E(5-6) 11

1-9(C-E) 12 1-E(8-9) 12

(x) — 0.10 _(V_) B ~
® 0.08 - |
5 006
£ 004 -
S 0.02 H H H H
€ 000 HALH LI TEELTELLTEH L
-l

1234567 8 9101112
Link Number

1234567 8 9101112
Link Number

Figure 7.15 Shear link rotations for the proposed retrofitting system of the school

building in the x and y directions
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7.7. Evaluation of the Story Drifts Along the Height of the School Building

Maximum story drift levels along the height of the school building is shown to
further assess the performance of the proposed seismic retrofitting system in
relation to original and conventional seismically retrofitted cases of the school
building.

7.7.1. Evaluation of the Story Drifts in X Direction

Maximum story drift levels along the height of the school building in the x-
direction are given in this section. The deformed shapes of the buildings are
obtained at the instant when the maximum interstory drift occurs. Figure 7.16
compares the deformed shapes of the original building as well as the building
retrofitted with the proposed and conventional methods for the average of the

seven ground motions for 10, LS and CP performance levels.

For the 10 performance level, the figure shows that both the building retrofitted
with the proposed and conventional method display similar deformed shapes. For
LS and CP performance level however, both the original and the conventionally
retrofitted building display similar deformed shapes. The deformation of both
buildings is mostly concentrated at the first-story level with the deformation at the
upper story level being relatively modest. This clearly indicates the formation of a
soft story and the concentration of the energy dissipation at the first story level.
For the CP performance level, the collapse of the squat infill shear panels in the
case of the conventional method dominates the behavior of the retrofitted
building, where interstory drifts larger than those of the original building are
observed. In the case of the building retrofitted with the proposed method the
deformations at the first and second story levels are uniform indicating a uniform

distribution of energy along the building height.

In summary, the building retrofitted with the proposed method has a smaller

interstory drifts compared to the other buildings for all performance levels
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considered. This is indicative of less damage in the case of a potential earthquake.
Furthermore, compared to the original and the conventionally retrofitted building,
the building retrofitted with the proposed technique exhibit a more uniform lateral

deformation pattern, and hence a more even distribution of energy dissipation

along the height of the building.
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Figure 7.16 Maximum story drifts along the height of the building for x direction

7.7.2. Evaluation of the Story Drifts in Y Direction

Maximum story drift levels along the height of the school building in the y-
direction are shown in Figure 7.17. As observed from the figure, the performance

of the buildings in the y direction is nearly identical to that in the x direction.
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Figure 7.17 Maximum story drifts along the height of the building for y direction

7.8 Comparative Damage Analyses of the Original and Retrofitted Buildings

7.8.1 General

In this section, damage analyses of the school building are performed to further
assess the performance of the proposed seismic retrofitting system in relation to
the original and conventional seismically retrofitted cases of the school building.
Seismic damage quantification is generally represented by damage indices that
range between 0 (no damage) and 1 (complete collapse). Many researchers have
proposed a number of damage models that calculate damage indices (Banon et al.
1981; Park and Ang, 1985; Kunnath et al. 1997; Chai, 1999; Perera et al. 2000;
Mehanny and Deierlein, 2001; Khashaee, 2005). However, most of these damage
models have concentrated almost exclusively on flexural modes of failure. Thus,
they may not be applicable to the proposed and conventional retrofitting systems
used in this study, due to the presence of shear yielding of shear links and shear
dominant behavior and failure of squat infill shear panels. Nevertheless, the
damage model proposed by Hindi and Sexsmith (2001) is primarily based on the
monotonic energy dissipating capacity of structural elements before and after the
application of reversed cyclic loading. Therefore, it may be universally applicable
to structural members exhibiting failure modes other than flexure, including steel

members failing in the shear mode. The validity of the model proposed by Hindi
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and Sexsmith (2001) to predict shear induced damage in squat infill shear panels
has already been proven by Hindi et al (2004). Furthermore, the damage model
proposed by Hindi and Sexsmith (2001) is different than most existing damage
models in that it does not require any tuning of damage equation coefficients for a
particular type of failure. Consequently, it is used for the damage assessment of
the retrofitted buildings employed in this study.

7.8.2 Damage Model of Hindi and Sexsmith (2001)

The damage model takes as a reference the monotonic energy dissipation capacity
of a structure in the undamaged virgin state, which is defined as the area, A,
under the static pushover curve up to the point of failure (Figure 7.18 (a)). With
the actual “n” cycles of load-displacement history applied on the structure due to a
potential earthquake, the remaining monotonic energy dissipation capacity of the
structure, compared to that in its virgin state, defines the extent of damage. The
remaining monotonic energy dissipation capacity of the structure is defined as the
area, A, under the static pushover curve obtained from the end of the last cycle,
n, to the failure point (Figure 7.18 (b)). Accordingly, the damage index is the ratio

D, = Ao—4n (7.1)

Ao

A damage index of 0 (A,=A,) is indicative of no damage, whereas a damage

index of 1 (A,=0) is indicative of complete damage or collapse.

A / ’
. U

Figure 7.18 Damage model of Hindi and Sexsmith (2001)
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7.9.3 Damage Analyses of the School Building

The damage analyses of the original and seismically retrofitted cases (with
conventional and proposed techniques) of the school building are performed as
part of this study. NLP analyses results of (Figures 7.9 and 7.10) are used to
obtain the monotonic energy dissipation capacity, Ao, in the virgin state. The
failure point is calculated, based on the recommendations of FEMA-356 (2000)
story drift limits for CP performance level. The school building is then subjected
to seven SSRS compatible ground motions with different scale factors for the
three performance levels considered in the retrofitting design. At the end of the
seismic event, the properties of the school building are different from the original
state, as the building undergoes permanent plastic deformation and suffer a
reduction in the lateral stiffness and strength values. Displacement controlled NLP
analyses are then performed on the frames starting from the end of the last cycle
of the hysteretic load-displacement curve due to the applied earthquake ground
motion. The area (energy) under the static pushover curve, A,, is then calculated
for the damaged state and substituted in Equation 7.1 to obtain the damage indices
for the school building.

7.8.4 Discussion of Damage Analyses Results

The results of the damage analyses of the school building for the x and y
directions are presented in Figure 7.19. In the figure, the averages of the damage
indices from the seven earthquakes used in the analyses are plotted as a function
of the performance level. It is observed from the figure that for the 1O
performance level a complete collapse (D,=1) of the original building is observed
while the damage indices for the buildings retrofitted with the proposed and
conventional methods are quite low and comparable. For the LS and CP
performance levels the building retrofitted with the proposed method experiences
significantly less damage than the one retrofitted with the conventional method.
This indicates a greater reserve energy dissipation capacity, less damage, and

smaller rehabilitation cost after a major seismic activity in the case of the building
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retrofitted with the proposed method. Thus, the damage analyses further reinforce
the more desirable behavior of the building retrofitted with the proposed

technique, as compared to that retrofitted with the conventional technique.
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Figure 7.19 Damage analyses results of the school building in the x and y

directions
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CHAPTER 8

SEISMIC RETROFIT EVALUATION OF THE OFFICE BUILDING

8.1 General

In this chapter, the seismic performance of the office building is assessed in the
original and the retrofitted conditions. The retrofitted conditions include the
proposed seismic retrofitting technique using steel shear link and braces encased
in a steel frame and a conventional seismic retrofitting technique using squat infill
shear panels. Both NLP and NLTH analyses of the office building in the original
and retrofitted conditions are conducted to assess its seismic performance. The
seismic performance assessment of the building is performed in terms of seismic
displacement demands and capacities as well as damage indices calculated for the

original and retrofitted conditions of the building.

8.2 Details of the Proposed Seismic Retrofitting Method

The sizes of the steel shear links and braces for the proposed seismic retrofitting
method are given in Tables 8.1 and 8.2 for the x and y directions of the building
respectively. Figure 8.1 shows the locations of the steel retrofitting panels used in
the x direction while Figure 8.2 shows the locations of the steel retrofitting panels
used in the y direction. In the figures the locations of the retrofitting system are

shown using thick black lines on the building plan.
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Table 8.1 Details of the steel retrofitting members in the x direction

Steel sections used in X-direction
Frame
Members
2 HE200M | HE120M | HE220B
HE180M | HE100M | HE220B
HE180M | HE100M | HE220B
HE140M HE100B | HE180B
HE140B | HE100B | HE180B

Story # | Shear Link | Braces

oo~ |lWw

Table 8.2 Details of the steel retrofitting members in the y direction

Steel sections used in Y-direction
Frame
Members
1 HE200M | HE120M HE220B
HE200M | HE120M HE220B
HE200M | HE100M HE220B
HE200M | HE100M HE220B
HE160M | HE100B HE180B
HE140B | HE100B HE180B

Story # | Shear Link | Braces

OO IW|IN
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Figure 8.1 Locations of the steel retrofitting panels within a story in the x

direction
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Figure 8.2 Locations of the steel retrofitting panels within a story in the y

direction
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8.3 Details of the Conventional Seismic Retrofitting Method

The details of the squat infill shear panels, used in the conventional seismic

retrofitting of the building are given in Tables 8.3 and 8.4 for the x and y

directions of the building respectively. Figure 8.3 shows the locations of the squat

infill shear panels used in the x direction while Figure 8.4 shows the locations of

the squat infill shear panels used in the y direction. In the figures the locations of

the retrofitting system are shown using thick black lines on the building plan.

Table 8.3 Details of the squat infill shear panels in the x direction

Squat infill shear panels used in X-direction| fc fy | Reinforcement
Width Height | Thickness |(Mpa)|(Mpa) %

Story (m) (m) (m)
2 [330&293|335&355[0.10&0.12| 20 420 0.30 & 0.25
3 |330&293(225&255|0.10&0.12| 20 420 0.21 &0.20
4 |330&293(225&255(0.10&0.12| 20 420 0.21 & 0.20
5 [330&293|225&255[0.10&0.12| 20 420 0.13 &0.13
6 |330&293[225&255/0.10&0.10 20 420 0.13 &0.13

Table 8.4 Details of the squat infill shear panels in the y direction

Squat infill shear panels used in Y- fo fy Reinforcement
direction (Mpa) | (Mpa) %
Width | Height | Thickness
Story | (m) | (m) (m)
1 3.40 2.70 0.10 20 420 0.13
2 3.40 3.40 0.10 20 420 0.13
3 3.40 2.55 0.10 20 420 0.13
4 3.40 2.55 0.10 20 420 0.13
5 3.40 2.55 0.10 20 420 0.11
6 3.40 2.55 0.10 20 420 0.11
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Figure 8.3 Locations of the squat infill shear panels within a story in the x
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Figure 8.4 Locations of the squat infill shear panels within a story in the y

direction
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8.4. Seismic Performance Evaluation of the Office Building Using the NLP
Analyses Results

In this section, comparative performance evaluation of the original and
seismically retrofitted buildings is performed using the NLP analyses results.
More detailed information is given in the subsequent sections.

8.4.1 Comparative Assessment of the Office Building’s Performance in the X

Direction

The NLP analyses results of the office building in the x direction for the original
and retrofitted conditions is shown in Figure 8.5 in terms of a base shear vs. roof
displacement plot. Figure 8.5 shows that the proposed retrofitting technique has a
larger monotonic energy dissipating capacity compared to that of the building
retrofitted with squat infill shear panels. Compared to the original case, the
retrofitted building for both the proposed and conventional cases exhibited a
considerable increase in lateral stiffness and strength. This is indicative of a better
seismic performance during a potential earthquake.

10000 - o
= ---0Original
> 8000 - —--Conventional
§ 6000 - —Proposed
o
*- 4000 -
8 — s ———
= 2000 - =
v |~ ____
0 = | | 1
0 50 100 150

Roof Displacement (mm)

Figure 8.5 The base shear force as a function of the drift at the top story level for

the office building in x direction

153



8.4.2 Comparative Assessment of the Office Building's Performance in the Y

Direction

The NLP analyses results of the office building in the y direction for the original
and retrofitted conditions is shown in Figure 8.6 in terms of a base shear vs. roof
displacement plot. From the figure, it is observed that the elastic lateral stiffness
of the conventionally retrofitted structure is smaller than the structure retrofitted
with the proposed method. As in the case of the school building, this difference is
attributed to the larger number of steel panels required to achieve the same yield
strength level as that of the squat infill shear panels. This, in turn resulted in a
higher elastic stiffness for the building retrofitted using the proposed method.
Thus, it is expected that the structure retrofitted with the proposed technique will
have a smaller drift, and hence a more desirable performance (e.g. less non
structural damage) under the effect of small intensity earthquakes associated with
the 10 performance level. Figure 8.6 clearly shows that the proposed retrofitting
technique have a larger monotonic energy dissipating capacity compared to that of
the building retrofitted with squat infill shear panels. Compared to the original
case, the retrofitted building for both the proposed and conventional cases
exhibited a considerable increase in lateral stiffness and strength. This is

indicative of a better seismic performance during a potential earthquake.
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Figure 8.6 The base shear force as a function of the drift at the top story level for

the office building in y direction

8.5 Comparative Performance Assessment of the Original and Retrofitted
Buildings by NLTH Analyses

In this section, comparative performance evaluation of the original and
seismically retrofitted buildings is performed using the NLTH analyses results.
The analyses results in terms of the maximum interstory drift, roof displacement
and damage indices are presented for each earthquake as well as, using the

average of the analyses results from the seven earthquakes.
8.5.1 NLTH Analyses Results in the X Direction of the Office Building

Tables 8.5, 8.6 and 8.7 compare the average of the interstory drift demands from
the seven earthquakes with the interstory drift capacities respectively for the
original building as well as the building retrofitted with the proposed and
conventional methods. In the tables, the analyses results are presented for the
three performance levels (10, LS, CP) considered in the retrofitting design of the

building. As observed from the tables, for the original building, the interstory drift
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demands severely exceed (especially for the fifth and the sixth stories) the
interstory drift capacities for all the performance levels considered in the analyses.
For the building retrofitted with the proposed method however, the interstory drift
demands are nearly equal to the corresponding capacities for all the performance
levels considered in the retrofitting design. Nevertheless, this is not the case for
the building retrofitted with the conventional method. For this case, while the
interstory drift demands for the 10 performance level is completely satisfied, the
interstory drift demands at the LS and CP performance levels for the fifth and
sixth stories are extremely larger than the corresponding capacities. This may be
attributed to the heavy weight and pinching in the hysteresis loops of the squat
infill shear panels resulting in smaller energy dissipation throughout the

earthquake compared to the case associated with proposed retrofitting system.

Figure 8.7 displays the maximum interstory drifts and maximum roof
displacements of the original and seismically retrofitted buildings as a function of
the earthquakes used in the analyses for each one of the seismic performance
levels (IO, LS, CP) considered in the retrofitting design. Figure 8.8 displays the
same information for the average of the maximum interstory drifts and maximum
roof displacements from the seven earthquakes used in the analyses. For the 10,
performance level, Figures 8.7 and 8.8 show that the lateral drift responses of the
original building and the building retrofitted with the proposed and conventional
techniques are comparable. For the LS and CP performance levels however, there
is a considerable increase in the value of the lateral drifts of the original office
building. Furthermore, Figure 8.8 shows that the story drift demands in the case of
the building retrofitted with the proposed method are lower than the building

retrofitted with the conventional technique.

In summary, both seismic retrofitting techniques display a more desirable
response than that of unretrofitted building for the 10 performance level.
However, for the LS and CP performance levels, the response of the building

retrofitted with the conventional technique becomes unsatisfactory due to the
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extremely large drift demands ( Table 8.6 and 8.7) due to the soft story formation,

at the upper three story levels of the office building.

Table 8.5 Comparison of the average of the maximum interstory drifts from the

seven earthquakes with the interstory drift capacity for the original building in the

x direction

Performance Level

Story 10 - LS - cp -
Demand | Capacity | Demand | Capacity | Demand | Capacity
(mm) (mm) (mm) (mm) (mm) (mm)
2 13 25 19 28 26 31
3 14 15 29 18 34 20
4 17 14 30 16 101 18
5 17 12 222 15 521 16
6 11 13 38 15 261 16

Table 8.6 Comparison of the average of the maximum interstory drifts from the

seven earthquakes with the interstory drift capacity for the building retrofitted

with the proposed method in the x direction

Performance Level

Story 10 - LS - cpP -
Demand | Capacity | Demand | Capacity | Demand | Capacity
(mm) (mm) (mm) (mm) (mm) (mm)
2 15 22 24 25 30 32
3 12 14 19 17 26 23
4 11 11 19 15 25 20
5 10 10 18 15 24 19
6 9 10 16 13 21 18
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Table 8.7 Comparison of the average of the maximum interstory drifts from the

seven earthquakes with the interstory drift capacity for the building retrofitted

with the conventional method in the x direction

Performance Level

Story 10 - LS - cp -
Demand | Capacity | Demand | Capacity | Demand | Capacity
(mm) (mm) (mm) (mm) (mm) (mm)
2 11 23 17 27 20 32
3 10 17 16 19 19 20
4 12 14 22 16 29 18
5 12 13 23 15 34 18
6 11 13 27 15 44 18
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8.5.2 NLTH Analyses Results in the Y Direction of the Office Building

The NLTH analyses results of the office building in the y direction for the original

and retrofitted conditions are tabulated in Tables 8.8, 8.9 and 8.10 and shown in

Figures 8.13 and 8.14. As observed from the tables and figures, the performance

of the building in the y direction is nearly identical to that in the x direction for the

unretrofitted case of the building. However, for both of the retrofitted cases of the

office building, the behavior of the office building for 10, LS and CP performance

levels is satisfactory where the building retrofitted with the proposed method

exhibits a slightly better performance.

Table 8.8 Comparison of the average of the maximum interstory drifts from the

seven earthquakes with the interstory drift capacity for the original building in the

y direction

Performance Level

Story 10 - LS - cP -
Demand | Capacity | Demand | Capacity Demand (mm) Capacity
(mm) (mm) (mm) (mm) (mm)
2 11 26 15 29 21 30
3 12 17 18 18 27 19
4 15 16 26 17 39 19
5 16 15 107 16 280 17
6 19 15 171 16 310 17
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Table 8.9 Comparison of the average of the maximum interstory drifts from the

seven earthquakes with the interstory drift capacity for the building retrofitted

with the proposed method in the y direction

Performance Level

Story 10 - LS - cpP -
Demand | Capacity | Demand | Capacity | Demand | Capacity
(mm) (mm) (mm) (mm) (mm) (mm)
2 11 25 19 27 26 30
3 12 15 19 17 25 20
4 11 16 16 17 23 20
5 7 12 10 15 12 18
6 6 8 9 12 11 15

Table 8.10 Comparison of the average of the maximum interstory drifts from the

seven earthquakes with the interstory drift capacity for the building retrofitted

with the conventional method in the y direction

Performance Level

Story 10 - LS - cP -
Demand | Capacity | Demand | Capacity | Demand | Capacity
(mm) (mm) (mm) (mm) (mm) (mm)
2 11 24 18 26 24 30
3 9 17 16 18 24 20
4 10 14 16 15 22 18
5 10 13 15 15 19 17
6 9 13 14 15 16 17
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Figure 8.9 Maximum roof and story drifts for the office building in y direction
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8.6 Shear Link Rotations for the Proposed Retrofitting System of the Office
building

The rotation values of the most critical shear links in the most critical
performance level (CP) are presented for x and y directions of the office building
in Figure 8.11. Table 8.11 gives the locations and ID numbers of the links used in
the NLTH analyses. As observed from Figure 8.11, the link rotations are smaller
than the 0.1 radian limit proposed by Kasai and Popov (1986a, 1986b). Thus, the
shear links used as part of the proposed retrofitting system are expected to

function as intended.

Table 8.11 Shear link locations and ID numbers

X Direction Y Direction
Location | Link ID | Location | Link ID
6-A(3-5) 1 6-6(B-C) 1
5-A(3-5) 2 5-6(B-C) 2
4-A(3-5) 3 4-6(B-C) 3
3-A(3-5) 4 3-6(C-D) 4
2-A(3-5) 5 2-6(B-C) 5
Y
— 0.05 1 () 0.05 - )
E E
é 0.03 - H H H S 0.03 - H
- ©
g 5 H
i 0.00 T T T T i 0.00 T ’_‘ T T T
c £
= 1 2 3 4 5 34 1 2 3 4 5
Link Number Link Number

Figure 8.11 Shear link rotations for the proposed retrofitting system of the office

building in the x and y directions
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8.7. Evaluation of the Story Drifts Along the Height of the Office Building.

Maximum story drift levels along the height of the office building is shown to
further assess the performance of the proposed seismic retrofitting system in
relation to original and conventional seismically retrofitted cases of the office
building.

8.7.1. Evaluation of the Story Drifts in X Direction

Maximum story drift levels along the height of the office building in the x-
direction are given in this section. The deformed shapes of the buildings are
obtained at the instant when the maximum interstory drift occurs. Figure 8.12
compares the deformed shapes of the original building as well as the building
retrofitted with the proposed and conventional methods for the average of the

seven ground motions for 10, LS and CP performance levels.

For the 10 performance level, the figure reveals that both the building retrofitted
with the proposed and conventional method display similar deformed shapes.
However, for the LS and CP performance levels, the original building and the
building retrofitted with the conventional method display a less uniform
distribution of interstory drifts along the height of the building compared to that of
the building retrofitted with the proposed method. In the case of the original
building a severe soft story formation at the fifth story level is observed. The
deformation of the building retrofitted with the conventional technique is mostly
concentrated at the fifth and sixth -story levels with the deformation at the lower
story levels being relatively modest. This resulted in slight soft-story formations at
the fifth and sixth story levels, as observed from Figure 8.12, and the
concentration of the energy dissipation at the fifth and sixth story levels.
Compared to the original and conventionally retrofitted building, the building
retrofitted with the proposed technique exhibit smaller interstory drifts, a better
lateral deformation pattern, and hence a more even distribution of energy
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dissipation along the height of the building. This is indicative of less damage in

the case of a potential earthquake.
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Figure 8.12 Maximum story drifts along the height of the building for x direction

8.7.2. Evaluation of the Story Drifts in Y Direction

Maximum story drift levels along the height of the office building in the y
direction for the original and retrofitted conditions are shown in Figure 8.17. As
observed from the figure, the performance of the building in the y direction is
nearly identical to that in the x direction for the unretrofitted case of the building.
However, for both of the retrofitted cases of the office building, the behavior of
the office building for 10, LS and CP performance levels are nearly identical and

satisfactory.
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Figure 8.13 Maximum story drifts along the height of the building for y direction

8.8 Comparative Damage Analyses of the Original and Retrofitted Buildings

The results of the damage analyses of the office building for the x and y directions
are presented in Figure 8.19. In the figure, the averages of the damage indices
from the seven earthquakes used in the analyses are plotted as a function of the
performance level. It is observed from the figure that for the 10 performance level
a severe damage (D,=0.68) to the original building is observed while the damage
indices for the buildings retrofitted with the proposed and conventional methods
are quite low and comparable. For the LS and CP performance levels in the y
direction the building retrofitted with both methods have similar damage indices.
However, in the x direction, the building retrofitted with the proposed method
experiences significantly less damage than the one retrofitted with the
conventional method. This indicates a greater reserve energy dissipation capacity,
less damage, and smaller rehabilitation cost after a major seismic activity in the
case of the building retrofitted with the proposed method. Thus, the damage
analyses further reinforce the more desirable behavior of the building retrofitted
with the proposed technique, as compared to that retrofitted with the conventional

technique.
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CHAPTER 9

SUMMARY AND CONSLUSIONS

This thesis presents a proposed seismic retrofitting system configured to improve
the performance of seismically vulnerable reinforced concrete buildings by
combining the advantages and eliminating most of the disadvantages of
conventional and modern response modification retrofitting techniques. The
proposed system is composed of a rigid steel frame with chevron braces and a
conventional energy dissipating shear link connected between the braces and the
frame. The retrofitting system is installed within the bays of a reinforced concrete
building frame to enhance the stiffness, strength and ductility of the structure. The
proposed system can be applied in various configurations where (i) the link and
the braces are directly connected to the reinforced concrete members, (ii) the link
is connected to a collector steel beam attached to the concrete beam and the rest of
the members are connected to the reinforced concrete members via steel plates
(iii) the link and the braces are encased in a steel frame system (steel panel) where
the steel frame is connected to the reinforced concrete members via bolts and
epoxy grouting. In order to select the configuration with the most benefits,
comparative finite element analyses of a sample, two stories, one bay reinforced
concrete frame retrofitted with various configurations of the proposed retrofitting
system are conducted. A retrofitting design procedure using the proposed seismic
retrofitting system is also developed as part of this study. The developed design
methodology is based on performance-based design procedure. The retrofitting
design procedure is configured to provide a uniform dissipation of earthquake
input energy along the height of the reinforced concrete building. In addition to
that, the performance of two existing reinforced concrete buildings retrofitted
using the proposed methodology and a conventional technique involving
reinforced concrete shear panels (squat infill shear walls) is also compared as part

of this study. Followings are the conclusions deduced from this study.
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From the 2-D and 3-D finite element analyses results of a sample reinforced
concrete frame, the third configuration of the proposed seismic retrofitting
method, where the link and the braces are encased in a steel frame system, was
observed to increase the stiffness and strength of the frame while decreasing the
stress concentrations within the reinforced concrete members of the frame and
providing support to the reinforced concrete structure to prevent potential collapse
due to gravitational effects after a potential damaging earthquake. Accordingly,
the third configuration is selected for the retrofitting of the buildings used in this

study.

The NLP and NLTH analyses results revealed that the proposed seismic
retrofitting system can efficiently alleviate the detrimental effects of earthquakes
on the buildings. The building retrofitted with the proposed seismic retrofitting
system has a more stable lateral force-deformation behavior with enhanced energy
dissipation capability than that of the one retrofitted with squat infill shear panels.
For 10 performance level (small intensity ground motions), the maximum inter-
story drift of the building retrofitted with the proposed seismic retrofitting system
is comparable to that of the one retrofitted with squat infill shear panels. But, for
LS and CP performance levels (moderate to high intensity ground motions), the
maximum inter-story drift of the building retrofitted with the proposed seismic
retrofitting system is considerably smaller than that of the one retrofitted with
squat infill shear panels. Furthermore, compared with the building retrofitted with
squat infill shear panels, for LS and CP performance levels (medium to large
intensity ground motions), the building retrofitted with the proposed method
experiences significantly less damage due to the more ductile behavior of the

system.
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APPENDIX

Table Al Dimensions of reinforced column and beams of the school building

Column-Name | Dimension(x)(cm) | Dimension(y)(cm)
C-1-Al 30 50
C-1-A2 30 50
C-1-A3 30 50
C-1-A4 30 50
C-1-A5 30 60
C-1-A6 30 50
C-1-A7 30 50
C-1-A8 30 50
C-1-A9 30 50
C-1-B2 30 50
C-1-B3 30 50
C-1-B4 30 50
C-1-B6 30 50
C-1-B7 30 50
C-1-B8 30 50
C-1-C1 50 40
C-1-C2 50 40
C-1-C4 50 40
C-1-C5 55 50
C-1-C6 50 40
C-1-C8 50 40
C-1-C9 50 40
C-1-D2 30 50
C-1-D3 30 50
C-1-D4 30 50
C-1-D6 30 50
C-1-D7 30 50
C-1-D8 30 50
C-1-E1 30 50
C-1-E2 30 50
C-1-E3 30 50
C-1-E4 30 50
C-1-E5 30 60
C-1-E6 30 50
C-1-E7 30 50
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Table Al (cont’d)

C-1-E8 30 50
C-1-E9 30 50
C-2-Al 30 50
C-2-A2 30 50
C-2-A3 30 50
C-2-Ad 30 50
C-2-A5 30 60
C-2-A6 30 50
C-2-A7 30 50
C-2-A8 30 50
C-2-A9 30 50
C-2-B2 30 50
C-2-B3 30 50
C-2-B4 30 50
C-2-B6 30 50
C-2-B7 30 50
C-2-B8 30 50
C-2-C1 50 40
C-2-C2 50 40
C-2-C4 50 40
C-2-C5 50 40
C-2-C6 50 40
C-2-C8 50 40
C-2-C9 50 40
C-2-D2 30 50
C-2-D4 30 50
C-2-D6 30 50
C-2-D8 30 50
C-2-El 30 50
C-2-E2 30 50
C-2-E3 30 50
C-2-E4 30 50
C-2-E5 30 60
C-2-E6 30 50
C-2-E7 30 50
C-2-E8 30 50
C-2-E9 30 50
Beam-Name Width(cm) Height(cm)
B-1-A(1-2) 30 70
B-1-A(2-3) 30 70
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Table Al (cont’d)

B-1-A(3-4) 30 60
B-1-A(4-5) 30 70
B-1-A(5-6) 30 70
B-1-A(6-7) 30 60
B-1-A(7-8) 30 70
B-1-A(8-9) 30 70
B-1-B(2-3) 30 50
B-1-B(3-4) 30 50
B-1-B(6-7) 30 50
B-1-B(7-8) 30 50
B-1-C(1-2) 40 70
B-1-C(4-5) 40 70
B-1-C(5-6) 40 70
B-1-C(8-9) 40 70
B-1-D(2-3) 30 70
B-1-D(3-4) 30 70
B-1-D(6-7) 30 70
B-1-D(7-8) 30 70
B-1-E(1-2) 30 70
B-1-E(2-3) 30 70
B-1-E(3-4) 30 70
B-1-E(4-5) 30 70
B-1-E(5-6) 30 70
B-1-E(6-7) 30 70
B-1-E(7-8) 30 70
B-1-E(8-9) 30 70
B-1-1(A-C) 30 70
B-1-1(C-E) 30 70
B-1-2(A-B) 30 50
B-1-2(B-C) 30 50
B-1-2(C-D) 30 50
B-1-2(D-E) 30 50
B-1-3(A-B) 30 50
B-1-3(D-E) 30 70
B-1-4(A-B) 30 50
B-1-4(B-C) 30 50
B-1-4(C-D) 30 50
B-1-4(D-E) 30 70
B-1-5(A-C) 40 70
B-1-5(C-E) 40 70
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Table Al (cont’d)

B-1-6(A-B) 30 50
B-1-6(B-C) 30 50
B-1-6(C-D) 30 50
B-1-6(D-E) 30 70
B-1-7(A-B) 30 50
B-1-7(D-E) 30 70
B-1-8(A-B) 30 50
B-1-8(B-C) 30 50
B-1-8(C-D) 30 50
B-1-8(D-E) 30 50
B-1-9(A-C) 30 70
B-1-9(C-E) 30 70
B-2-A(1-2) 30 70
B-2-A(2-3) 30 70
B-2-A(3-4) 30 70
B-2-A(4-5) 30 70
B-2-A(5-6) 30 70
B-2-A(6-7) 30 70
B-2-A(7-8) 30 70
B-2-A(8-9) 30 70
B-2-B(2-3) 40 70
B-2-B(3-4) 40 70
B-2-B(6-7) 40 70
B-2-B(7-8) 40 70
B-2-C(1-2) 40 70
B-2-C(4-5) 40 70
B-2-C(5-6) 40 70
B-2-C(8-9) 40 70
B-2-D(2-4) 40 70
B-2-D(6-8) 40 70
B-2-E(1-2) 30 70
B-2-E(2-3) 30 70
B-2-E(3-4) 30 70
B-2-E(4-5) 30 70
B-2-E(5-6) 30 70
B-2-E(6-7) 30 70
B-2-E(7-8) 30 70
B-2-E(8-9) 30 70
B-2-1(A-C) 30 70
B-2-1(C-E) 30 70
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Table Al (cont’d)

B-2-2(A-B) 30 50
B-2-2(B-C) 30 50
B-2-2(C-D) 30 50
B-2-2(D-E) 30 50
B-2-4(A-B) 30 50
B-2-4(B-C) 30 50
B-2-4(C-D) 30 50
B-2-4(D-E) 30 50
B-2-5(A-C) 30 70
B-2-5(C-E) 30 70
B-2-6(A-B) 30 50
B-2-6(B-C) 30 50
B-2-6(C-D) 30 50
B-2-6(D-E) 30 50
B-2-8(A-B) 30 50
B-2-8(B-C) 30 50
B-2-8(C-D) 30 50
B-2-8(D-E) 30 50
B-2-9(A-C) 30 70
B-2-9(C-E) 30 70
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Table A2 Dimensions of reinforced column and beams of the office building

Column
Name Dimension(x)(cm) | Dimension(y)(cm)

C-1-Al 30 60
C-1-A3 40 25
C-1-A5 40 40
C-1-A6 40 40
C-1-B1 65 35
C-1-B3 40 40
C-1-B5 40 45
C-1-B6 45 60
C-1-C1 35 65
C-1-C5 55 45
C-1-C6 25 50
C-1-D1 35 65
C-1-D3 60 60
C-1-D5 25 60
C-1-D6 25 65
C-1-E1 35 90
C-1-E2 60 60
C-1-E4 60 60
C-1-E5 60 65
C-1-E6 45 60
C-2-Al 30 60
C-2-A3 40 25
C-2-A5 40 40
C-2-A6 40 40
C-2-B1 65 35
C-2-B3 40 40
C-2-B5 40 45
C-2-B6 45 60
C-2-C1 35 65
C-2-C5 55 45
C-2-C6 25 50
C-2-D1 35 65
C-2-D3 40 40
C-2-D5 25 60
C-2-D6 25 65
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Table A2 (cont’d)

C-2-El 35 90
C-2-E2 40 60
C-2-E4 40 60
C-2-E5 40 65
C-2-E6 45 45
C-3-Al 25 40
C-3-A3 40 25
C-3-A5 35 35
C-3-A6 35 35
C-3-B1 65 25
C-3-B3 40 40
C-3-B5 35 35
C-3-B6 25 30
C-3-C1 30 30
C-3-C5 25 40
C-3-C6 25 30
C-3-D1 25 65
C-3-D3 35 35
C-3-D5 25 55
C-3-D6 30 60
C-3-E1 30 60
C-3-E2 30 60
C-3-E4 30 35
C-3-E5 30 65
C-3-E6 25 30
C-4-Al 25 30
C-4-A3 30 25
C-4-A5 25 30
C-4-A6 30 25
C-4-B1 25 25
C-4-B3 35 35
C-4-B5 25 35
C-4-B6 25 30
C-4-C1 25 25
C-4-C5 25 25
C-4-C6 25 30
C-4-D1 25 30
C-4-D3 35 35
C-4-D5 25 40
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Table A2 (cont’d)

C-4-D6 25 40
C-4-E1 25 30
C-4-E2 25 45
C-4-E4 25 25
C-4-E5 25 50
C-4-E6 25 30
C-5-Al 20 30
C-5-A3 30 25
C-5-A5 25 30
C-5-A6 25 30
C-5-B1 20 25
C-5-B3 35 35
C-5-B5 25 35
C-5-B6 25 30
C-5-C1 20 25
C-5-C5 25 25
C-5-C6 25 30
C-5-D1 20 30
C-5-D3 35 35
C-5-D5 25 30
C-5-D6 25 30
C-5-E1 20 30
C-5-E2 25 35
C-5-E4 25 20
C-5-E5 25 30
C-5-E6 25 30
C-6-Al 15 30
C-6-A3 20 20
C-6-A5 20 20
C-6-A6 20 20
C-6-B1 20 20
C-6-B3 30 30
C-6-B5 20 20
C-6-B6 20 20
C-6-C1 20 20
C-6-C5 20 20
C-6-C6 20 20
C-6-D1 20 20
C-6-D3 30 30
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Table A2 (cont’d)

C-6-D5 20 20

C-6-D6 20 20

C-6-E1 15 30

C-6-E2 20 25

C-6-E4 20 20

C-6-E5 20 20

C-6-E6 20 20

Beam Name Width(cm) Height(cm)

B-1-B(1-3) 10 60
B-1-B(3-5) 10 60
B-1-C(1-3) 10 55
B-1-D(1-3) 10 65
B-1-D(3-5) 10 65
B-1-D(5-6) 10 65
B-2-A(1-3) 10 50
B-2-A(3-5) 10 50
B-2-A(5-6) 10 50
B-2-B(1-3) 10 60
B-2-B(3-5) 10 60
B-2-C(1-3) 10 55
B-2-D(1-3) 10 65
B-2-D(3-5) 10 65
B-2-D(5-6) 10 65
B-2-E(1-2) 10 50
B-2-E(5-6) 10 50
B-3-A(1-3) 10 50
B-3-A(3-5) 10 50
B-3-A(5-6) 10 50
B-3-B(1-3) 10 60
B-3-B(3-5) 10 60
B-3-C(1-3) 10 55
B-3-D(1-3) 10 65
B-3-D(3-5) 10 65
B-3-D(5-6) 10 65
B-3-E(1-2) 10 50
B-3-E(5-6) 10 50
B-4-A(1-3) 10 50
B-4-A(3-5) 10 50
B-4-A(5-6) 10 50
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Table A2 (cont’d)

B-4-B(1-3) 10 60
B-4-B(3-5) 10 60
B-4-C(1-3) 10 55
B-4-D(1-3) 10 65
B-4-D(3-5) 10 65
B-4-D(5-6) 10 65
B-4-E(1-2) 10 50
B-4-E(5-6) 10 50
B-5-A(1-3) 10 50
B-5-A(3-5) 10 50
B-5-A(5-6) 10 50
B-5-B(1-3) 10 60
B-5-B(3-5) 10 60
B-5-C(1-3) 10 55
B-5-D(1-3) 10 65
B-5-D(3-5) 10 65
B-5-D(5-6) 10 65
B-5-E(1-2) 10 50
B-5-E(5-6) 10 50
B-6-A(1-3) 10 50
B-6-A(3-5) 10 50
B-6-A(5-6) 10 50
B-6-B(1-3) 10 60
B-6-B(3-5) 10 60
B-6-C(1-3) 10 55
B-6-D(1-3) 10 65
B-6-D(3-5) 10 65
B-6-D(5-6) 10 65
B-6-E(1-2) 10 50
B-6-E(5-6) 10 50
B-1-3(B-D) 20 55
B-1-4(D-E) 10 55
B-1-5(A-B) 10 40
B-1-5(B-C) 10 40
B-1-5(C-D) 10 40
B-1-5(D-E) 10 40
B-1-6(A-B) 10 50
B-1-6(B-C) 10 50
B-1-6(C-D) 10 50
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Table A2 (cont’d)

B-1-6(D-E) 10 50
B-2-1(A-B) 10 50
B-2-1(D-E) 10 50
B-2-3(B-D) 20 55
B-2-4(D-E) 10 55
B-2-5(A-B) 10 40
B-2-5(B-C) 10 40
B-2-5(C-D) 10 40
B-2-5(D-E) 10 40
B-2-6(A-B) 10 50
B-2-6(B-C) 10 50
B-2-6(C-D) 10 50
B-2-6(D-E) 10 50
B-3-1(A-B) 10 50
B-3-1(D-E) 10 50
B-3-3(B-D) 20 55
B-3-4(D-E) 10 55
B-3-5(A-B) 10 40
B-3-5(B-C) 10 40
B-3-5(C-D) 10 40
B-3-5(D-E) 10 40
B-3-6(A-B) 10 50
B-3-6(B-C) 10 50
B-3-6(C-D) 10 50
B-3-6(D-E) 10 50
B-4-1(A-B) 10 50
B-4-1(D-E) 10 50
B-4-3(B-D) 20 55
B-4-4(D-E) 10 55
B-4-5(A-B) 10 40
B-4-5(B-C) 10 40
B-4-5(C-D) 10 40
B-4-5(D-E) 10 40
B-4-6(A-B) 10 50
B-4-6(B-C) 10 50
B-4-6(C-D) 10 50
B-4-6(D-E) 10 50
B-5-1(A-B) 10 50
B-5-1(D-E) 10 50
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Table A2 (cont’d)

B-5-3(B-D) 20 55
B-5-4(D-E) 10 55
B-5-5(A-B) 10 40
B-5-5(B-C) 10 40
B-5-5(C-D) 10 40
B-5-5(D-E) 10 40
B-5-6(A-B) 10 50
B-5-6(B-C) 10 50
B-5-6(C-D) 10 50
B-5-6(D-E) 10 50
B-6-1(A-B) 10 50
B-6-1(D-E) 10 50
B-6-3(B-D) 20 55
B-6-4(D-E) 10 55
B-6-5(A-B) 10 40
B-6-5(B-C) 10 40
B-6-5(C-D) 10 40
B-6-5(D-E) 10 40
B-6-6(A-B) 10 50
B-6-6(B-C) 10 50
B-6-6(C-D) 10 50
B-6-6(D-E) 10 50
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