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ABSTRACT

SEISMIC UPGRADING OF REINFORCED CONCRETE FRAMES VAT
STRUCTURAL STEEL ELEMENTS

Ozcelik, Ramazan
Ph.D., Department of Civil Engineering
Supervisor: Assoc. Prof. Dr. Baminici
June 2011, 254 pages

This thesis examines the seismic internal retiojtof existing deficient reinforced concrete
(RC) structures by using structural steel memi®osh experimental and numerical studies
were performed. The strengthening methods utilizithl the scope of this work are chevron
braces, internal steel frames (ISFs), X-bracescahemn with shear plate. For this purpose,
thirteen strengthened and two as built refereneeliay one story portal frame specimens
having 1/3 scales were tested under constant gréwéd and increasing cyclic lateral
displacement excursions. In addition, two % scalede bay-two story frame specimens
strengthened with chevron brace and ISF were telsfe@mploying continuous pseudo
dynamic testing methods. The test results indic#tedl the cyclic performance of the X-
brace and column with shear plate assemblage tpohinvere unsatisfactory. On the other
hand, both chevron brace and ISF had acceptablec ggerformance and these two
techniques were found to be candidate solutionssé&smic retrofitting of deficient RC
structures. The numerical simulations by conductinglinear static and dynamic analysis
were used to estimate performance limits of thefR@e and steel members. Suggested
strengthening approaches, chevron brace and ISk, also employed to an existing five
story case study RC building to demonstrate thdopeance efficiency. Finally, design
approaches by using existing strengthening guidslim Turkish Earthquake Code and
ASCE/SEI 41 (2007) documents were suggested.

Keyword: Seismic retrofit, RC frames, chevron braogernal steel frame, nonlinear static

and dynamic analysis.
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BETONARME CERCEVELERN CELIK YAPI ELEMANLARI ILE SISMIK
GUCLENDIRILMESI

Ozcelik, Ramazan
Doktora,insaat Miihendisfii Bolimii
Tez Yoneticisi: Dog. Dr. BagiBinici

Haziran 2011, 254 sayfa

Bu tez, mevcut kusurlu betonarme yapilarin celigyeemanlari ile deprem gticlendirilmesi
uygulamalarini incelemektedir. Caha kapsaminda hem deneysel hem de sayisal
simulasyon cagmalari yapilmgtir. incelenen giiclendirme teknikleri i¢ ters V celik igap
(ITVCCQ), ic celik cerceveiCC), X celik capraz ve kesme plakali kolon uygulEmadan
olusmaktadir. Deneyler, 1/3 dlgekli tek katl tek agikl 13 adet guglendirilngi ve iki adet
referans c¢ergevesi lzerinde sabigedllylk ve artan tersinir ¢evrimli yatay yiuklemeradia
gerceklatirilmistir. Buna ek olarak]TVCC ve ICC ile guglendirilen 2 adet % élcekli tic
aciklikh iki kath cerceve Diuzce deprem kaydi lmilarak dinamik benzerli test yontemi ile
denenmjtir. Test sonuclari, X capraz ve kesme plakali kalggulamalarinin yetersiz yapi
performansi sundiunu gosternsiir. ITVCC veiCC ile guiclendirme yontemleri ise kararli
bir performansa sahip olmakla beraber busgad sonucunda guiclendirme icin kullanilabilir
bulunmuytur. Sayisal simulasyonlar, elastik ttesi statikdugamik analizler yapilarak gelik
ve betonarme cerceve elemanlarinin performanslainin tahmin edilebilmesi icin
gerceklgtirilmistir. Bu calsmada tavsiye edileniTVCC ve ICC ile giclendirme
uygulamalarinin etkili yontemler olgunu gostermek icin 5 katli mevcut kusurlu bir
betonarme bina bu ydntemler ile guclendiritini Sonug¢ olarak betonarme ve celik yapi
elemanlari icin mevcut olan Tirk Deprem Yonet@iele ASCE/SEI 41 (2007) dékimanlari
kullanilarak sismik guclendirmenin nasil gercgtitdebilecesi konusunda ©neriler
getirilmistir.

Anahtar Kelimeler: Sismik gu¢lendirme, betonarmpila, i¢ ters V c¢elik caprazlar, i¢ celik

cerceve, elastik 6tesi statik ve dinamik analiz.
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CHAPTER 1

1. INTRODUCTION

1.1 General

Poor performance of reinforced concrete (RC) bogdiwas demonstrated dramatically in
recent earthquakes in Turkey, Taiwan, SumatraPakistan (Saatcioglu et al., 2001; Sezen
et al., 2003; Yakut et al., 2005). In order to gate the seismic risk in these heavily
populated yet seismically vulnerable regions, cahpnsive programs including seismic
risk assessment, urban city planning, building @atdn and strengthening/demolition
feasibility studies need to be conducted. A key ponent of such programs is to develop
and provide a wide variety of seismic upgrade ndhmgies that are suitable for developing
countries with severe budgetary limitations.

Common deficiencies of RC buildings in many of tteveloping countries owe either to
lack of knowledge about seismic risk or to malpecand insufficient quality control during
construction. Plan and elevation irregularitie@rslsolumns, weak and soft first stories (due
to commercial places) are the system level defisgenthat adversely affect the seismic
performance of the structures. The poor qualitytrmbrnusually results in low strength
concrete (in the range of 7 to 15 MPa g&tay, 2005; Tezcan arigek, 1995; Dgangiin
2004)). Insufficient spacing of transverse confinreinforcement in beams, columns and
joints, and insufficient splice length at columritical regions are member deficiencies
commonly observed in RC members. While these dgfites may be addressed by

member-level seismic upgrade techniques, this sfodyses on structural-level upgrade



techniques, which imply installing new and muclosger structural systems such that the
lateral strength, stiffness and perhaps deforngloli the retrofitted structure are restored.
The system strengthening methods provide globalifmation on the lateral resisting load
path by strengthening the frame at selected bays.

There is a numbers of retrofitting techniques adé to the use of engineers such as
installation of structural shear wall, use of stunal steel members (i.e. steel brace, internal
steel frame), and application of FRP diagonal wademong these techniques, adding
structural shear walls is the most commonly empdas@ution. It provides significant lateral
stiffness and strength to the existing system agighshin relieving the demand on the
deficient members under seismic attack. Howevaes, itiethod has disadvantages such as
being time consuming and requiring the evacuatioth® building during concrete casting.
Therefore, the need to develop practical, rapite aad economical retrofitting techniques
still remains to be an important task of structamadl earthquake engineering.

Steel braces are known to be effective in providatgral strength and stiffness for steel
frames. High lateral stiffness of the braces cdstiateral deflection of the structures.
However, brace members experience severe strerggtadhtion as a result of tension-
compression cycles after buckling. This effectaflected in the seismic codes through the
use of relatively low response modification (or &ebr) factors compared to those used for
other structural systems (Marino and Nakashima5P00n the other hand, use of steel
braces is very economical for low rise frame surtes for seismic resistance (Tremblay and
Robert, 2001). Noting the fact that most of theiadlefit RC frames lack deformation
capacity, it seems to be an acceptable approasetsteel braces in controlling deformation
demands within the range of moderate ductility dedsa In other words, the objective of
economical seismic retrofit for non-ductile builgegncan be viewed as providing sufficient
stiffness, strength and moderate ductility capadiyrthermore, the use of steel braces for
seismic retrofit is worth evaluating due to advgetasuch as addition of minimal mass to
the structure, little disturbance on the functigniof the building, and its ability to
accommodate openings for architectural purposelighih of the literature review presented
in next section, it was observed that there istéchnumber of comprehensive studies on the
use of post installed structural steel memberssiismic strengthening of deficient RC
frames with low strength concrete, plain bars arsfficient confining steel. The objective
of this study is to investigate the performancstaictural steel members when they are used
in the upgrade of such deficient RC frames. In thisy, possible design methods and
limitations of such systems in seismic retrofitda® to mid-rise frames can be established.
The internal steel frame (ISF) is a relatively raviject to retrofit the deficient RC building

stocks in Turkey. The ISF is intended to easilyoasmodate wall openings for architectural
2



requirements. Furthermore, inspiring from the soser$mic behavior of moment resisting
frames, ISFs are expected to exhibit a ductileaesp. Hence, they are believed to be good

candidates for seismic retrofit of deficient ROnfies.

1.2 Literature Survey

The seismic retrofitting studies have been hedmigstigated in the last three decades. This
section presents a numbers of studies on seisttnafittng in relevant to the focus of the
study. First, the understanding of individual stbehice member behavior is explained.
Afterwards, braced frame and moment resisting $taele behavior is briefed. Finally, the

use of structural steel for seismic retrofit ofidiet RC frames in the literature is discussed.

1.2.1 Steel Brace Research

Popov et al. (1976) conducted a literature reviemthe structural steel bracing systems. In
this study, studies up to 1976s on the behaviatex| brace members, steel braced frames,
experimental and analytical studies of the indigidsteel brace member and the behavior of
the concentrically braced frame under static andadyic loading were discussed. This
literature review pointed out the need of furtheperimental work to better understand the

brace and braced frame behavior.

Black et al. (1980) performed an experimental sttaydetermine the inelastic buckling
response of the steel members. For this purposste2d members with various slenderness
and range of cross-sectional shapes and end caomg¢iix and pin) were tested. Based on
experimental results it was found that althoughlcénmembers had significant axial tension
capacity, after vyielding, the compression capaaity the brace members dropped

significantly (Figure 1.1). This drop was closeiyated to the brace slenderness.
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Figure 1.1 Force deformation curve of brace mentddarn from Black et al. 1980

Tremblay (2002) conducted a comprehensive expetahestudy by testing 76 brace
specimens having various section types, crossoseatiea, end conditions, brace effective
slenderness, material properties, and displaceimstdries. It was found that except one
specimen, the actual yield strength of the steaéna is higher than the nominal values in
all test specimens. Hence, this variation shoulddresidered in design. Loading history had
an important effect on the maximum tension forcehef brace member. If a large tension
excursion is applied at early stages in the tehts highest loads could be observed. The
strain hardening of braces made of tubular shapssmore effective than that of hot rolled
shapes. In order to estimate the minimum brace oessjve strength at a specific ductility’s
simple equations were proposed based on the téstfolathe symmetrical displacement
history. The deformation response of the braceidinb the post buckling may be calculated
by using the proposed equations derived usinga$iedata. It was found that brace fracture
for the rectangular hollow sections depends on linace slenderness significantly.
Furthermore, width-to-thickness ratio of the cresstion and the imposed displacement

history has also effects on the brace fracturanbtiis well as slenderness.

Goggins et al. (2005) performed an experimentalyston cyclic response of cold-formed
hollow steel bracing members. The yield strengthhef cold-formed steel members was
observed to be higher than the strength usuallynastd by the design codes. This seemed
to be a problem for boundary elements. Both ter(silghest for members of intermediate
slenderness) and compressive strength degradatsnolyserved during the test. It was
found that displacement ductility capacity of brasember increased with brace slenderness

but it dropped with width to thickness ratio.



Broderick et al. (2005) conducted an experimertiadys on monotonic and cyclic response
of the hollow and mortar filled steel members. Té® results indicated that hollow sections
were vulnerable to the reverse cyclic axial dispmaents. Due to local-buckling, brace
fracture was observed during the experiments. ®mther hand, the mortar infill seemed to
prevent partially the brace from local buckling.rthRermore, the ductility of the brace

members depends on their slenderness.

Han et al. (2007-a) tested eleven cold-formed molistructural section (HSS) brace
members by using quasi-static reversed cyclic fgadirhe main aim of the experimental
study was to determine the effect of the width-khéss ratio on the seismic behavior of the
HSS. The researchers observed that if the widttkitless ratio of the HSS brace members is
low, the local buckling was delayed hence resultm@gn increase of fracture life. On the
other hand, the slot failure was another problenthefHSS brace member which may be
seen for low width—thickness ratios. Moreover, kbwer the width—thickness ratio of the

HSS braces members the higher was the energy aissifapacity.

Han et al. (2007-b) suggested a new design apprimacnder to prevent the slot failure

observed during the tests conducted by Han et@07-a). For the new design purpose, it
was suggested that design fracture strength afehsection should be larger than the design
yield strength of the gross section of the HSS dmaember. To ensure this, the slot ends

were reinforced with steel plates welded to the H&®8e member.

Uriz et al. (2008) proposed a model to predictitfsdastic buckling behavior of steel braces.
In this model, inelastic beam-column element witbrratational formulation of the
OpenSees simulation platform was used to estinfeebtace force-deformation relation.
The proposed model was calibrated with the test Ineesnconducted by Black et al. (1980)
in terms of initial imperfection, number of elemend represent the brace member, support
conditions and number of integration points. It vimsnd that the modeling of the second
order effect along the brace is better when thebaurof elements to represent the brace is
larger. On the other, at least two members weradda be sufficient for a reasonable global
response of the brace force-deformation estimdtjonsing force based frame elements. The
initial imperfection at the mid length of the bramember (0.05-0.1% of the brace length)
produced better estimations for brace behavior. pleposed modeling approach was

successful in general to predict the cyclic behaefdhe compact brace members.



Khatib et al. (1988) investigated the cyclic belbawf the concentric steel braced frames
focusing on chevron braced frames. The main obgestof this study were to determine the
parameters that influence the inelastic force tabigions in chevron braced frames (soft
story is a problem in chevron braced frames) torawp the behavior of chevron braced
frames, and to examine different design alternati#@r this purpose, one bay-one story and
three bay-six story braced frame were examined usid¢ic and dynamic demands. It was
observed that using a stiff beam at the braceddmylted in large column axial compression
forces which may causes column yielding. To prewdig, columns size needs to be
increased. Furthermore, using stocky brace menaiénsot improve the performance of the
braced frame significantly. Zipper column applioatiwas also proposed to improve the

response of the braced frame.

Hassan and Goel (1991) conducted nonlinear dynamatysis in order to examine the six
story concentrically braced frame structures witld avithout moment resisting frame. First
of all, an improved hysteresis model for brace memslis proposed to use in the analysis. It
was proposed that in order to prevent the steeinbi@dure of a chevron braced frame,
unbalance force after brace buckling should be idensd. Moreover, the strength of the
beam at the braced bay has no significant effedherlateral strength of the non-moment
concentrically chevron braced frame. For the amalyframe, 1/3 of lateral strength was
carried by the columns in the non-moment conceadtyichevron braced frame. Designing a
non-moment resisting frame while considering thetitity of braces and assuming a lateral
force reduction factor as high as 10 resulted icebent behavior. In addition, designing
chevron braced moment resisting frames with dudiiigces and assuming lateral force

reduction factor as 12 resulted in acceptable padiace under severe ground motions.

Remennikov and Walpole (1997) performed an anallystudy on the prediction of seismic
response of the low-rise X- and V-steel braceddingjs. In this study, firstly, the inelastic
force deformation relation of the individual bracembers was developed. The proposed
hysteretic behavior for individual braces was calied with the test data. By using the
proposed model, two story-steel braced buildingsevemalyzed. It was proposed that ductile
behavior of braced frames depends on the structiwetility factor which should not be

greater than 3.

Tremblay and Robert (2001) performed an analytstaidy to investigate the seismic
behavior of 2-, 4-, 8-, and 12-storey chevron steelced frames. There were four type

frames examined: Nominal ductility braced frame @H) was designed with considering
6



design lateral resistance R factor of 2. In thasrfe, beams should be designed to provide to
strength sufficient at the initiation of buckling the bracing members. The other three
frames were more ductile braced frames (DBFs) desigvith the R factor of 3. In the
design of the beams the braced bays of these fitaraes were designed for 100%, 80%, and
60% of the brace yield load which led to three bcadrame systems namely DBF-100,
DBF-80, and DBF-60. It was found that inelasticp@sses of the bracing members caused
significant reduction in storey shear resistancd stiffness leading to a soft story and
dynamic instability problem. In order to compenstitis drawback, following conclusions
were reached: the numbers of story for the NDBFRukhbe limited to up to 2. For higher
stories up 4 stories, the drift and bending momemdy be high. The maximum number of
story of the DBF-60 and DBF-100 systems should petw 4 and 12, respectively.
Furthermore, DBF-100 systems up to 12 storeys cbaldsed as far as beam loads due to

gravity are small.

Tremblay et al. (2003) tested a total of 24 spensnehich were one bay-one story X
bracing and single diagonal bracing systems bygusimasi static cyclic testing method.
Cold-formed rectangular tubular bracing membersewesed as braces in the frame test.
From the tests, it was observed that brace mengxperienced successive inelastic buckling
and tension yielding. Brace fracture was obseiaféer local buckling. The tension brace
member provided a full support at the mid length bohce member for the X brace
configuration hence the slenderness of the compressace member may be evaluated by
considering this support. Out of plane deformatibthe X brace configuration was smaller
than that of single diagonal bracing since ten&iate provided supports to enable double
curvature response. A model was proposed to deterthe deformations for both the single
diagonal and X-bracing configurations. Furthermdine, fracture of hollow section members
for both bracing configurations was estimated bggesting an empirical model which

accounts for width-to-thickness ratio and effecslenderness ratio.

MacRae et al. (2004) examined the effects of caotis column flexure stiffness capacity
on the concentrically braced steel frames. Theiogiship by using static pushover analysis
for drift deformations and column moment demandeniarestigated for selected two-story
and multistory frames. It was observed that dynashigking effects changed the peak drift
concentration and column moment demand from thé& staalysis. Finally, a procedure was

developed to predict the likely drift concentragan braced frames of different heights.



Berman et al. (2005) conducted an experimentalystudthe braced frames and steel plate
shear walls (SPSWs) in order to compare the seigeréormance of them in term of

stiffness, maximum displacement ductility, cumwlatinysteretic energy dissipation, and
energy dissipation. For this purpose, four coneesity braced frames and two light-gauge
steel plate shear walls were tested by using cygliasi static testing procedure. It was
concluded from these tests, while one of the brdcahe specimens had largest initial
stiffness, it was the steel plate shear wall whiel the largest ductility. Up to ductility of

four, braced frame and SPSW had similar capacith@fnergy dissipated per cycle and the
cumulative energy dissipation. After that, bracacfure occurred but SPSW reached a

displacement ductility of nine.

Kim and Choi (2005) examined the overstrength, itityctand the response modification
factors of 21 special concentric braced frames (&JBand 9 ordinary concentric braced
frames (OCBFs). The pushover analysis was conduitteevaluate the structures with
various stories and span lengths. In additionréiselts of the static pushover and nonlinear
incremental dynamic analysis were also comparezmRhe study, it was concluded that the
response modification factor increases when thactstre height decreased and the span
length increased. Apart from three-story structuties response modification factors of the
most SCBFs model was found to be smaller that gimethe code-specified value of 6.0.
Similarly, the response modification factors of @CBFs model was found to be smaller

that given in the code-specified value of 5.0.

Marino and Nakashima (2006) dealt with seismic giesif chevron steel braced frames.
They focused on the behavior factor (q) proposeHuroCode8 (2003) (EC8). This factor,
2.5, is constant regardless of the slendernesgogb. As well known behavior of the brace
member, the axial force-deformation response of hrece members especially in post-
buckling region depends on the brace slendernessalBe of this, some codes namely
Japanese seismic code (BCJ) (1997) considers #ue Istenderness. Hence, a method was
proposed to estimate a chevron brace pair by sugminthe yield strength and post-
buckling strength of the brace in tension and ca@sgion, respectively. Finally, the behavior
factor (q) was proposed as 3.5 in this study imst@a2.5 in the case of maximum inter-
storey drift of braced frame approximately equaldhiat of most ductile moment resisting

frames.

Johnson (2005) conducted an experimental studydeardo examine the gusset plate effects

on the braced frame performance. Johnson (200&)ptése full-scale SCBFs with different
8



gusset plate applications (Figure 1.2). In thigddgtugusset plates were detailed by using
current design methods and the proposed elliptiearance requirement resulting in smaller
gusset plates. From the tests, it was found tleusiing current design methods with 2t (t:
gusset plate thickness) clearance resulted inge land uneconomical gusset plate design.
The frames designed by using proposed ellipticgdreince had higher drift capacity due to
delayed brace out plane of buckling which lead®#oing the plate and enable to experience

more distribution of inelastic action in the SCBfStem.
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Figure 1.2 Gusset plate application, a) currenigtemethod using 2t clearance (t; gusset
plate thickness), b) gusset plate with elliptidabtance (Johnson, 2005).

Kotulka (2007) performed an analytical study on ¢fusset plate design. The previous test
frames were deeply examined. The researchers reended the followings for a gusset
plate design: 1) the gusset plate welds which vedtieer complete-joint-penetration (CJP)
welds or fillet welds, should be designed for thpexted tensile yield stress of the plate. 2)
A factor of 1.5 can be multiplied by the strengthtltie weld however, § factor of 0.65
should be used instead ofhdactor of 0.75. Instead of @factor of 0.75, @ factor of 0.65
should be used to calculate the strength of thdt lstates of block shear fracture and
Whitmore fracture of the gusset plate. 3) Theraasneed to check the limit states of
Whitmore yielding and block shear yielding for thesset plate design. 6t to 8t (t; gusset

plate thickness) should be used to locate the &titedrace on the gusset plate.



Yoo et al. (2008) conducted a finite element stadyrace frames. In this study, test frames
were modeled by using inelastic finite element (FE)deling after careful validations.
Afterwards, to investigate the impact of differguisset plate connection design parameters
on connection and system performance, a numbemuflaions were performed (Figure
1.3). The examined parameters were: the curreetir2tp (tp: gusset plate thickness)
clearance requirement, elliptical clearance motigered and rectangular gusset plates,
welded flange and shear-plate beam-to-column cdiomse gusset plate thickness,
variations in the size of beams and columns atgimeset plate connection, weld length
joining the brace to the gusset plate connectioamé geometry and brace angle of

inclination.
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Figure 1.3 FE simulation (Yoo et al., 2008)

1.2.2 Seismic Retrofit Using Structural Steel Membs

Higashi et al. (1980) conducted an experimental andlytical study on the seismic
retrofitting of RC frames (Figure 1.4). The mairnjesttive of the retrofitting of existing RC
building in this study was to increase the ultimitieral strength and ductility of the RC
building. For this aim, 13 1/3 scaled one bay-aioeysRC frames were tested with reverse
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quasi static testing procedure. While two of thefriBnes were reference frames the other
were retrofitted with various techniques namelyilled reinforced concrete wall cast in

place, precast concrete wall panels in frame, gtezmncrete wall panels with door openings
in frame, steel bracing in frame, steel frame ianfe and steel truss in frame. Poor
reinforcement ratio for flexure and shearing, amsufficient confinement for the columns

were the main deficiencies of the RC frames. Thacazie strength of the RC frame was
reported as about 20.6 MPa. Figure 1.4 shows thefiteed RC frames with steel members.
The test results indicated that steel bracing g@mifeantly increase the lateral strength and

stiffness of the deficient RC frame.
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Figure 1.4 Test frame and test results (Higashl.e1980)
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Sugano and Fujimura (1980) conducted an experirhezgaarch on the seismic retrofitting
of the RC frames. For this purpose, ten 1/3 scaedbay-one story RC test specimens were
tested by using quasi static testing procedurerderoto investigate the various seismic
retrofitting techniques namely shear wall, steelgbacast in place concrete panel, precast
concrete block and steel bracing (Figure 1.5). R@ecolumns had insufficient stirrups and
the concrete strength of the RC frame was abobtM®.a. The test results indicated that the
steel brace retrofitting techniques increased therdl strength, stiffness and energy
dissipation capacity of the RC frame. As can bendeeFigure 1.5 the bracing members
applied large forces to the RC joints. Thereforsuggestion to pay more attention on the

RC joints was made.
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Figure 1.5 Test frame and test results (Sugand-ajpchura, 1980)

Kawamata and Ohnuma (1980) conducted a study ordébiyn of steel braces for the
retrofit purposes. An eight story pre-damaged Rddimg located in Japan was retrofitted

by using combination of external steel bracing ahelar walls. The connection between RC
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frame and brace members were performed by using ipstlled anchorage rods. The
effectiveness of the proposed connection detaifs algo tested by preparing a sub-assemble
test setup. The suggested connection details pegfbrsatisfactorily according to the test
results. Furthermore, in order to determine thdicyerformance of the brace members, 1/3
scaled steel braced frames were tested. With respexerformance of the connection and

brace members, the design of the eight-story preagad RC building was performed.

a) Test Frames (bracing in frame) b) Test Frantegl(frame in frame)
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Figure 1.6 Test frames and test results (Higasai.£1984)

Higashi et al. (1984) tested eight 1/7 scaled ametbree story RC frame before and after
retrofit (Figure 1.6). The retrofitting techniquesead in this study was similar with study
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conducted by Higashi et al. (1980). There were tgpes of retrofitting techniques namely
infilled reinforced concrete wall cast in placeeqast concrete wall panels in frame, steel
bracing in frame and steel frame in the frame iigated in this study. Insufficient

confinement for the columns was the main deficienadf the RC frames. The concrete
strength of the frame was about 14 MPa. The testliteeindicated that the steel brace and

steel frame retrofitting increased the lateralrggte and stiffness of the deficient RC frames.

a) Subassemblage b) Analytical Model of Subassemblage
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Figure 1.7 Subassemblage and analytical model (Badod Jirsa, 1990)

Badoux and Jirsa (1990) conducted both analytiodl experimental studies to investigate
the seismic retrofitting of RC frames with steehd®s. In this study, deep beams and weak
short columns were considered. The steel braces wstalled adjacent to the exterior of the
RC frame. Figure 1.7 presents the subassemblagaraigtical model used in their study.
The following conclusions were drawn by Badoux dimda (1990): a) if the main aim of the
retrofit scheme is to increase the stiffness of dtracture, steel bracing is an appropriate
solution, b) for seismic design, braces shoulddbecsed as a member working in the elastic
range satisfying from ductility scarifying from diity. Besides, if the brace connection is
adequate, the brace yielding and buckling may pevsignificant hysteretic energy
dissipation, c) Decreasing the slenderness of theekenhances the inelastic behavior, hence

increasing the ductility of the brace.
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Bush et al. (1991) tested a two bay three storyfrB@e. The test frame contained deep, stiff
spandrel beams and short, flexible columns (Fidud}. The concrete strength of the RC
frame was 21 MPa. It was reported that the columaee vulnerable against the shear
failures. Steel X brace technique was employedHerretrofit scheme. The brace members
were attached to the exterior of the frame. Theneotion between RC frame and steel
members were performed by utilizing epoxy-groutexdded dowels (Figure 1.8). The test
results indicated that steel bracing increaseddastrength and stiffness significantly and
steel braces governed the cyclic behavior of trengthened RC frame. In addition, it was
found that after brace buckling, lateral strengtbpged suddenly. The shear failure was

observed at the RC column as expected. The dowalextions were performed well during

the tests.
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Figure 1.8 Test frame and connection details (Basdt., 1991)

Downs (1991) examined the contribution of two rfitrechemes namely steel brace and RC
infill wall applications. Two RC buildings Park Emma (ten-story built in 1960s) and
Durango (twelve-story built in 1972), were streragtd by using both steel braces and RC
infill wall (Figure 1.9). The concrete compressateength of the former and latter buildings
was 20.6 and 24.5 MPa, respectively. Plan irredidar spaced stirrups, limited interstice
between adjacent buildings and some constructimrswere the main deficiencies of the
retrofitted buildings. These buildings were damageding the 1979 Mexico earthquake.
After retrofitting, both retrofitted buildings expenced stronger 1985 earthquake. While the
first earthquake caused severe damage on bothrigs|dhe pre-damaged repaired buildings
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performed satisfactorily without sustaining anynsfigant damage. The analytical study (or
the earthquake) indicated that both retrofit scleeprevided essential stiffness and strength

increase in the buildings performed satisfactatilying the 1985 earthquake.
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Figure 1.9 Examined buildings, Durango and ParlkaBafbuildings (Downs 1991)

Tagawa et al. (1992) tested five %2 scaled RC fratoegvestigate the steel member
retrofitting techniques. There were two techniquegestigated in this study namely
strengthened with I-section frames and corner lsrd@sides I-section steel frame (Figure
1.10). The concrete strength of the test frame® Wwetween 21 and 25 MPa. The connection
between RC and steel frame was performed by usiaddd studs and resin anchors. Headed
studs were welded to the outside flange of steehd;, and headed resin anchors were driven
into the RC frame. Then, the void between steelR@drame were consolidated by mortar
and spiral. The test results indicated that steminbrer retrofitted techniques used in this

study increased the lateral strength and stiffoéfise RC frames.
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Yamamoto (1993) tested 16 1/3 scaled one bay-amg RC frames with retrofitting and

without any retrofitting. Two of the test framesredare RC frame and RC frame installed
steel rim alone. The other specimens were retedfittith steel brace and wall panel. Indirect
connection between RC frame and steel members pegfermed for the retrofitting cases

(Figure 1.11). The lateral reinforcement ratio ved®ut 0.1% to simulate the insufficient
confinement. The compressive strength of concretheoRC frames was between 19.5 and
29.1 Mpa. The test results indicated that the siemate and panel wall retrofit increased the

lateral strength, stuffiness and ductility of thé Rame.

& &) 0 a 0 W W
e b ]|
XX Y W M o

w ol o
7|1 | B - | B | I
ol s R o W

T

Ra a
‘IWXILIAHI\#’I \rll\ | PAN| VAN VAN r.ev

i

v i

i
T

sy

{1‘; 7 AN N\ VP I NP | AN LY
R B EE ICE IR o LB

Three Story Building Seven Story Building TwelvestBuilding

Figure 1.12 Retrofitted buildings (Pincheira amdaj 1995)

Pincheira and Jirsa (1995) performed an analystaly on the seismic retrofitting of RC
buildings with three different retrofitting technigs: Posttensioned bracing, structural steel
bracing, and RC infill walls. In their analyticalugly, nonlinear static and dynamic analysis
were performed by using five different ground motand three different buildings which
were three, seven and twelve story (Figure 1.1B¢ doncrete strength of three, twelve and
seven story buildings was 21, 35 and 21 MPa, reisedc Gravity load design, insufficient
transverse reinforcement, short-lap splice at @melof columns, short anchorage lengths at
the bottom of beam reinforcement, lack of confinetrat the beam-column joints and short
columns were the main deficiencies of the threeydbmildings. Soft story and a massive

parapet at the roof existed in the twelve storyding. Pin ended connection was assumed
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for the boundary condition of all strengtheningderanembers. The analysis indicated that
all the retrofitting schemes increased both latetangth and stiffness of the strengthened
buildings. For low rise structures such as thealstery building, all the retrofitting schemes
performed satisfactorily. Without any strengthenimgpme of the existing RC member
bracing systems did not experience an acceptablerpgnce for the seven and twelve story
building. On the contrary, the wall schemes perttraatisfactorily for these buildings. The
brace members applied additional axial load onRRecolumns and it was suggested that
strengthening of existing RC columns and beamgaddua bays was found to be crucial for
satisfactory performance of the braced strengthémade. Consequently, it was found that
superior performance of the retrofitted buildinggpends on the limits of story drifts and

damage of the existing gravity load carrying meraber

Masri and Goel (1996) tested one-third scaled tag-tivo story RC slab-column frames

with and without steel brace retrofitting (Figureld). The RC frame was constructed to
simulate the older seismically vulnerable structudesigned according to the early 1960’s
code requirements. The columns were strengthenadbinyg steel angles and batten plates
(Figure 1.13). The test results indicated thatdteel bracing increased the lateral strength,

stiffness and energy dissipation capacity of tiefited RC frames significantly.
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Maheri and Sahabi (1997) tested square RC franmtésgivien dimension in Figure 1.14. The
test frames were strengthened with steel braceod&ls. The proposed details of the
connection between RC frame and steel braces wertormed by two application
procedures. While one of them was suitable forthsting frames, the other can be installed
prior to concrete casting (Figure 1.14). Test tssvealed that the steel diagonals increased

the in-plane shear strength of the RC frame.
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Ghobarah and Elfath (2001) performed an analytitadly in order to strengthen a three
story RC office building by using an eccentric staracing system with a vertical steel link
member (Figure 1.15). In the analytical study tesrmic performance of the RC building
retrofitted with steel braces is examined by usionglinear static and dynamic time history
analysis. Besides the effect of the eccentric stesde distribution over the story of the three
story of RC office building was also examined. Thelding was designed with respect to
gravity loads only. The concrete strength of thidimg was 21 MPa. The connection details
of the vertical steel link are shown in Figure 1.T&e analysis results indicated that steel
braces with vertical links increased the latersdrggth and stiffness of the RC building. The
link deformation angle was found to be an importaatameter. As long as the link
deformation angle was limited under lateral demahdseccentric brace rehabilitation was

expected to have better seismic performance theanadhcentric braces.
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Figure 1.15 a) Frame view, b) connection detailsaléarah and Elfath, 2001)

Maheri and Hadjipour (2003) conducted experimentalsstudy the connection details
between RC frame and steel braces (Figure 1.1@prAer RC frame-steel brace joint was
tested in their experimental program. The minimumarete compression strength of the test
members was 41 MPa. There were mainly three typesrmections namely type a, b and ¢
as seen in Figure 1.16. While two of them (typend @) are not proper connection for the
existing structures, the proposed connection tymenaay be used for a retrofit case.

Type (a) Type (b) Type (c)
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PLasxstem PL30x20xTem
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Figure 1.16 Connection types (Maheri and Hadjip2003)
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Bartera and Giacchetti (2004) tested single sto€/ firames retrofitted with dissipater
bracing systems in the form of high damping ruljised (HDRD) and a shape memory alloy
wire assemblage (SMAD). It was concluded that kb#gh HDRDs and the SMADs were
capable of increasing the equivalent damping rafiaghe braced frame. The hysteretic

behavior of SMADs was found to be unstable and glubavprogressive decay of the energy

dissipated.
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Figure 1.17 Frames retrofitted with X-brace andvcbe brace (Ozcelik and Binici, 2006)

Ozcelik and Binici (2006) conducted nonlinear tifistory analysis in order to determine
the performance of the retrofitted RC frame witk ¥-brace and chevron braces (Figure
1.17). For this purpose, a three bay-four story fRfthe before and after retrofitting were
examined under Duzce and Kocaeli earthquake dem@hdsconcrete strength of the frame
was assumed as 25 MPa and the columns had widebedpstirrups (equal the smaller
dimension of the columns section). Five differetges brace sections with two different
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arrangements (X-braces and chevron braces) werbgadpin the parametric studies. From
the analysis, followings were concluded: 1) theeiistiory drift profiles of the retrofitted
frame depend on the ground motion significantlyTBe interstory drifts of the retrofitted
frames were much less than that of deficient fradence, steel braced frames were found to
be effective lateral load resisting systems to imnhe story deformations. 3) Deformations
in the retrofitted structures remained below theaetrofitted case, indicating that interstory
drift control can easily be achieved with the ugsteel braces. 4) Upon scaling the ground
motion it was observed that column curvature dersavete limited up to a certain threshold
value, beyond which curvature demands increasesticlally. Hence it was possible to
identify the performance points with incrementalnagic analyses and monitoring
longitudinal rebar strains of columns. 5) As expdctundamental period of the buildings
were inversely proportional with the brace crosstieeal areas and they were less
influenced from the bracing pattern. It was obseértleat at shorter periods, i.e. for larger
brace cross sections, ductility demands increase@sponding to an approximate R value
of 2 to 4. Peak ground acceleration (PGA) of scgiedind motions at performance points
was inversely proportional with the fundamentaligés of the buildings. However, the
relationships of PGA versus periods for Koaceli &ndzce ground motions were different

due to difference in the frequency content of the motions.

Youssef et al. (2007) investigated the use of diemtes in a newly constructed RC frames.
There were two RC frames: one of them was desigised moment resisting frame with
respect to current code, the other was designéddsieel braces to compare the performance
of the both system. The connection between RC frantksteel braces were established by
using anchorage rods which were placed before dherete casting. The results indicated
that the braced RC frame size calculated usingftinee reduction factors used in a
conventional RC moment frame with moderate dugtitiy perform satisfactorily during an
earthquake event. Finally, the RC frame and stesinbers can be designed by using

available RC and steel structure design methods.

Mazzolani (2008) carried out full-scale experiménésts on different innovative seismic
upgrading techniques based on the use of yieldieg) somponents. For this purpose a two
story existing RC building designed and construetethe end of 1970s was examined. The
steel upgrading methods were as follows; base tisolavith rubber bearings, buckling
restrained braces, composite fiber-reinforced natereccentric braces, shape memory

alloy braces and shear panels (both in steel amd pluminum). It was observed that
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effectiveness of the examined metal systems wem successful to improve the original

capacity of the RC structure in terms of strengtiffness and ductility.

It was observed from the literature view that theriirther need to study the performance of
structural steel retrofitted RC buildings (espdgiatith deficiencies commonly seen in
Turkey). Hence, the RC frame with and without ateekstrengthening is considered to be
topic of the research. The following items are $uug be properties of the RC frame which
will be examined before and after retrofitting.
« The RC frame with low concrete compressive stre(gpiproximately 10 MPa).
e The post installed direct connection between steshbers and existing RC frame
and the effect low concrete compression strengtiisrconnection.
* The RC frame with insufficient transverse reinfeneat for the columns and beam-
column joint and improper stirrup details

e Using plain bar for the longitudinal reinforcement.

1.3 Aim of the Study

The seismic performance of the exiting RC buildingsleveloping countries needs to be
assessed and strengthened by using modern engmdenhniques. This is necessary to
prevent the catastrophic effects of the earthquakestructures in urban areas. Most of the
existing RC buildings constructed prior to modeodes are vulnerable against the imposed
lateral load demands. There is still an urgent needevelop rapid, safe and economical
retrofitting technique to improve the seismic periance of the existing deficient RC

building. The techniques must be rapid, safe amth@wical since there are thousands of
vulnerable RC buildings in the developing countrid@&scompressive research program was
conducted at the Middle East Technical Universitthim the scope of this thesis. For this

purpose, extensive experimental and numerical study performed to investigate steel

member retrofit.
The main objectives of the experimental study are:

e To observe lateral strength, deformation and enedigsipation capacity

enhancement.
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e To observe performance limits of the RC frame uggda by structural steel

members.

« To determine alternatives for connection and pearfarce based design.

The main objectives of the numerical simulatiores ar
* To estimate the behavior of the test frames amidpose methods for this purpose
« To compare the estimated performance levels otdbeframes by using available
member deformation limits with test observations

« To demonstrate the use of proposed strengthenhegrses on a case study building

In Chapter 2, one bay-one story RC frames withaytratrofit and with retrofit were tested
by using reverse quasi static test procedure. i® $bhction, two reference frames, five
chevron braced frames, six internal steel framas, X-braced frame and one column with
shear plate frame were tested. The test resuligrasented and critically discussed.

In Chapter 3, three bay-two story RC frames weséetk by using pseudo dynamic (PsD)
testing procedure. One of three RC frames waseaefer frame without any retrofitting and
two RC frames were retrofitted with chevron braod @ternal steel frames. The reference
frame had an infill wall at the interior bay andstframe was tested by Kurt (2010).

In Chapter 4, the numerical simulation of the feaies performed in Chapter 2 and 3 was
conducted. The reverse cyclic tests were simulaieadonducting an inelastic nonlinear
pushover analysis. Then, the performances of #idr@ame were determined by using strain
limits suggested by Turkish Earthquake Code (TEZDP{) and American Society of Civil
Engineering (ASCE/SEI 41) (2007) document. For Beb test, nonlinear time history
analysis was performed and the performance ofdabieftame were evaluated based on the
TEC (2007) and ASCE/SEI 41 (2007). Finally, a Sagtexisting deficient RC building was
evaluated with respect to TEC (2007) and ASCE/SH2007) against the demand of Duzce
ground motion.

In Chapter 5, summary and important conclusionthefexperimental and numerical results

are presented. For a seismic retrofitting schenseanple design flow chart is suggested.
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CHAPTER 2

2. CYCLIC TESTS ON ONE BAY ONE STORY FRAMES

2.1 Introduction

Strengthening of 1/3 scaled one bay-one storyfitaistes with structural steel members were
examined in this chapter. These tests were condlumtesmall scale one bay-one story
structures in order to rapidly evaluate and undecstthe force transfer mechanisms and
relations of damage to deformation. These test® wiet indented to simulate the system
behavior in actual buildings except first story. n@ersely, they were merely tested to
examine the performance of steel strengthened repesi The test schedule (Figure 2.1)
shows that strengthening of deficient RC frameshwatructural steel members can be
divided into two techniques, namely internal sttéeging and external strengthening. The
study of external strengthening technique is oetsiee scope of this chapter and described
elsewhere Ozkok (2010).

This chapter deals with the internal strengtherteghniques by using chevron braces,
internal steel frames (ISFs), X brace and colunth whear plate. One bay-one story RC test
frames were used for the reference and strength&aedes. Within the scope of the
experimental study, there are a numbers of paraseteose effects on RC test frame and
individual steel members should be investigated.

Steel braces are known to be effective in providatgral strength and stiffness for steel
frames. However, they experience severe strengtgradation as a result of tension-

compression cycles (Tremblay, 2002; Marino and Nhkaa, 2006). This effect is reflected
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in the seismic codes through the use of relatil@ly response modification (or behavior)
factors compared to those used for other structystems. On the other hand, use of steel
braces is very economical for low rise frame strices for seismic resistance as mentioned
in Chapter 1. Noting the fact that most of the defit RC frames lack deformation capacity,
it is a sound approach to use steel braces in @bny deformation demands within the
range of moderate ductility demands. Furthermdre use of steel braces for seismic retrofit
is worth evaluating due to advantages such asiaddif minimal mass to the structure, little
disturbance on the functioning of the building, adisdability to accommodate openings for
architectural purposes. The objective of this chajd to investigate the performance of
chevron braces when they are used in the upgradectf deficient RC frames. In this way,
possible design methods and limitations of chelm@tes in seismic retrofits of low to mid-

rise frames can be established.

[ Test Specimens ]
A 4 A 4 A 4
[ Reference Frame] [ Internal Strengthening] [ External Strengthening
\ 6zKoK
\ (2010)
A 4 A 4

A\ 4 \ 4
f Chevron X-Brace | [Shear Pla Internal Stee
L Brace Frame

1/3 Scaled One Bdy-One Story|RC Ffgmes (Quascsiast)

el il 1 el — o o o e e e o e e - -

\ 4 \ 4
I(2 Testj; 5 Testj [ 1 Test {1 Test] 6 Tests
|
L

A 4

Figure 2.1 Schedule of the strengthening framels stiictural steel members
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Unlike chevron braced frames, inspiring from thés&actory seismic behavior of moment
resisting frames, ISFs are expected to exhibit @ilduresponse. The ISFs are intended to
easily accommodate wall openings for architectteglirements. In addition, an X-braced
RC frame was tested to investigate the performafdbe different bracing configuration.
The RC frame with steel column with shear plate vessed in order to determine the steel
retrofitting efficiency. In this upgrading system, was desired to enhance the seismic
performance of the RC frame by providing sheardjig of the plate. In the following parts
of this chapter, application details and test tssof reference frames, chevron braced

frames, ISFs, X-braced and column with shear ftatees will be presented.

2.2 Test Specimens and Setup

Fifteen 1/3 scaled one bay-one story RC test frame® constructed to investigate the
retrofitting techniques with structural steel memsb&he RC frames tested during the course
of experiment are: two reference frames, five frarsgengthened with chevron braces, six
frames strengthened with ISFs, one X-braced frameoae steel column with shear plate.
The test frames represented approximately 1/3 suiake prototype structure previously
studied by Ozcelik and Binici (2006) (Figure 2.2-#)was previously shown by some
researches (Maheri and Sabebi, 1997; Youssef,e208)7; Bertero et al., 1984; Aktan and
Bertero, 1984; Benjamin and Williams, 1958; Virgpil et al., 1999) that such scaled RC
specimens can represent the expected load-deformatsponse of their full-scale
companions as long as similitude laws are followden deciding on member dimension
and material properties. Figure 2.2-a indicates tia first story of the analyzed three bay-
four story RC frame was considered to examine leeford after retrofit. In addition, the
laboratory constraints also determined the dimensiothe test frame and cross section of
the RC members. Furthermore, strong axis of thananlwas also considered in order to
provide small section limitations for the connestiapplication i.e. drilling of the RC
columns, anchorage rod installation. Consequerglyprimary design to determine the
dimensions of the RC frame was performed by usipgr®ees simulation platform Mazzoni
et al. (2010) by using distributed plasticity madgl Figure 2.2-b and c indicates the
numerical simulation and results of the pre-dimened test frame. In this numerical
simulation Kent and Park (1971) concrete model wtilized for the columns and beam.
Longitudinal bar buckling was modeled by employihg backbone curve of Dhakal and

Maekawa (2002). The concrete compression strengthassumed to be 8 MPa. The yield
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strength of the reinforcement was taken as 330 MRa.main deficiencies of the primary
designed RC frame were:

a) Insufficient confinement such as 100 mm spacinghat column plastic hinge

regions.

b) Insufficient volumetric confinement ratio with resp to TEC (2007)

c) Low concrete strength (7-10 MPa).

d) Violation of the strong column-weak beam formulatigith respect to TEC (2007).
It can be concluded that the expected plastic mésimaoccurs by the formation of column
plastic hinges. Furthermore, the estimated latemphcity of the test frame was about 17.6
KN.
Accordingly, the center-to-center span length wasided as 1400 mm and the column
height was 1000 mm in test frames (Figure 2.3). T@@ mm x 150 mm columns were
provided with four 8-mm diameter longitudinal reinfement plain bars resulting in about
1.33 % longitudinal reinforcement. The longitudinadrs were welded to steel plates
embedded in the top end of the column in order mevgnt anchorage failure of the
longitudinal bars (Appendix 1, section Al.1l). 4 nthmmeter plain bars were used for
stirrups. Although TEC (2007) requires stirrupsbanchored using 135 degree hooks, 90
degree hooks were used for all columns and beamiolate the detailing deficiency of the
Turkish construction practice before the establshinof the modern seismic codes. The
stirrup spacing of the columns was equal to thellsmdimension of the column section
(100 mm) to simulate insufficient confining deta{that was 500 mm in the analytical
model). The 100 mm x 150 mm beam was cast withCard® wide, 55-mm thick slab. In
addition to including slab effects, the slab wasduas a platform to directly support the steel
blocks that applied a constant gravity load. A 7A@-tnansverse reinforcement spacing was
used for the beams. The RC beam-column joint hdame column stirrup extending into
the joint. The picture of the test setup is showfigure 2.4. Design and construction details

and drawing about test frames and setup is givéppendix 1.

Material properties

The average yield strength of the 4-mm and 8-mmmeiar reinforcement bars was
determined as 270 and 330 MPa, respectively, bguwdimg uniaxial tension tests according
to American Society for Testing and Materials ESS{M) (2004). These values were
determined from five 4 mm and fifteen 8 mm coupestd. The testing apparatus and
measured stress-strain response of the reinforcarg are presented in Figure 2.5 and

Appendix 1.
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The concrete had a maximum aggregate size of 7 niim avtarget 28-day cylinder
compressive strength of 8-10 MPa. This simulatesctincrete strength in existing deficient
structures of the Turkish RC building stock as regmby the field investigations (gatay,
2005; Tezcan andbek, 1995; Dgangiin, 2004). The mixture of the concrete is giiren
Table 1. The measured concrete strength at thefdessting coincided quite well with the
target strength of 8-10 MPa.

Loading system

An additional steel frame was constructed arourdRE@ frame as a precaution in the case of
a sudden gravity collapse (Figure 2.4). Each dimtk approximately weight 6 kN was
attached loosely to the steel frame with cable. @dig#e was slack enough to enable the RC
frame to perform lateral displacement. Steel fram@s designed to carry all steel blocks
under dynamic type sudden loading.

a) 50C

.
400 / — ¢4mm
/ N\ —— ¢8mm

<
S 300
0
@ 200 — ,
= Bar Size Yield Strength Ultimate Strength %
w (mm) (Mpa) (Mpa) Elongation
100 4 270 374 23
8 330 465 30
0

0 0.05 0.1 0.15 0.2 0.25 0.3
Strain

Figure 2.5 a) Stress-Strain response for transwrddongitudinal reinforcement, b) Picture
of memberg8mm bar during the test

Table 2.1 Concrete Mixture

Mixture Component  Weight (kg) Proportions by weight (%)

Cement 50 10.9
Water 50 10.9
0-3 mm aggregate 140 30.4
3-7 mm aggregate 220 47.8
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The lateral excursion was applied to the frame waithelectromotor driven jack with a
maximum speed 0.2 mm/sec (Figure Al.7). Four 20Qrmwear Variable Differential
Transducers (LVDTs) and a 200KN-load cell were chigal on the RC frame along the
direction of gross centre of beam to obtain horiabtop displacement and lateral forces,
respectively ( Figure 2.4). Two electronic dial gas were placed on the top and bottom of
each column to measure displacement. Measuredadespent at the columns ends enabled
to determine curvatures of the columns. Cyclicridtéoading was imposed by controlling
the drift ratio (DR): Two cycles were introduceddaift ratios increased to £ 0.5, 1.0, 1.5,
2.0, 3.0, 4.0, and 5.0% in an increasing manneenifrds, the DR was increased by + 1%
and one cycle was applied at each DR. The loadioipgol is showed in Figure 2.6.
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Figure 2.6 Loading protocol
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2.3 Reference Frames

All of the RC frame specimens were similar in tewhslimensions and reinforcement ratios
to allow a uniform basis of comparison. Two refeerfor bare) frames which were not
strengthened were tested for sake of comparisomeleet strengthened frames and reference
frame. In this study, reference frames were encakedR_axial load ratio (%)_concrete
compressive strength. For example, R_13 10 labelsdference frame which had 10 MPa
concrete compressive strength with column axiadl ledio of 13 %. The column axial load
ratio was defined as the ratio of the sum of coluemial loads to the column axial load
carrying capacities (computed simply as the coecmmpression strength times gross
section area of columns). The main difference betweference frames was the axial load
level (21 kN and 30.6 kN were applied as a grakigd on each columns for the R_13 10
and R_25 8.1, respectively) on the columns as @telicin Table 2.2. Figure 2.7 presents the

frame before the test.

Table 2.2 Experimental program of the referencenés

Specimen Concrete Compressive Strength (MPa) Axteald_R atio
R_13_10 10.0 0.13
R_25 8.1 8.1 0.25

Figure 2.7 Pictures of the reference frames bdfwdest
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2.4 Strengthened Frames

Internal strengthening was accomplished by fouedi#nt methods: Chevron braces, Internal
Steel Frame, X-braced frame and column with stkebsplate. Five, six and one for each
strengthened frames were tested for chevron biategnal steel frame, x-braced frame and
column with shear plate, respectively. The specshdatails and application procedures are

explained in the following section following thasst results are presented.

2.4.1 Chevron Braced Frames

Chevron brace strengthening methods are commosly insthe steel frames to resist against
the lateral demands. These braces are implementedhe frame as “V” or “inverted V”

configuration. This section deals with the lattenfeguration.

Application details of the chevron brace

In the chevron brace strengthening, an invertede¥l frace system was installed by using
three connections between RC frame and chevrore breanmbers. While two connections
were at the bottom of the column and the other ection was at the mid span of the beam.
Figure 2.8 indicates the general view of the braftadhe and connection details. The
strengthening started after the placement of teel dtlocks as dead weight to simulate
existing structures. The steel members used fonexiion between the brace and the RC
frame are indicated in Figure 2.9. The design ef lthace and application procedure are
given in the upcoming sections with complete dstal Appendix 1. Strengthening steps
were the same for all braced frames and are asnsil

1) Connection application at the column: First, the anchorage holes were drilled into RC
column and foundation. Subsequently, these holee wieaned up at three steeps: i) air
blowing, ii) brushing and iii) air blowing in ordéo establish the anchorage rod connections
(Figure 2.10). Then, epoxy primer was injected ihtese holes followed by the insertion of
the anchorage rods. The diameter of the ancho@dge and holes were 6 mm and 8 mm,
respectively, whereas the depths of anchorages $&emm from the member face. The
gaps between the rods and holes were filled withxgpo obtain flat and smooth bonding
surfaces. Finally, plate 6 and 7 were tightenedrtwide successful force transfer from the

braces to the RC member (Figure 2.8 to 2.10).
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2) Connection application at the beam: It was considered that the braces attached atithe m
span of the beam induce unbalanced shear force iypace buckling. Hence shear
strengthening of the beams was performed by bond8imgm thick side steel plates and
providing side anchorages to transfer forces fromlraces to the beam. First, anchorage
holes extending from one face to other were driflethe beam. For side plates (Plate A and
B), epoxy primer was injected into these holesofeétd by the insertion of the anchorage
rods (Figure 2.11). Then a thin layer of repaitywas applied to obtain a smooth bonding
surface on the sides of the beam and then epoxywigesd on both sides of the member
surface and side steel plates. Finally, side ancbds were tightened to finalize the
connection between side plates and RC beam (FRyadg. At the mid span of the beam, a
load transfer steel member (Figure 2.9) was matwfad consisting of five steel plates
connected by welding. For the load transfer mensbanections, a thin layer of repair putty
was applied to obtain a smooth bonding surfacehenstdes of the beam. Side plates had
four holes extending from one face to the otherw@set to install side anchors for successful
shear transfer from the braces to the RC membeam, Tépoxy was wiped on both sides of
the member surface and steel plates. Finally, aighor rods were tightened to provide
successful shear transfer from the braces to theriR@ber. The connection details and
beam of the braced frame design is given in Appehdsection Al.2).

Material properties

The mechanical properties of the two different amabe rods (Rod 1 and Rod 2) and brace
members are given in Table 2.3 and Figure 2.12a# observed from these table and figure
that although the steel grade of the HSS sectias ST 37 (TS 648, 1980) gives nominal

yield and ultimate strength is 235 and 363 MPgpeetvely) with respect to TS 5317, the

expected yield strength was quiet higher than nahyiield strength.

Figure 2.9 Steel members used for connection betlwesce and RC frame
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Figure 2.10 Connection at the bottom of the column

a) connection details at both ends of the beam

Figure 2.11 Connection details a) connection detdithe both ends of the beam, b)
connection details at the midspan of the beam

Table 2.3 Mechanical properties of the steel memfigrthe chevron brace strengthening

Member Yield Strength (Mpa)  Ultimate Strength (Mpa) Elongation (%)
HSS 30x30x2.6 TS 5317 405 415 1.2
HSS 30x30x2 TS 5317 395 415 11.5
HSS 40x40x3.2 TS 5317 410 445 7.9
Plate 30x5 280 425 15.0
Plates 5, 8 (Gusset Plate) 350 470 26.4
Plates A, B, 1, 2 213 297 36.0
R1 ($6) 786 802 15
R2 (96) 945 1120 11.0
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Figure 2.12 Stress-Strain response for anchoratgeand steel brace members

Test Specimens

Table 2.4 presents the specimen details of therohewraced strengthened frames. In this
table, the chevron braced frame names are abbedvést C (Chevron braced frame)_ axial
load ratio (%) _concrete compression strength (MRathorage type (R1 and R2 are brittle
and ductile anchorage rods, respectively.) slemdsrff, equation 2.1) cross section area
(mn). For example, C_13 10 R1 91 262 defines the ohebraced frame with 13%

column axial load ratio. The concrete strength lo$ frame is 10 MPa and connection
between brace and RC frame was supplied with RE tgpchorage rod. The brace

slenderness and brace cross sectional area dfahis were 91 and 262 mmespectively.

A =Kl/i (2.1)
Where,)\ is the slenderness, k is the effective lengtlorais the brace length,is the radius

of gyration.
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Table 2.4 Experimental program of the chevron ldcames

Anchorage Rod Concrete

. . _Brace Cross - Axial
Specimen Name Brace Dimensiong .. "\ o Type Number of AnchorageCompressivi | - |
(mm) on Strength ;
(mm2) - Ratio
Column__Foundation _ (Mpa)
C_13_10_R1 91_262 HSS 30x30x2.6 262 Rod 1 4 6 10 0.13
C_24_8.5_R1_91 262 HSS 30x30x2.6 262 Rod 1 4 6 8.5 0.24
C_24_8.5_R2_89 210 HSS 30x30x2 210 Rod 2 4 6 8.5 0.24
C_24_8.5_R2_68 436 HSS 40x40x3.2 436 Rod 2 6 6 8.5 0.24
C_22 9.4 R2 1147 300 Steel Plate 30x5 300 Rod 2 4 6 94 220

In specimen C_24 85 _R2_89_210, the brace secti®8 BOx30x2 was used unintentianlp this specimen, H¢
30x30x2.6 was desired to be used instead of HSS3@x6.

Specimens C_13 10 R1 91 262, C 24 85 R1 91 2624 8.5 R2 89 210 and
C 22 9.4 R2 1147 300 were designed to have ldtedlcarrying capacities of about 60
kKN (case 1 and case 2 in Appendix 1, section AlHBnce, the desired lateral strength
enhancements of these specimens were about three tiat of the reference frame. On the
other hand, the chevron brace size in specimen B.24R2_68_436 was selected such that
lateral strength of the retrofitted frame was alitd® kN (Appendix 1, section A1.2). This
corresponds to a lateral strength of about fiveesirthat of the reference frame. The target
lateral strength of this frame is highest amongjpdcimens. Detailed design calculations are
presented in Appendix 1 for these specimens. Therdest variables among specimens
besides the target lateral strength enhancemelEignae 2.13):

a) The axial load ratio: There were two differeariget axial load ratios (13 % and 24%) as
indicated in Table 2.4. The axial load ratio of st and second chevron braced frames in
Table 2.4 was different on the other hand all ofsameters were same for both specimens.
Furthermore, the target axial load ratio (24%)dlbispecimens except C_13 10 R1 91 262
was similar.

b) Anchorage rod type; Rod 1 (R1) anchors were tast and strength but brittle (about
1.5 % ultimate strain), whereas Rod 2 (R2) anchaese more expensive (costs
approximately five times that of Rod 1) and ductdbout 11 % ultimate strain).

¢) Brace member size; two different brace crossises such as square hollow structural
steel HSS (brittle material and low slenderness) steel plate (ductile material and high
slenderness) were used.

Brace member size dictates the slenderness and brass section area. Except slenderness
of the brace used in specimen C_22 9.4 R2_1147 &80df, the brace member slenderness
values were within the limit state (250) suggedtgdthe TS 648 (1980) for compression
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members. Specimen C_22 9.4 R2_1147_300 was dedignketermine the contribution of
the shear strength of the RC beam on the cyclifopeance of the chevron braced frame in
addition to slenderness effect. Specimens C_24R2589 210 and C_24 8.5 R1 91 262
had the same axial load ratio but they had differanchorage rods. Specimen
C_24 8.5 R2 68 436 had braces with lower slendgraed higher cross sectional area
than C_24 8.5 R1 91 262 in order to achieve tlyetdateral strength enhancement.

| Chevron Brace Retro |

a) |
[ Strength increase 3 timeﬁ [ Strength increase 5 times]
Effect of ,~ C_13_10_R1 91 262 C_24 8.5 R2 68_436
axialload™, C 24 85 R1 91 262
Effect of C_24 85 R2_89 21 Effect of
anchorage type C 22 9.4 R2 1147 _30 Slendernes
b)

o 3

C_13 10 _R1_91_262 C 24 85 R1 91 262 C_24 8.5_R2_89 210

C_24 85 R2 68 436 C_22 9.4 R2_1147 300

Figure 2.13 a) Test parameters b) pictures of theda frames before the test

In addition to test parameters explained abovéoidhgs minor differences exist between

specimens C_13 10 R1 91 262 and C 24 85 R1 91a@@2 other chevron brace
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retrofitted specimens. Plate 7 and 8 were weldésiadribefore placing on the RC frame and
then Plate 6 was welded to the Plate 7 and 8 (Eidurand 10) for the specimens
C_13_10 R1 91 262 and C_24 8.5 R1 91 262. Plates8welded to the Plate 6 and 7 at
the outside before placing on the RC frame fordiiner braced frames. The attachment was
provided with slots on the Plate 6 and 7 (Figuranél 10). With slotted plate connection,
adverse effect of the welding on epoxy due to hgatvas eliminated. The pictures of the

braced frames before the test are indicated inr&iguL3-b.

2.4.2 Internal Steel Frames

The internal steel frame (ISF) were composed @l stelumns and beams installed within
the bay of the deficient RC frame. The general vidwest specimens is given in Figure
2.14.

The ISFs are intended to easily accommodate wahiogs for architectural requirements
upon retrofitting. Installation methods that minmaithe use of anchors between the ISF and
RC members are explored by conducting a numbeesis.t The ISF was composed of
rigidly connected beams and columns ensured wealdedections. End plates at the top and
bottom of the column and angles were used to aartsarrigid connection between the beam
and column. In order to simulate actual retrofihditions, the ISFs were implemented after

constant gravity load was applied on the RC frame.

Test Specimens

The experimental program details for ISF strengtkdespecimens is given in Table 2.5. In
this table, the ISF specimens are abbreviated &s I[&«ial load ratio (%)_concrete
compression strength_the ISF installation methdde& methods, I, 1I, 1l as explained
below)_ steel member type (HSS or | section (IS)grgy dissipation system (if dissipation
system is available, it will be written with lettErfollowed by its rod height such 150 mm
and 75 mm). For example, specimen ISF_27_7.5 | i4S&bbreviation of ISF with 27
percent axial load ratio. The concrete strengtibhef frame is 7.5 MPa and method | was
used as an installation of ISF. The steel membge tyas HSS and no energy dissipating
rods were used. The main parameters analyzed iwés€:

a) The ISF installation method: Three installatinathods mentioned above were used for
ISF.
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Figure 2.14 Test setup of the ISF

Table 2.5 Experimental program of the ISF

Specimen Name

Steel Frame Member  Steel Frame Member Cross
Dimension (mm) Section Area (mm2)

Concrete

: Axial Load
Compressive

Ratio

Column Beam Column Beam Strength (MPa)
ISF_27_7.5_|_HSS 80x80x4 70x70x3.2 1160 820 7.5 0.27
ISF_20_10.6_I_IS 1-140 I-120 1820 1420 10.6 0.20
ISF_24_8.7_l_IS 1-140 1-120 1820 1420 8.7 0.24
ISF_28_7.4_lI_IS 1-140 I-80 1820 757 7.4 0.28
ISF_27_7.5_|_HSS_E150 80x80x4 70x70x3.2 1160 820 7.5 0.27
ISF_26_8.0 | HSS_E75 80x80x4 70x70x3.2 1160 820 8.0 0.26

b) The member type used for the ISF (HSS and 1B&. HSS steel was notably less ductile
than the IS steel. However, the HSS supplied apmately 1.5 times larger contact area
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compared to the IS. The measured mechanical prepat the steel members are given in
Figure 2.15 and Table 2.6.

c) The use of energy dissipaters: Two specimensehdetails are given in Figure 2.17 were
strengthened with energy dissipaters.

Material properties

The mechanical properties of the steel members dggdg the construction of the ISF are

indicated in Figure 2.15 and Table 2.6 by condgctmiaxial tension tests according to
ASTM E8 (2004).
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Figure 2.15 Stress-strain response of the ISF stesibers (from left to right HSS70x70x3,
HSS 80x80x4, 1-80 web, 1-80 flange, 1-120 web, BIange, 1-140 web, 1-140 flange,
energy dissipater roptl2)
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Table 2.6 Mechanical properties of steel members

Steel Members Yield Strength (MPa) Ultimate StreriyiPa) % Elongation
HSS 80x80x4 398 439 18.5
HSS 70x70x3 385 426 17.2
-140 313" / 287 463" | 437 32"/ 34
-120 320" / 300 463" | 458 36"/ 34
-80 373" | 350 480" | 496 25" | 26
Energy Dissipater Row12) 415 463 7.8
Anchor Rod (R2) 945 1120 11.0

w and f; coupons extracted from web and flangesafdtion, respectively.

Application details of the | SFs

Three different methods were used to install tHesISFigures 2.16 to 2.19 show the details
of the installation methods, while Figure 2.20 shale photographic views of the ISFs
installed in the RC frames and Figure 2.21 showesigpens before the test. The application
methods are as follows:

Method I: As seen in Figure 2.16 no anchors were used leettve RC frame and ISF. Prior
to installation, a thin layer of repair putty waspéed on all surfaces of the RC frame to
obtain a smooth bonding surface. The individuaklsteembers were attached to the RC
frame using epoxy. Epoxy is used in these specirmahsto ensure that ISF remains stable
and standing inside the frame without any out ahplinstability. After the epoxy had cured
for three days, the steel beams were welded testidwd columns following the weld size
requirement in the Turkish Standard TS 3357 (1979).

Method 11: In addition to the epoxy bond used in methodncher rods were used to
enhance force transfer between the top of the E#mband bottom of the RC beam (Figure
2.17). Hence, it can be viewed as a semi-compasgemblage of the ISF to the RC frame.
The number of the anchors was sufficient to enkdibral force transfer from RC beam to
ISF by ensuring that total shear strength of thehars were higher than the lateral strength
of the ISF. Method Il was achieved in two stageghk first stage, anchor holes were drilled
into the bottom side of the RC beams and cleanebyuprushing and air blowing. Then,
epoxy primer was injected into these holes andatighor rods were inserted and left for
curing for at least three days. In the second staglein layer or repair putty was applied on
the RC member on all surfaces that contact thedSHky method I. Before the epoxy cured,

the anchor rods were tightened to fasten the iddali steel members to the RC frame.
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Finally, the steel beams were welded to the steleintn using the same welding procedure
as in method |I. The diameter of the anchor rods holks were 6 mm and 8 mm,
respectively. The anchors were embedded 120 mmtl@dRC beam with epoxy filling.
Anchorage rods were identical with the Rod 2 usedhevron braced frames (Chapter
2.4.1).

Method I11: In this method, it was aimed to achieve fully-gmsite action between the RC
frame and ISF (see Figure 2.18). Anchor rods westalled along the columns in addition to
the beam as done in method II. 42 column and 3éhl@echor rods were used to provide the
shear strength transfer between the RC and stesdef. The numbers of anchors were
calculated for the ultimate shear force that canoacthe composite member based on the
formation of plastic hinges at member ends (imilar to the capacity design principle). For
the ultimate shear force demang,on beam and columns, the number of shear conmsecto

(anchor rods) was calculated using the elasticrdtma equation as given below:

nz% (2.2)
wheren is the required number of anchor r@ljs the first moment of the area above the
RC-Steel section interface of the compaosite sectigns the member clear length a¥gis

the shear strength of the anchor rods, which wasnasd to be 0.6 times the strength of the
rods in tension.

The energy dissipating system shown in Figure a9 inserted at mid-height of the HSS-
columns at the specimens ISF_27_7.5 | HSS_E15018Rd27_7.5_ | HSS_E75. The
energy dissipating system was composed of six l12-dmameter threaded rods. The
measured mechanical properties of the rods aregivé&able 2.6. The length of the energy
dissipater rods was different for the two specimdB& 27 7.5 | HSS_E150 and
ISF_27_7.5_1_HSS_ET75 to control the strength ofstigplementary ISF system. Specimens
ISF_27 75 | HSS E150 and ISF_27 7.5 | HSS_E75 wiasigned to concentrate
inelastic action and damage in the rods while nadiimg the rest of the ISF remains elastic.
The ISF members were proportioned with the strapigron-weak beam concept to limit
damage in the ISF columns. Estimated moment cépaaf beams, columns of the RC

frame, ISF and the composite sections are provindable 2.7.

47



Method |

1 !
1 1
1 I
1 I~ I A
| |
[ T
R S
- _
ISF_27_7.5_|_HSS
i :
| !
| |
: — -
A I I
I R S
| N

ISF_20_10.6_1_IS

Method Il

End Plate

(100x200x5 mm)

T '

RC Beam

\

4 mm
Repair__| ﬁ—v
Putty 4mm Steel Beam
(70x70x3)
RC Column Steel Column
/V A (80x80x4)
RC Beam
T EndPlate 0 _ &
(100x200x5 mm) Repalir Putty
2 Newr
&hm Sr%“r“nT
mm> Steel Beam
1-120
RC Column
Steel Column
l\/ -140

Figure 2.16 Connection details of ISF for Method |

“—
“—
a—
-
-
“_—
“-_—

ISF 24 8.7 II_IS

Rty =

|

48

RC Beam
End Plate

RC Column

(100x200x5 mm) Repair Putty

Anchorage Rod ~7omm-—

6 mmP 6 mm|
6mm|~ 6 mm]
smm> Steel Beam
1-120

Steel Column
1-140

\

Figure 2.17 Connection details of ISF for Method Il



Method Il

Anchora

Foundation

Repair Putty

Steel Column /\/ /\/
ks R R BT R £ N A 140 " .
R = = Lo RC Column
- o EE[
— H— 1
— 44— 4@ 41 mm]
— - Steel Beam,
— - o oM 1| !
_: —— - f?— - % gmmg 7 Fém% I:E[ — Repair Plutty
] I | mmjs, 5 mm|
- ! T 1 r&ﬂ-‘ﬂ-‘ ’\
— L 1 A | _ e e T
- A & & B & & & IA. b & & - | b
1
EERERREEEE ! End Plate

Rod (100x200x5 mm)
ge Ro

ISF_28 7.4 1Il_IS

J\/

Figure 2.18 Connection details of ISF for Methdd Il

Details of Energy Dissipation System
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Figure 2.19 Connection details of ISF for energsifiation system

Table 2.7 Moment capacity of the members

Moment Capacity (kN-m)

Member Positive (+) Negative (-)
RC Columri 5.30 5.30

RC Beam 4.50 5.30
HSS 80x80x4 13.80 13.80
HSS 70x70x3 7.78 7.78
1-140 28.17 28.17
1-120 19.51 19.51
Composite Column 40.85 36.40
Composite Beam 37.50 16.75
Energy Dissipater Rods 0.12 0.12

a; Calculated considering the axial load
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Figure 2.20 Application details of ISF. a) Method Specimen ISF_27_7.5_|_HSS, b)
Method I, Specimen ISF_20_10.6 | _IS, c) Methodspecimen ISF_24 8.7 1S, d) Method
Ill, Specimen ISF 87 7.4 1l IS, e and f)Energy sipstion system, Specimen
ISF_27_7.5 | HSS_E150 and Specimen ISF_26_8.0_|_B#&®
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Figure 2.21 Application details of ISF. a) Method Specimen ISF_27 7.5 | HSS, b)
Method I, Specimen ISF_20_10.6_1_IS, c) Methodpecimen ISF_24 8.7 1S, d) Method
lll, Specimen ISF_87_7.4 ll_IS, e and f)Energy sgigtion system, Specimen
ISF 27 7.5 | HSS E150 and Specimen ISF_26 8.0 | H&S

2.4.3 X-Brace Strengthened Frame

The X-Brace strengthened frame was tested in dodeompare the performance of X-brace
and chevron brace retrofit technique. The appbecatetails of the X-brace were similar to
that of chevron braced frame. The main differerfaf@ X-brace and chevron brace frame is
while the X-brace application has four connectionations between RC frame and steel
brace, the chevron brace has three connectionidasatFigure 2.22 and 2.23 indicate the
test setup and connection details of the X-bratefitted RC frame, respectively. The steel
brace member was a steel plate with a significagit slenderness. This plate was same plate
used for specimen C_22 9.4 1147 300. The conctetegsh of the X-braced frame was
8.5 MPa.

2.4.4 Column with Shear Plate

The column with shear plate strengthening was ccteduto examine an innovate steel

retrofit system. In such a system, the main objectvas to introduce a new lateral load

carrying steel column connected only to the bearhefexisting bays. The main advantage

of such system is the easy of connection and absenintroducing additional demands on
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RC column and joints. The test setup of the colwith the shear plate frame is indicated in
Figure 2.24. As seen in this figure, there is &lstelumn post-installed at the mid-span of
the beam and foundation. The steel column was or@irwious but it was cut into two parts
at the mid length (Figure 2.25). Between these hat length columns there is a plate
welded to each column part. It was desired to ecdnéime lateral strength of the RC frame by
providing the shear plate yielding under shear mhe&bion demands.

Steel Blocks
77777
V7777777
V2777777777777
227777777
77777

/77777777
7777/

Flool

Figure 2.22 Test setup for X-Braced frame

The application details can be summarized as falldfivst of all, anchorage rods were
installed to the bottom of the beam and foundatdérnthe RC frame with the similar

procedures explained in previous chevron braceagn. Then, the half length column (I-

140 section) was welded to rigid steel plates #t [ie ends. This welding was done outside
to prevent the adversely effects of welding heathenrepair putty and epoxy. One of the
plates had already punched with respect to ancharads already embedded into the RC
beam and foundation. Then, thin layer repair puts applied on the RC frame face
followed by epoxy. Finally, the anchorage rods wegktening to fasten the steel columns to
the RC frame. The shear plate was welded to therityid plates which were welded to the

steel columns. The desired lateral strength enlmagigewas calculates as below:
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Fsp=06xtxbxo, ,{Fsp=06x4x78x270=42120N = 4212kN} (2.3)

Where,Fsg Shear strength of the shear pldtahickness of the shear plate,width of the

shear plateg,. yield strength of the shear plate
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Figure 2.24 Test setup for the column with sheateplrame
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Figure 2.25 Connection details of the column whbas plate

2.5 Test Results

Test results are given in terms of cyclic respootehe frames. The cyclic response is
presented in terms of lateral force versus latdisplacement. In addition, the figure of the
hysteretic response indicates the important evanth as plastic hinge formation in the RC
columns, brace buckling, anchorage rod failurecédfaacture, gravity collapse, beam shear
failure, fracture initiation of ISF elements, frac initiation of energy dissipater rods, and
joint failure of the RC frame. Plastic hinge formatof the RC columns was defined as the
stage when the measured curvature exceeded thatatenat first yield based on standard
sectional analysis. In addition to cyclic resporseserved damage and pictures of the test
frame is presented. Test results are summarizehbles including the ultimate lateral
strength, lateral stiffness, DR capacity, displaeetmductility, dissipated energy, DR at
failure, and observed failure modes. Lateral stiéfnis defined based on the peak positive
and negative loading points during the first cy@l€.5% DR). The DR capacity is defined
as the drift when the lateral load capacity droppe85% of the ultimate lateral strength.
Displacement ductility is defined as the drift caipadivided by the DR when any of the
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column critical section exceeds the estimated yeldature (average value calculated from
both pull and push directions). Dissipated enesgyalculated by summing the area enclosed
by the hysteretic loop up to =+ 4% DR cycles. Failiz defined as the state when the lateral

load dropped to 85% of the maximum measured lakeaal value.

2.5.1 Reference Frames

Figure 2.26 shows the hysteretic response obtafr@d reference specimens. The test
results are summarized in Table 2.8. The ultimatierdl strength and stiffness for specimen
R_13_10 was 12.9 kN and 1.75 kN/mm, respectivehe Tisplacement ductility and DR
capacity for specimen R_13_10 were about 3.9% &ndrdspectively. The ultimate lateral
strength and stiffness for specimen R_25_8.1 wag RN and 2.48 kN/mm, respectively.
The displacement ductility and DR capacity for smen R_25 8.1 were about 2.5% and
2%, respectively. High axial load placed on R_25% &used in this specimen to perform
higher lateral strength and lateral stiffness th&anl3 10. On the contrary, Specimen
R_25_8.1 exhibited severe strength degradation opearvation of the first plastic hinge at
a DR of 1% due to the presence of a higher axiatl leatio (Figure 2.26). A plastic
mechanism was formed at a DR slightly higher th&®a: Upon further increase in loading
amplitude, pinching behavior and severe stiffnesgradation was observed. Reference
specimen R_25 8.1 lost its lateral strength verpidig after developing a plastic
mechanism. Furthermore, because the plastic hifgge®ed in the columns, the RC frame
could be quite vulnerable to collapse. Figures 28d 2.28 indicate the damage observed
during the tests for specimens R_13 10 and R_25ré&spectively. As it is clearly seen in
this figure, hinges occurred at the top and bottointhe columns for both reference

specimens.

Table 2.8 Test results of the reference specimens

- - —
Ultimate Lateral  Dissipated Displacement Drift Ratio (%)

SFIJ\Ie:%n;en Lateral Stiffness Energy DDil:(e:(t:ll:E)yn I(D:i?g;(i:gz Failure  Modes D”:t EZE;;SAJ‘
Load (kN) (kN/mm)  (kN.mm) ) )
Right Left Right Left
R_13_1( 12.¢ 1.7t 210 475  3.88 5.C 4.C  Column Mechanisi 4.C
R 25 8. 13.7 2.48 2082 251 251 2.0 2.0  Column Mechanism 2.0

V,: Ultimate lateral strength, s Lateral stiffnessk: Dissipated energy
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Figure 2.26 Cyclic response of the reference spmtinR_13 10 and R_25 8.1
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Figure 2.28 Pictures of the specimen R_25_ 8.1 duhia test

2.5.2 Test Results of the Chevron Brace Strengtheth&rames

The cyclic response of the chevron braced strengthdest specimens are presented in
Figures 2.29 to 2.33. These figures also show rigoitant events of experiments such as
plastic hinging sequence, brace buckling and fail@vents (formation of a plastic
mechanism, anchorage rod failure, brace fractusjity collapse, and beam shear failure).
Test results are summarized in Table 2.9, includimg ultimate lateral strength, lateral
stiffness, displacement ductility, dissipated egefgR capacity, DR at failure, observed

failure modes.
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Figure 2.29 Cyclic response of the specimen C_13R1091 262
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Figure 2.30 Cyclic response of the specimen C_24 Rl 91 262

58



140

2 4 C_24 85 R2_89 210
105
1

w ~
o ()] o
! !

W
(62}
!

| ®Column Hinging L .
VW Brace Buckling

-1057 @ Brace Fracture 21 14

-140

-0.08 -0.06 -0.04 -002 0 002 004 0.06 0.08
Drift Ratio

Lateral Force (kN)
4
o
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Figure 2.33 Cyclic response of the specimen C_22 F2_1147_300

The last three columns of Table 2.9 list the noizeal strength, stiffness, and dissipated
energy with respect to the corresponding valuessuared from the reference specimens
(R_13 10 and R_25_8.1). Pictures of test speciraéies failure are presented from Figure
2.34t0 2.38.

All of the chevron braced frames with square HSS8ildted a similar load-deformation
response. A nearly elastic response up to buckiinidpe compression brace (Figure 2.34)
was observed followed by severe strength degradatipon brace buckling, the lateral
strength and stiffness of these specimens decresigeificantly. However, the lateral load
carrying capacity was maintained (Figure 2.29 88P. After brace buckling, post-buckling
capacity of the brace members dictated the cydifopmance of the braced frame. It was
also observed that brace buckling triggered flelxsin@ar cracks at the mid-span of the beam
(Figure 2.35). As soon as brace buckling occursbear cracks started to open up. Up to

about +3% DR, shear cracks were controlled by tkegnce of bonded side plates.
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Table 2.9 Test results of the reference and chevwraced frames

Displacement Drift Ratio  Drift
. . . . Vu KLS E
Specimen Name Vu KLS Ductility E (%) Capacity Ratio Failure
(KN) (KN/mm)  Direction (KN.mm) Direction (%) at MOdeSV K E

—Rigth Left —Rigth Left Failure u(reference) ™ LS(reference) — (reference)
R_13 10 129 1.75 4.75 3.88 2100 50 4.0 40 [1] 1.00 1.00 1.00
R 25 8.1 13.7 2.48 251 251 2082 2.0 2.0 2.0 [1] 1.00 1.00 1.00
C 13 10 R1 91 262 815 13.30 537 3.58 14547 3.0 2.0 2.0 [2] 6.33 7.60 6.93
C 24 85 R1 91 262 835 1410 247 231 13939 15 14 14] [26.08 5.69 6.70
C 24 85 R2 89 210 68.1 12.90 285 214 11092 2.0 15 15] [34.95 5.20 5.33
C_24 85 R2 68 _436 1304 2120 324 301 21874 13 1.2 1.24] [ 9.49 8.55 10.51
C 22 9.4 R2 1147 300 40.7 6.60 6.67 5.0 5817 40 3.0 3.0 [5] 2.96 2.66 2.79

[1]; Column mechanism, [2]; Connection Rod FaillB3; Brace Fracture, [4]; Gravity Collapse, [Shé&ar failure at the mid-span of the beam.



C_13_10_R1_91_2 C_24 85 _R1_91_2 C_24 85 R2 89 2 C 24 85 R2 68 4  C_22 95 R2 1147 3

Figure 2.34 Brace buckling for braced frames

C_24 85 R2_89 210

Specimen Name erft
Ratio (%)

C_13 10 _R1_91 2 2.0

C_24 85 R1_91 2 15

8.5 R2_89_2 15

5 R2_68_4: 3.0

C 24
C 24 8.
C 22 9.4 R2 1147 3 4.0

C_24 85 R2_68_436 C_22 9.5 _R2_1147 300

Figure 2.35 Shear deformation at the mid-span@btam for braced frames

C_13_10_R1_91 262 C_24 85 R1_91 262

Figure 2.36 Connection failure for specimens C_03Ril_91 262 and
C 24 85 R1 91 262
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C_24 85 R2_89 210

Figure 2.37 Brace fracture for specimen C_24 8.5882210

C_24 8.5 R2_68_436

Figure 2.38 Gravity collapse for specimen C_24 R% 68_436

Specimen C_13 10 R1 91 262

The ultimate lateral strength and lateral stiffnekthe specimen C_13 10 R1 91 262 was
81.5 kN and 13.3 kN/mm, respectively. The incraaseltimate lateral strength and lateral
stiffness of C_13 10 R1 91 262 were 6.3 and 7.@&dirthat of the reference frame,
R_13 10, respectively. Plastic hinge mechanismhefdolumns and brace buckling were
observed for C_13 10 R1 91 262 at about 0.9 % a&h@lbDRSs, respectively (Figure 2.29
and 2.34). A lateral load carrying capacity of apgmately 45 kN (about 3.5 times the
capacity of specimen R_13 10) was maintained ugbtut + 4%. The connection failure
and fracture of anchorage rods occurred at the BR«followed by the drop of 30 kN

(Figure 2.29 and 2.36).
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Specimen C_24 85 R1 91 262

The ultimate lateral strength and lateral stiffnethe specimen C_24 8.5 R1 91 262 was
83.5 kN and 14.1 kN/mm, respectively. The incraaseltimate lateral strength and lateral
stiffness of C_24 8.5 R1 91 262 were 6.1 and mé&githat of reference frame, R_25 8.1,
respectively. Plastic hinge mechanism and braceklimgc were observed for

C 24 8.5 R1 91 262 at about 1 % and 0.8 % DRsectgply (Figure 2.30 and 2.34). A
lateral load carrying capacity of approximately KN (about 3.5 times the capacity of
specimen R_25 8.1) was maintained up to about #a3.5he connection failure, fracture of
anchorage rods, occurred at the 3 % DR and theraldbad dropped to 30 kN (Figure 2.30
and Figure 2.36).

Specimen C_24 85 R2_89 210

The ultimate lateral strength and lateral stiffnesthe specimen C_24 8.5 R2 89 210 was
68.1 kN and 12.9 kN/mm, respectively. The incraaseltimate lateral strength and lateral
stiffness of C_24 8.5 R2 89 210 were 5.0 and madgithat of reference frame, R_25 8.5,
respectively. Plastic mechanism and brace bucklingere observed for

C 24 8.5 R2 89 210 at about 1.5 % and 0.5 % DRpecatively (Figure 2.31 and Figure
2.34). A lateral load carrying capacity of approately 35 kN (about 2.6 times the capacity
of specimen R_25 8.5) was maintained up to ab@i0=*4. Fracture initiation started at the
3% DR following the brace fracture at the 3.5 % [Hgure 2.37). Connection failure,

fracture of anchorage rods, did not occur for bneced frame.

Specimen C_24 8.5 R2 68 436

The ultimate lateral strength and lateral stiffnesthe specimen C_24 8.5 R2_68_ 436 was
130.4 kN and 21.20 kN/mm, respectively. The inaedasultimate lateral strength and lateral
stiffness of C_24 8.5 R2 68 436 were 9.5 and édgithat of reference frame, R_25 8.5,
respectively. Plastic mechanism and brace bucklingere observed for

C 24 8.5 R2 89 210 at about 1 % and 0.8 % DRsectsgply (Figure 2.32 and Figure
2.34). A lateral load carrying capacity of approately 55 kN (about 4.0 times the capacity
of specimen R_25 8.5) was maintained up to abd0%. Connection failure, fracture of
anchorage rods, did not occur for this braced frakfter completion of the -4% DR

excursion, a sudden gravity collapse occurredeaetid of the second cycle (Figure 2.38).
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Specimen C_22 9.4 R2_1147 300

The ultimate lateral strength and lateral stiffnebshe specimen C 22 9.4 R2 1147 300
was 40.7 kN and 6.60 kN/mm, respectively. The iaseein ultimate lateral strength and
lateral stiffness of C_22 9.4 R2 1147 300 wereaBd 2.7 times that of reference frame,
R _25 8.5, respectively. Plastic mechanism was wbdefor C_ 22 9.4 R2 1147 300 at

about 1.8 % DR. Brace buckling occurred at the fisgcle, 0.5 % DR excursion (Figure

2.34). This is because the slenderness of the bramaber, steel plate, was very high
resulted in negligible brace compression capa8hear cracks at the mid span of the RC
beam was observed due to the lack of balance betiirxeetension and compression brace
(Figure 2.35). Severe pinching response was obdeffee combined flexural shear cracking
of the beam near the connection region helped ssihting the energy without any

significant loss of strength up until a 2 mm shemck width was observed. No anchorage
rod failure was observed for specimen C_22 9.4 R271300. Connection failure, fracture

of anchorage rods, did not occur for this bracadtg.

It was observed that the axial load ratio had gaicant effect on the cyclic performance

of the chevron braced frames. In fact, the cycédgrmance of the chevron braced frame

was found to be governed by the brace area andesieess.

Envel ope Response and Energy Dissipation

Figure 2.39 compares the envelope of lateral loadus deformation response obtained
from all specimens, reference and braced framegsir&i2.40 presents the cumulative energy
dissipated at completion of each DR.

Table 2.9 summarized the total dissipated energpup4 % DR completion of each DR. If
the seismic energy induced by the ground motiaessred to be dissipated by the structure,
the reference frames or specimens R_13_10 and R.®%ad poor seismic energy
dissipation with a rapid strength degradation reqgiupgrades. Upon upgrading, mainly
due to strength enhancement, less pinching anéhesd degradation, larger energy
dissipation was observed. It can be observed thhekt energy dissipation was observed for
specimen C_24 8.5 R2_68_436 with the largest brexss sectional area and lateral force
carrying capacity. For specimen strengthened usiegl plates (C_22_9.4_R2_1147_300),

energy dissipation was smallest among all bracauéds.
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Figure 2.39 Envelope response of the referencelagédon braced frames

25000
W 4.0 %DR
B 3.0 %DR
| 2.0 %DR
20000 H1.5 %DR
01.0 %DR
= 00.5 %DR
£ 15000
=z
<
>
>
2 10000
L
5000 -

Figure 2.40 Energy dissipation capacity of thenafee and chevron braced frames

0T €T o

Py
N
a
©
i

29216 T OT €T O

66

29216 T4 G8 ¥Z O

0TZ 68 ¢4 S8 ¥Z O

9ev 89 ¢d S8 ¥Z O

00€ L¥IT ¢¥ ¥'6 ¢¢ O



2.5.3 Test Results of the ISF Strengthened Frames

The cyclic response of the test specimens are esé Figures 2.41 to 2.46. These figures
also indicate important events such as plasticehifiogmation in the RC columns, fracture
initiation of ISF elements, fracture initiation efiergy dissipater rods, and joint failure of the
RC frame. Pictures of test specimens after fadweepresented in Figures 2.47 and 2.48.
Test results are summarized in Table 2.10, inctudie ultimate lateral strength, lateral
stiffness, displacement ductility, dissipated eye@R capacity, DR at failure, observed
failure modes. During the dissipated energy catmra an exception was made for
specimen ISF_20_10.6_1_IS, where the summationtake up to completion of the £ 3%
DR cycles during when the specimen failed. The fiast columns of Table 2.10 list the
normalized strength, stiffness, and dissipatedgneith respect to the corresponding values
measured from specimen R_25_8.1, estimated |laeeaigth of the strengthened frame and

ratio between estimated and measured lateral sktrefgtrengthened frame.
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Figure 2.41 Cyclic response of the specimen ISF7%7 | HSS
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Specimen ISF_27 7.5 | HSS

Specimen ISF_27 7.5 | HSS developed an ultimageabstrength of 55.0 kN (4 times the
reference frame, R_25 8.1) and lateral stiffnes$.87 kN/mm (2.6 times the reference
frame, R_25 8.1). Separation between the ISF anddR@nn was observed after £2% DR.
At +3% DR, fracture initiation of the ISF (HSS dea) occurred at both ends of the beam
along the fillet weld connecting the beam to thkiem. Prior to fracture in the ISF beams,
while increasing plastic hinge rotation was meagatehe RC columns, limited damage was
observed in the RC frame. Plastic mechanism at ®@rms occurred at 1.5% DR. Fracture
of the steel beams (see Figure 2.41 and 2.47plegdadual decrease in lateral strength after
3% DR. The displacement ductility of this ISF réitted specimen was about two times the

displacement ductility of the reference specimeaib{& 2.10).

70



Specimen ISF_27_7.5_| HSS

Specimen ISF_20_10.6_|_IS

Specimen ISF_24 8.7 _Il_IS

o

HSS_E150

Figure 2.47 Picture of failure observed in eacttspen
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Table 2.10 Test results of the reference framel@kd

€L

Displacement Drift Ratio i
s (%) Dbt vV, Kis E Vi
: V, Kis Ductility E C . Ratio Failure
Specimen Name apacity V¢
(kN)  (KN/mm) — (KN.mm)———— (%) at Modes E
Direction Direction i re V reference) K Ls(reference) E (reference) Vy
Rigth Left Rigth Left
R 25 8.1 13.7 2.48 251 251 2082 2.00 2.00 - [1] 1 1 1 - -
ISF_27_7.5_| HSS 55.0 6.37 705 7.05 10184 4.00 400 4.00] [2 4.00 2.57 4.89 50.7 0.92
ISF_20_10.6 | IS 91.8 11.90 1.11 3.13 11043 1.00 3.00 1.003] [ 6.68 4.80 7.23 67.7 0.74
ISF_24 8.7_1_IS 114.1 13.72 429 6.44 22151 2.00 3.00 2.0Q4] 8.30 5.53 10.64 111.9 0.98
ISF_28 7.4 1lIL_IS 118.89 12.68 14.12 14.12 24553 4.00 4.60D00 [5] 8.65 5.11 11.79 131.0 1.10
ISF_27_7.5_ 1| HSS_E150 35.04 4,74 8.69 8.69 7501 4.00 4.0@0 4 [6] 2.55 1.91 3.60 32.8 094
ISF_26_8.0_| HSS_E75 5114 539 758 7.58 9192 4.00 4.000 4. [6] 3.72 2.17 442 519 1.02

V,: Ultimate lateral strength,s: Lateral stiffnessk: Dissipated energ\s:. Estimated lateral strength of the strengthenaohé;, [1]: RC Column mechanism,

[2]: ISF beam mechanism, [3]: Horizontal crackingdar beam column joint, [4]: Horizontal crackingthe RC frame base, [5]: Composite frame beam
mechanism. [6]: Fracture of energy dissipater rods.



Specimen ISF_20 106 1 IS

Specimen ISF_20 10.6_| IS developed an ultimatrdhstrength of 91.8 kN (6.7 times)
and a lateral stiffness of 11.9 kN/mm (4.8 timessrisference frame). Separation between the
ISF and RC frame was first observed at + 1.5 % Bptcimen ISF_20 10.6_| IS failed due
to excessive damage at the beam-column jointseoRtb frame (Figure 2.47). Because load
transfer between the RC frame and the ISF reliebemring between one RC column and
the ISF, the transferred load was limited by thézZomtal shear strength of the RC beam-
column joint. Horizontal shear cracks were obsemetdoth RC beam-column joints, along
the top of the ISF, after £ 1% DR. Observationsggst) that the horizontal shear strength of
the RC beam-column joint was mainly due to thdibii@l resistance of concrete and dowel
resistance of longitudinal column bars. As the D&vincreased beyond 1.0%, horizontal
shear cracks widened (Figure 2.42 and 2.47), amdatieral strength deteriorated by about
20%. It is hypothesized that the lateral strengtingases beyond + 2% DR was due to strain
hardening of the highly stressed longitudinal baitse displacement ductility of specimen
ISF_20_10.6_I_IS was lowest among all specimenk aiit ISF. No fracture was observed
in the ISF during the test. The performance of gpec ISF_20_10.6_1_IS indicates that the
benefit of ISF may be limited if failure in the lmedo-column joint of the RC frame cannot
be controlled. The lateral strength observed bea%%dDR might be developed only if the

longitudinal bars are well anchored without anycgptieficiencies.

Specimen ISF_24 87 11 IS

Specimen ISF_24 8.7 1l_IS developed an ultimaterdhtstrength of 114.1 kN (8.3 times
the reference frame) and a lateral stiffness of kBU/mm (5.5 times the reference frame). In
specimen ISF_24 8.7_11_IS, separation between3keand RC column was observed at +
2%. Failure of the RC beam-column joint did not wcm specimen ISF_24 8.7 _11_IS. It
appeared that a substantial portion of the lateead was transferred from the RC beams to
the ISF through the anchor rods, and thereby, liearsforce transferred to the RC beam-
column joint was limited. On the other hand, at bizse of the RC columns, where force
transfer between the ISF and RC frame depended @mlgpoxy bonding and frictional
resistance, concentrated damage eventually ledmplete loss of RC columns as shown in
Figure 2.47 and 2.48. No anchor failure was obskdiging the test. The cyclic response in
Figure 2.43 indicates an increase in lateral strebgyond + 4% DR similar to the cyclic
response of specimen ISF_20 10.6_|_IS beyond + DIt is noted that even after such

severe damage to the RC columns, the specimen aivaddt its gravity load carrying
74



capacity owing to the reserve capacity of the IB&nce acting as a backup axial load

carrying system (Figure 2.47).

Specimen ISF_28 7.4 111_IS

Specimen ISF_28 7.4 _Ill_IS developed an ultimater#h strength of 118.9 kN (8.7 times
the reference frame) and a lateral stiffness of kXRl/mm (5.1 times the reference frame).
Specimen ISF_28 7.4 _11l_IS was designed to devedmpposite action in the beam and two
columns. Cracks in the concrete widened during daalding excursion that produced
tension in the concrete portion of the compositdiee. Figure 2.47 and 2.48 shows cracks
developing in the column as the bending momentuwres tension in the closer side of the
column. Unlike any of the other specimens, no sejmar was observed between the ISF and
RC frame. No anchor failure was observed duringtéisé Horizontal shear cracking at the
column base observed in specimen ISF_24 8.7 _Il_i$6 mbt occur in specimen
ISF_28 7.4 1Il_IS. The specimen failed due to fneetof the welded beam-to-column
connection that initiated at £+ 3% DR (Figure 2.4Among all specimens, specimen
ISF_28_7.4_111_IS achieved the largest lateralrgitie and displacement ductility. Superior
performance of this specimen can be attributedhé¢oainchor connection provided between

ISF and RC frame all around the inner boundary.

Specimen ISF_27 7.5 | HSS E150

Specimen ISF_27 7.5 | HSS El186veloped an ultimate lateral strength of 35 kN6 (2.
times the reference frame) and a lateral stiffrafsd.7 kKN/mm (1.9 times the reference
frame). The use of energy dissipater rods restiitel 34% and 57% decrease in stiffness
and lateral strength compared to Specimen ISF_871 HSS, respectively. Similar to
specimen ISF_27_7.5 | HSS, separation betweerSthehd RC column was seen after +
2% DR. All potential plastic hinges at the RC cohgn of specimen
ISF_27 75 | HSS E150 formed at 2% DR with no othesible damage.
ISF_27_ 7.5 | HSS E150 failed due to fracture ofahergy dissipater rods at 5% DR. At
this stage, flexural-shear cracking was observatierRC columns at ISF contact locations
(Figure 2.47 and 2.48). ISF_27_7.5_I_HSS_E150 hdsalacement ductility of about 8.7
which 3.8 times that of reference frame and 1.7esimthat of ISF_27 7.5 | HSS. As
intended in design, while the threaded rods undetsabstantial plastic deformation, no

yielding occurred in the remaining portion of tis#I
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Specimen ISF_26 8.0 | HSS E75

Specimen ISF_26 8.0 | HSS Edeéveloped an ultimate lateral strength of 51 kN (3.
times the reference frame) and a lateral stiffrefs§.4 kKN/mm (2.2 times the reference
frame). The use of energy dissipater rods resuttedB% and 8% decrease in stiffness and
lateral strength compared to Specimen ISF_27_7HESS§, respectively. Similar to specimen
ISF_27 7.5 | HSS, separation between the ISF anddR@nn was seen after + 2% DR.
All potential plastic hinges at the RC columns péamen ISF_26 8.0 | HSS Efttmed

at 2% DR with no other visible damage. ISF_26 8.BI9S E75ailed due to fracture of
the energy dissipater rods at 5% DR. At this stflggural-shear cracking was observed in
the RC columns at ISF contact locations (Figureé 24d 2.47). ISF_26_8.0_| HSS E75
had a displacement ductility of about 7.6 which waerely three times that of reference

frame and approximately equal that of ISF_27_7HSS.

Envel ope Response and Energy Dissipation

Figure 2.49 compares the envelope of lateral laadus deformation response. Figure 2.50
presents the cumulative energy dissipated at cdioplef each DR. The proposed upgrade
schemes of adding an ISF increased the lateraigitreof the RC frame (represented by
reference specimen R_25 8.1) by 2.6 to 8.7 timeweNmportantly, the energy dissipation
capacity increased by a factor of about 3 to 12githe bare frame due to less pronounced
pinching, stiffness and strength degradation. Ore tither hand, specimens
ISF_20 10.6 | IS and ISF_24 8.7 _II_IS exhibitectainie cyclic performance (Figure 2.41
and 2.42), low displacement ductility and smalleergy dissipation capacity (Table 2.10).
In addition, the extensive RC beam-column joint aaimn base damage due to high shear
demands in these specimens discourage the us€& eilién the horizontal shear strength of
the RC beam-column joints is smaller than the #tstrength of the ISF. Although same
installation method, method I, was used for SpensnéSF_27_ 7.5 | HSS E150 and
ISF_26_8.0_| HSS_E75, they had different envel@sponse because of the dissipater rod
height. The inelastic action on the dissipater rossembles the plastic mechanism of a
fixed-fixed steel column (Figure 2.51). The latefafce carrying capacity of the energy
dissipater rods is determined by the plastic monwapacity and length of the section.
Hence, decreasing in the rod length resulted innarease in the strength of the retrofit
system. The largest degree of enhancement in ed@gipation, strength, and displacement
ductility was achieved by Specimen ISF_28 7.4 8limplemented anchors between the

ISF and RC frame to achieve fully composite action.
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Figure 2.51 Plastic deformation of dissipater rods

Strength Evaluation of the Test Specimens

The observed failure modes of the specimens with d& illustrated in Figure 2.47 and

2.48. The failure modes

following limit cases for each specimen: (a) sunthaf plastic strengths of the RC frame and
ISF (specimen ISF_27 7.5 | HSS); (b) horizontalastsrength of the RC beam-column
shear strength of theuooi base (ISF_24 8.7 Il IS); or (c)
plastic strength of the composite frame (ISF_28 IN.41S) and (d) the strength of the
energy dissipaters (ISF_27 7.5 | HSS E150 and

column of the Table 2.10 compares the measuredgtlreagainst the prediction based on

joint (ISF_20_10.6_I_IS),

simple calculations.

The estimated strength in Table 2.10 was obtainedumming the measured strength of
reference R_25 8.1 with the plastic strength ofl8fe For specimens ISF_27 7.5 | HSS,
ISF_20 _10.6_1_IS, ISF_27_7.5 | HSS_E150 and ISR8®6| HSS E75 which did not

suggest that the strenfjttheo specimen was governed by the

use anchors, the following equations were used:

Vg =V +min (Vj + Vise)

p

2M oy o o
N T) with energy dissipater

without energy dissipater
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where V is the estimated lateral strength of the stremgttiframel,; is the measured
lateral strength of the RC frame (taken from SpeaniR_25_8.1)V, is the horizontal

design shear strength of the RC beam-column jomhputed based on TEC (2007) as 0.45

x measured concrete compressive strength listéithivbe 2.4 x joint height x joint width)

and Vi is the design lateral strength of the ISk, is computed as the smaller of the

plastic strength of the ISF and the plastic stiengft the energy dissipating system. In
Equation 2.5,M jand M, (Figure 2.51) are the plastic moment of the ISFnieand

dissipater rods, respectiveld,andL,s¢ are the heights of the energy dissipater rods &fd
respectively andl is the number of dissipater rods.

Specimen ISF_24 8.7 II_IS was designed to avoidriaiat the RC beam-column joint.
Lateral strength was estimated by considering iglasipacity of the steel beam mechanism
(Equation 2.4). In the case of ISF installed witltleors (i.e. specimen ISF_24 7.4 _11I_IS),
horizontal shear strength of the RC beam-columnt jdid not govern the ultimate load.
Hence, lateral load capacity was calculated basea beam mechanism using the capacity
of the composite beam and column sections presémfEable 2.7. Table 2.10 indicates that
strength increase achieved by ISFs in each speciex@ept specimen ISF_20 10.6 | IS,
was predicted within 10 % by these simple calcoteti

Above calculations show that the strength of ISHaatmation of a failure mechanism
depends on the presence of anchor rods. If no as@re used (i.e. installation method ),
then the capacity of the system is limited by thezontal strength of the region below the
RC beam-column joint. Hence, there is no benefipiaviding an ISF with the lateral
capacity of it greater than the horizontal sheamgjth of the RC beam-column joint. Upon
providing sufficient anchors, it was found thatlapke mechanism can be estimated by the

strength of the composite frame.

2.5.4 Test Results of the X-Braced Frame

The cyclic response of the X-Braced frame is showrFigure 2.52. This figure also

indicates the cyclic response of the specimen C9.22R2 1147 300 (having the same
brace section used in chevron braced frame) fopanison. These two frames are similar in
terms of the connection details and brace membé&rshwvere steel plates. Specimen X-
Braced frame developed an ultimate lateral strenf#?.5 kN (3 times the reference frame,
R_25 8.1) and lateral stiffness of 7.95 kN/mm (@3es the reference frame, R_25_8.1).
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The cyclic response of the X-Braced frame was taftls due to excessive damage at the
joints (Figure 2.53). The 15% lateral strength dwas observed up to +1% and -0.5% DR
for pull and push directions, respectively. It das observed that chevron braced frames
exhibited a superior performance compared to theate system. This can be attributed to
anchoring the braces to RC beam rather than atigdhien to joints that are extremely
vulnerable. Moreover, it should be kept in mindttilae beam strengthening is more

applicable than the joint strengthening due to edsccess and architectural concerns.

N
(6]}
\

N
o1
|
K\J\j{ I

Lateral Strength (KN)
o

—C_22 9.4 R2 1147 _300
— X-Brace
'50 T T T T

-0.06 -0.04 -0.02 0.00 0.02 0.04 0.06
Drift Ratio

Figure 2.52 Cyclic response of the specimen X-Bidemme

Figure 2.53 Picture of the X-Braced frame damage
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2.5.5 Test Results of the Column with Shear Plateréme

The cyclic response of the column with shear gliie@me is given in Figure 2.54. Specimen
column with shear plate frame developed an ultinhatieral strength of 31.5 kN (2.3 times

the reference frame, R_25 8.1) and lateral stiffridfs4.1 kKN/mm (1.7 times the reference
frame, R_25 8.1). The desired lateral strength medraent was not obtained for this
specimen due to excessive damage on the RC beashaadplate (Figure 2.55). The shear
plate imposed additional flexural demands on theld@@m which did not have strength to
resist this additional demand. Hence, excessivenb@mmage occurred during the test. In
addition, the shear plate had in and out of plaabilgy problem with increasing lateral

excursions. The physical dimension of the shedeptaso small that the alignment problem
Is considered to be main problem of this stabpityblem. This test indicated that to design a
shear plate for a real retrofit case may be diffidue to physical concerns which should be
provided shear yielding of the steel plate instehdlexure yielding. Steel column, 1-140

section, behaved elastically up to end of the test.
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Figure 2.54 Cyclic response of the specimen colwitim shear plate frame
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Figure 2.55 Picture of column with shear plate feam

2.6 Evaluation of the Test Frames

The cyclic response of 1/3 scaled one bay-one $f@yframes indicated that the chevron
braces frames and the ISF are possible candidatesismic retrofit of deficient low rise
building frames. The chevron braces increased dherdl strength, stiffness and energy
dissipation capacity of the deficient RC framesigigantly (Figures 2.39 and 2.40). This is
clearly an important contribution since the defitibuildings in Turkey lack lateral strength
and stiffness. In this way, the lateral displaceihmdamands of columns and beams can be
relieved. The chevron braces have three connechetseen braces and RC frame rather
than four connections for the X braced RC framee Twer number of connections is more
appealing for a retrofit scheme. The chevron braesinstalled to mid-span of the RC
beams and the foundation in one story frames. iBhés obvious advantage over X braces
since the demand on beam-column connections isigatficantly affected. In structures
having more than one story, the connections tagdiecomes a necessity for chevron braces
and the performance of such cases are examinelapt€r 3 and 4.

The connection between RC and steel brace members performed by using post-
installed anchorage rods (Figures 2.8, 2.17 an8l) Zdr the chevron brace retrofits. The

anchor depth of 20or 0.6 (¢: diameter of the anchorage rod dndcolumn depth thought

82



the drilling direction) was determined to be adegua order to provide force transfer from
steel braces to RC members. The threaded rodsfaend to be useful in order to provide
easy connection and better bonding surface. Thagitnening of the beam may be needed in
the case of large unbalance forces in beam to lvesggen. It was found that the steel plates
can be attached to the RC beam by using anchooalge @poxy and repair putty effectively.
The shear strengthening of the beam by means obppate methods can be designed for
the force difference between the vertical componagitorace yield force and vertical
component of brace post buckling capacity (see Agipel). The brace post buckling
capacity can be determined from Load and Resist&aotor Design (LRFD) (1994) or
ASCE/SEI 41 (2007) documents. Furthermore, the ections may be designed for a higher
over strength factor. As indicated in Table 2.3 tteld strength of the HSS sections was
higher than nominal strength of the used steelagralich is ST 37 (TS 648, 1980). The
over strength factor was found to be between 1d42aiWhen the brace slenderness is higher
than 250 (allowed by TS 648 (1980) or other linsitgggested by the ASCE/SEI 41 (2007),
LRFD (1994) can be used) it was observed thatyhtes can exhibit a ductile response by
yielding the RC beam (strengthened with steel platee Figure 2.33 and 2.39). However,
extensive damage in form shear crack opening wasreed for such a design (see Figure
2.35). Hence, slenderness limitations in the desygrdeline could be obeyed when
designing such retrofits.

ISFs increased the stiffness, strength, and erdisgjpation capacity of seismically deficient
RC frames effectively (Figures 2.49 and 50). FerI®F, there were two cases examined:

1) If the lateral strength enhancement providedneylSF is lower than the horizontal shear
strength of the RC beam-column joint, the ISF withany anchorage (Method I) can be
used for seismic retrofit.

2) If the lateral strength enhancement providedhieylSF is higher than the horizontal shear
strength of the RC beam-column joint, the ISF stidnd constructed to function compositely
with the RC frame (Method IIl) in order to limitehforce imposed on the RC beam-column
joints. For fully composite members, the connecstrength should be adequate in order to
provide force transfer between RC and steel memiérs numbers of the anchorage rods
can be determined safely by using the methods ibestcin Section 2.4.2.

The energy dissipation system was observed to Imefiogl in increasing the lateral
strength, stiffness and energy dissipation capafitye deficient RC frame. However, the
out of plane stability and damage introduced inrthid-span of RC columns suggested the
need of further investigations for such systems wifferent type of dissipaters.

The X-braced and column with shear plate systenofiest were not sought further in this

thesis, as they introduced excessive beam-columhgod beam damage, respectively.
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CHAPTER 3

3. PSEUDO DYNAMIC TESTS ON STEEL

STRENGTHENED RC FRAMES

3.1 Introduction

Strengthening of the deficient RC frames with duied steel members were examined by
pseudo dynamic testing of three two story-three R&yframes in this chapter. First frame
was the reference frame tested and explained imaildey Kurt (2010) without any
strengthening. Two additional specimens were sthemgd with structural steel members
and tested. Based on the knowledge gained fronteiteresults presented in Chapter 2, it
was considered to strengthen the 3 bay-2 storyrR@ds with chevron brace and ISF with
fully composite section. The frame with infill wadpecimen of Kurt (2010) was used as a
reference for economy purposes. The steel stremgthespecimens simulate the
strengthening of a realistic RC frame building Bynoving the infill walls and installing new
structural steel components. The objective of igst two story structure with PsD test
methods are:

1) To realistically simulate the seismic demand.

2) To observe multi-bay multi-story system behaviar opposed to one bay-one story

structures.
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3) To observe the connection performance in upferes where the brace is connected to
the beam-column joint.

4) To determine possible redistribution after suddeember failures (for example brace
failure or excessive plastic hinge damage).

5) To investigate the performance of ISF compasiteamns in a two story structures.

3.2 RC Frames and Test Setup

The test frame was scaled to ¥z from a prototypef@@e building with infill walls tested
by Kurt (2010) (see Figure 3.1). As seen in Figkite the test specimen was extracted from
the interior bays of the prototype building (Ku2010). Both live (300 kg/cfh and dead
(250 kg/cm) loads were considered in the design of prototppéding. These loads
produced about 13 and 23 % column axial load rattithe first story exterior and interior
columns, respectively. These ratios were 8 and 1foPthe second story exterior and

interior columns, respectively.

—--_,Test Zone
: 5000m 5000m

I Bays with continous infill walls

Figure 3.1 Plan view of prototype building (adoptesm Kurt, 2010)
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Figure 3.2 RC test frame

Figure 3.2 shows the elevation view of the testcepens excluding the strengthening
component or the infill. The exterior and interimay of the test specimen was 2500 mm and
1300 mm, respectively. The height of the first aadond story was 2000 mm and 1500 mm,

respectively. The 150 mm x 150 mm columns were igeal with four 8-mm diameter
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longitudinal reinforcement plain bars resultingahout 1.0 % longitudinal reinforcement
ratio (Figure 3.2). The column longitudinal reirfement was welded to the 25 mm thick
base plate (Figure 3.3-b). The base plates weeel fia the concrete foundation with anchor
rods placed before concrete casting in the fouaddfrigure 3.3-b) for columns C2 and C3
(Figure 3.2). The base plates of columns C1 anav€@4 connected to the force transducers
designed by Canbay et al. (2004).

Four mm diameter plain bars were used for stirafgsoth columns and beams (Figure 3.2
and 3.3-b and d). Although the TEC (2007) requst@sups to be anchored using 135 degree
hooks, 90 degree hooks were used for all colummbs Beams to simulate the detailing
deficiency of the Turkish construction practice dref the establishment of the modern
seismic codes (Figure 3.2 and Figure 3.3-b, d and f

The stirrup spacing of the columns was 100 mm @ pitastic hinge regions to simulate
insufficient confining details (Figure 3.2). Thisropluced 0.16% volumetric ratio of
transverse reinforcement which was smaller thart tleguired by the TEC (2007)
(pcode=0.25%).

The 150 mm x 200 mm beams were cast with a 600-nmde,v80-mm thick slab (Figure
3.2). In addition to including the slab effectse thlab was used as a platform to directly
support the steel blocks that imposed gravity loddansverse reinforcement of the beams
was composed of 4 mm diameter stirrups with 100 spacting. The beams had four 8 mm
diameter longitudinal reinforcement in additiontt® four 6 mm diameter reinforcement
(Figure 3.2 and 3.3-e). The slab had 6 mm reinfigrcdars with spacing 100 mm along the
slab width (Figure 3.3-e). Bottom and top beam tamatinal reinforcements were welded to
each other at the third column and mid of the iatespan of the frame to provide the
continuity of longitudinal reinforcement, respeelly. The RC beam-column joint had no
stirrup extending into the joint to simulate inscint construction details (Figure 3.3-d and
J)-

The view of the frame, before removing the steeldsias shown in Figure 3.3-n. After
removing the molds, second story steel blocks \wkxeed on the frame than the contraction
of test frame was completed as seen in FigureTdié. figure shows original case before the
construction of the infill wall and strengtheningses. The RC frame was constructed on
three foundations (Figure 3.4). These foundatioaseviixed to the strong floor. To fix the
foundation to the floorg50mm rods were used. Four and eight rods were tmethe

exterior and interior foundation, respectively.
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a) before the construction of the molds, b) reicdonent details at the bottom of the column (2. moly c) 1. story mold
constructed, d) joint, e) 1. story before the ceteicasting, f) 1. story concrete casting, g) plg¢he steel blocks on the 1.
story, h) 2. story mold construction, i) 2. stosfdre the concrete casting, j) joint, k) 2. stooperete casting, m) after concrete
casting, n) curing, 1) longitudinal reinforcemeffitiee column, 2) transverse reinforcement, 3) nftation, 4) base plate for
RC frame, 5) anchorage rod, 6) steel mold, 7) laeinforcement of the beam, 8) slab reinforcemeaaralfel to the beam
longitudinal reinforcement, 9) slab reinforcemeatgendicular to the beam longitudinal reinforcem&f) steel frame

Figure 3.3 RC frame and construction details
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Figure 3.4 RC frame test setup and foundation

I nstrumentation and loading system

Figure 3.5 indicates the instrumentations and loadiystems. Two computer controlled
actuators were used to impose lateral displacen@mands to the RC frame (Figure 3.5-a).
Pulling on the RC frame was conducted by the hélpoor @30mm-high strength rods
connected to the frame ends.

These 7000 mm length-rods were fastened to ther@Steel plate which was connected to
the RC frame at both end of the frame on the &nst fourth columns (C1 and C4, see Figure
3.5-a, ¢ and f). 500-kN-load cells were placed leetwactuators and RC frame to measure
the lateral force at each story level. Two LVDTsl dreidenheim were used to measure the
floor displacement at first and second floors (Fég3.5-f). Two LVDTs were used to
measure the elongation and contraction of the coltoncalculate the column curvature

(Figure 3.5-b and d). Two special manufacturedsuacers (Figure 3.5-e) were placed under
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the exterior columns (C1 and C4, see Figures 3d2345) to acquire column moment, shear
and axial force. The details about the transducedyztion and calibration are available
elsewhere Canbay et al. (2004).

Figure 3.5 Loading and instrumentation
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The axial load on the column was applied by ustegllocks (Figure 3.5-c). One group of
steel blocks had 100x450x1000 mm dimension. Blagkse placed on the first and third
span of the first story. The other types of stéaths were 100x450x1550 mm and they were
placed on the full span of the second story. Iniidlll and strengthening techniques were
only applied to the interior span of the frame. rBfiere, steel block was not placed in the
interior span of the first story. A steel frame veamistructed around the RC frame to act as a
safety during a possible sudden collapse. The bteeks were connected to the steel frame
with adequate slack which enabled RC frame to égpee displacement without any

artificial restrain.

Material properties

The concrete had a maximum aggregate size of 12witm a target 28-day cylinder
compressive strength of 7.5 MPa. This simulatesctrerete strength in existing deficient
structures of the Turkish RC building stock as regmb by the field investigations (Tezcan
and Ipek, 1995; Dogangun, 2004; Cagatay, 2005). mixture of the concrete is given in
Table 3.1. The concrete strength of the each sggcoring the testing day of specimens is
indicated Table 3.2.

Table 3.1 Mix design

Mixture componer Weight (kg Proportions vs weight (2
Cemen 254 111
Watel 254 11.1

0-3 mm aggrega 65¢ 28.¢

3-7 mm aggrega 60¢ 26.7

7-12 mm aggrega 50¢€ 22.2

The mechanical properties of the longitudinal arahdverse reinforcement by conducting
uniaxial tension tests according to ASTM E8 (20@g)given in Table 3.3. Material
properties of the other materials (such as strattsteel anchors etc.) used during

construction are available in the relevant parthisf chapter.
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Table 3.2 Concrete strength

Ground Reference Chevron ISF
Motion 1.story/2.story 1.story/2.story
50% 7.4 7.817. 75171
100% 7.4 7.817.t 7517
140% 7.4 7817t 75171
180% - 8.0/7. 7.717.¢
220% - 8.0/7.9 -

Table 3.3 Mechanical properties of reinforcement

Reinforcement  Yield Strength (Mpa) Ultimate Strength Max. Elongation (%)
$8 33C 46E 30
o4 270 374 23

3.3 Reference Frame

The details of the reference frame were explaimedetail by Kurt (2010). Hence only a
brief summary is presented herein to enable a ldst®mparison with the strengthened
frames. The steel blocks at the first story wese@ll before concrete casing of the second
story. After concrete casting of the second stotlyer steel blocks were placed on that story.
The bricklaying of the interior bay of the RC framas conducted under axial loaded
conditions to simulate the situation in existingustures. The reference frame had infill
walls made from hollow clay brick into its interigpan. Figure 3.6 indicates the test setup
for the reference frame. The size of the hollowy dbaick is presented in Figure 3.7. The
infill wall was laid center in to the RC columns @@t no out of plane eccentricity existed.
As seen in Figure 3.7, the width of the brick w&8 inm, hence a 20 mm gap was covered
with plaster to achieve the infill wall to be alephwith the column face.

The uniaxial compressive strength of the hollowydmick was 14 MPa in the direction
along voids. The uniaxial compressive strengthraftkblaying mortar and plaster were 12
MPa. These data was taken from Kurt (2010).
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Figure 3.6 Test setup for reference frame

Figure 3.7 Hollow clay brick used in experimentkén from Kurt, 2010)

3.4 Chevron Braced Frame

The main purposes of the tests were to examingdnrmance of the RC frame, steel
members and the connection under more realistsmseidemands. The deformation and
damage levels of the steel brace, gusset platé&r@hembers were aimed to be examined
from low to high intensity earthquake simulatiolisvas observed in Chapter 2 that inelastic
performance of the brace members are not stabdée bface buckling due to significant
strength drop. In other words, the post bucklingacity dictates the performance of the
braced frame. Although the chevron braces incrdhselateral strength and stiffness
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significantly, the ductility of system due to buck] is limited. The lateral strength
enhancement of the braced frame depends on the bmambers which act as axial load
carrying members with high axial stiffness. It sldbobe reminded that the existing RC
buildings have already poor ductile columns andrisearo improve the ductility of the all
columns may not be an economical and feasible apprdor retrofit schemes. Hence,
braced frames are considered to be economical datedi in providing stiffness and
strength. In the brace design of this specimeghslieviations from the conceptual design
of braced frame specimen of Chapter 2 was madeseTtiiéferences are:

1) Anchorage design was conducted by using th@uniforce methods of the LRFD (1994)
as opposed to elastic design presented in Chapter 2

2) The brace slenderness was lower than the sgickéetion used in Chapter 2 to achieve
the target lateral strength.

3) The RC beam strengthening was conducted by usipgand bottom steel plates as
opposed to side and bottom plates used in Chapisee2Figure 2.8). This enabled a more
practical way of connection the braces to the beamasprovided shear and flexure capacity
to the existing beam.

Figure 3.8 indicates the test setup for chevrorgdudrame. The strengthening started after
the placement of the steel blocks to simulate tlesence of dead weight on the existing
structures. Chevron braces had three critical odiores in each floor namely connection at
the bottom of the column or base plate (Figure,3a8xhe mid span of the beam (Figure
3.10) and at the RC beam-column joint (Figure 3.The connection details between RC
frame and steel brace was slightly different frdmattof previous chevron brace application
examined in Chapter 2. In this part, no side sh&sies were used. Instead, two 10 mm thick
plates at the bottom and top surface of each beama wstalled.

Figure 3.8 Test setup for braced frame
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1) Connection application at the bottom of the column and base plate (Figure 3.9): First of
all, an additional base plate for brace connectias anchored on the RC frame inside the
interior span (Figure 3.9-a). The anchorage holesewdrilled into RC column then these
holes were cleaned up in three steps; namely awiby, brushing and again air blowing
(Figure 3.9-b and c). Then, epoxy primer was igdcinto these holes followed by the
insertion of the anchorage rods (Figure 3.9-d). dibeneter of the anchorage rods and holes
were 10 mm and 12 mm, respectively, whereas theéhd#fpanchorages was 120 mm from
the member face. The gaps between the rods and wele filled with epoxy to obtain flat
and smooth bonding surfaces. Plate 1 and Plateiguré~3.9) were welded outside to
prevent adverse effect of the welding heat on fimxg Then a thin layer of repair putty
approximately 3 mm was applied to obtain a smoathding surface on the face of the
column and then epoxy was wiped on both face deRlaand RC column member. Anchor
rods were tightened to provide successful connedieween Plate 2 and RC column. Plate
1 was welded to the base plate 1 in placed follotwedhe welding of the stiffeners and
brace members (Figure 3.9-e and f). It should betioreed that the brace angle with respect
to horizontal axis was 72In the current design guide lines (for exampleDIER 1994) this
angle is defined between ¥@nd 60. In this study this rule was violated because the
intention of the study was not to design a new ohebrace frame structure but to retrofit a
deficient existing RC frame by using chevron brageth the minimum number of
connections.

2) Connection application at the mid span of the beam (Figure 3.10): The connection at the
mid span of the beam was started by drilling anatperholes for RC beam from top surface
to bottom surfaces (Figure 3.10-a) followed by ®ldt and Plate 5 according to this
anchorage holes. Plate 3 was welded to the Plated4hen stiffeners were welded to both
Plate 3 and Plate 4 (Figure 3.10-b). Repair putis wmeared to the top and bottom of
surface of the beam to ensure a smooth attachmgate. Finally, Plate 4 and Plate 5 were
tightened by using anchorage rods (Figure 3.10dcdn

3) Connection application at the joint (Figure 3.11): Firstly, the anchorage holes were
drilled into RC column (Figure 3.11-a). Then, epgymer was injected into these holes
followed by the insertion of the anchorage rodse dkpth of anchorages was 120 mm from
the joint face. Plate 6 and Plate 7 were weldedrpo the installation of the system to
prevent adverse effect of the heat on the epoxyy ias smeared on the RC column face to
provide a smooth bonding surface. Plate 4 and Blatere already in their places during the
connection at the mid-span of the beam. Plate 6tightened to RC column by using the
anchors (Figure 3.11-b) and welded to the Platellbwed by welding of the stiffener and

brace member (Figure 3.11-c, d and e).
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Estimated Base Shear Capacity of the Braced Frame

The steel brace members were square hollow stalcsteel (HSS). This brace type was
defined in the Turkish standard “Welded Square Redtangular Steel Tubes (TS 5317)".
According to TS 5317 the steel brace member wag®0ok TS 5317-Fe 37 6000-s. The
cross section properties of this member were 70xif@ sections with a 4 mm wall
thickness. The area and moment of inertia of thenbee was 1000 mfrand 70.4 1bmnt.
The nominal yield and tensile strength of the sbeate and steel plates (Plate 1 to 7) were
235 and 363 MPa, respectively (TS 648, 1980). Algiolateral strength or base shear
capacity of the braced frame was evaluated heeecdhnection design of the brace member
and connection are explained in Appendix 2. Thgeiabase shear capacity increment of the
braced frame was 3 and 2 times that of referermmdrbefore and after brace buckling,
respectively. The base shear capacity of the bréeede was calculated from two force
contributions namely plastic hinges of the firgirgtcolumns and horizontal component of
the first story brace forces (Figure 3.12). The rantrcapacities of the RC columns were
about 5 kNm (Since the braces limits the storeyt,difie columns may not reach their
capacities). The brace forces was evaluated forciges: In the first case, while one of the
braces has tension force, the other brace has essipn force and this case occurred just
before the compression brace buckles (In this ¢edbh braces have equal tension and
compression force). In the second case, while drieeobraces buckles (the axial force of
the brace member is assumed as 0.3 and 0.5 tiraesrdlce buckling capacity within the
post buckling region with respect to LRDF (19943 &kSCE/SEI 41 (2007), respectively.)
and the other brace yields in tension. For botlegasase 1 and case 2, the base shear of the
braced frame were calculated as 206 kN (3.1 tiftasdf reference frame) and 175 kN (2.6
times that of reference frame), respectively. Iswaportant to emphasize that the ratio, 0.5,
to calculate post buckling capacity of the braceniper is a simple assumption to estimate
the brace post buckling capacity. Post bucklingacép of the brace members may be
calculated by using more involved methods or amalya the design of the tests such an
approach was not sought. Conversely, target capeaiige (175-206 kN) was found to be
satisfactorily lateral strength of comparing targgength with the reinforced concrete infill
wall strengthening of Kurt (2010). As a result, tiaeget base shear strength increment, 3
times that of reference frame, seemed to be sadisly using HSS-70 brace members.

Castl

Vpase = 4xVC+ 2x301x cos72 = 206kN, (Vc = 5kNin Figure3.12)

Case2

Vpase = 4xVe+(05x301+350)x cos72 = 175N, (Ve = 5kN in Figure3.12)
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> Mc =5kNm
Ve Vc= —ZMC =Mc
2m
A Vc =5kN for eachcolumn
th v th = Pb cos/2
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P,; = 350kN
P, =301kN
Vc

Figure 3.12 Lateral strength estimation

3.5 Internal Steel Frame

The main purposes of the tests were to examinepénformance of the ISF and their
connections under simulated earthquake motions. ddiermation and damage levels of
composite column and beam members were aimed texamined from a low to high
intensity earthquake simulation. In the designhi$é specimen following differences were
introduced compared to the ISF strengthened fraresented in Chapter 2.

1) Instead of | sections used in ISF of one bay-steey frames (Figures 2.18), top and
bottom steel plates were employed in order to fyasisong column-weak beam design of
the retrofitted specimen (Figure 3.14 to 3.16).

2) The number of shear anchor dowels were desidreskd on limit states of RC
columns/beams and steel members in this specimeguatiens 3.1 to 3.5). A more
conservative elastic design was employed in Ch&p(8ection 2.4.2, equation 2.2).

The Internal Steel Frame was examined in Chapbgri2sting six one bay-one story frames.
The results from these smaller scaled specimes tesealed that ISF with full composite
connection produced a remarkable performance. HESfeeavith full composite connection
was tested by the PsD test procedure. Figure XH1iBits the test setup for ISF strengthened

RC frame. Figure 3.14 shows the composite columt la@am sections. Strengthening
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started after placing the steel blocks on the R&n&. Composite members were produced
by attaching steel members next to the existingi@@e members with anchorage rods. The
RC columns were converted to composite columnsttaglzing steel | sections. This section
is called as IPOG 200x100x8.5 TS 910/5, Fe37, 12060 medium wide flange | beams
(IPE200) in the Turkish Standard TS 910 (1986) iaternational standard, respectively.
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Figure 3.13 Test setup for ISF
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Figure 3.14 Composite column and beam member

The ISF had three critical connections namely cotioe at the beam (Figure 3.15), at the
bottom of the column or base plate and at the Ritnbeolumn joint (Figures 3.16 and 3.17).
The connection details between RC frame and stesibars was slightly different from that
of previous ISF application examined in chapter 2.

1) Connection details at the beam: Steel plates having 7x140 mm dimensions werelath

to bottom and top surface of the RC beam at theriont span of the RC frame. First,
anchorage holes were drilled into bottom side & BC beam at the second story. The
anchorage holes were cleaned at three stagesjoaiing, brushing and air blowing to
achieve a perfect smooth bonding surface (detéitsutacleaning was mentioned at the
chevron brace application). Then, epoxy primer ingected into these holes followed by the
insertion of the anchorage rods (Figure 3.15) afidfdr curing three days. The diameter of
the anchorage rods and holes wgt2 - @8 and 14 - 10 mm, respectively, whereas the depth
of anchorage wholes was 120 mm from the bottom fddbe beam. A thin layer of repair
putty was applied on the RC member surfaces. Theryewas wiped on both face of steel
plate 1 and bottom of the RC beam. Before the epoxgd, the anchor rods were tightened
to connect the individual steel plate 1 to the R€&rb (Figure 3.15). First story beam
connection was started by drilling the beam from tiw bottom surfaces. Drilled holes were

cleaned up at three steps as mentioned above. Eporgr was injected into these holes
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followed by the insertion of the anchorage rodgFe 3.15-c, d and e). A thin layer of
repair putty was applied on the RC member on afhsas that contact the steel Plate 2 and
Plate 3. Then epoxy was wiped on both face of giks and bottom of the RC beam.
Before the epoxy cured, the anchor rods were tigdt¢o fasten the individual steel Plates 2
and Plate 3 to the RC beams (Figure 3.15-f, g,chian

2) Connection details at the column: Figure 3.16 and 3.17 exhibit the connection d&tt
the RC beam-column joint and at the bottom of tbkuran C3. Anchorage holes were
drilled into the RC column. Subsequently these satere cleaned up at three steps; namely
air blowing, brushing and again air blowing. Thepoxy primer was injected into these
holes followed by the insertion of the anchoragisrand left for three days for curing. The
diameter of the anchorage rods and holes were &nthil0 mm, respectively, whereas the
depth of anchorages was 120 mm from the member Tdwn a thin layer of repair putty
was applied to obtain a smooth bonding surfaceherface of the column and then epoxy
was wiped on both face of IPE200 and RC column.héancods were tightened to complete
the connection between IPE200 and RC column. Kn#AE200 was welded to the base
plate 1 (Figure 3.16) and Plate 3 (Figure 3.15 Hidat the first story. This plate was then
welded to Plate 1 and Plate 2 (Figure 3.15) as#dwend story. The adverse effect of welding
on epoxy was not significant since six 12 mm di@netnchor rods connect two plates
(Plates 2 and Plate 3) effectively. In other wortiese plates were used to construct to
obtain a composite member via anchorage rods r#tharrelying on bond capacity between

plates and concrete for composite action.

| SF Design

The ISF design had two parts namely anchorage esthd and achieving the target base
shear capacity of the ISF. The former was basedatculating the adequate numbers of
anchors used between steel and RC frame membeeslalter was found by assuming

plastic hinge mechanism.

Anchorage rod design:

The number of anchorage rods was calculated swathstiear at the interface between RC
member and steel member can be transferred s&iglyre 3.18 shows the limit state force
distribution on composite column and beam membés &mit state. For composite column

(Figure 3.18) anchorage rods are required to rélsestmaximum shear forces developed
between interface of the RC column and IPE200 mesnt¥éhis shear force between RC
column and IPE200 is the maximum tension and/orpression force (or capacity) on the

IPE200 and RC column, respectively.
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Figure 3.15 Connection details at the mid-spameffirst and second story beam

104



b)

200.0

45.8

IPE20(

»Plate 2

Repair putty
« ‘. ‘#---J---» Anchorage rods

----- » RC bear

v Repair putty

+ » RC column

183.0

e-
"

<
- +--+Anchorage rods

Base Plate 2

P

.~ Foundation

4 < -

Figure 3.16 Connection details; a) beam-columntjdipcolumn-base plate.
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a) 2 story top of the bottom of column, b) 2. stoojumn, ¢) 2 story joint, d) 1story column, e)t@rg
bottom of the column (1. story joint), f) 1 stogptof the column (1. story joint), g and h) 1 story
bottom of the column or connection at the base.

Figure 3.17 Connection details at the column

Assuming inflection point of the composite colursrat the mid height, for the half length of
the composite column, the smaller capadiydndP.) is the design force for the anchorage
rods (see Salmon et al., 2009). For the full lerajtthe composite column, the design force

for anchorage rods wa, = (P1+P>).
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Peom = 085x b, xhe x f. + Agx fy (31)

Ren=AX T, (3.2)
F,IPEZOO = AIPEZOO X fIPE200 (33)
P....= 085x150x150x 7.5+ 200x 330=20%N

com
Pt,,, = 200x (330) = 66kN

P00 = 2850 235= 67CkN

P, = smaller vaueof (P, Ppgago) fOr the first half length of the composite column,

P, = smaller vdueof (P, Ppeaoo) fOr the second half length of the composite column

a) Column b) Beam
Force
\w Strain
‘ =R =R N
— | | | N
:I’ :
E——] — A; — —
= S i - <
) Strain Farce
—
RC-‘column
 —

Figure 3.18 Force distribution on composite members

From the uniaxial material test, the shear stref@ih times the axial capacity) of the 8 mm
diameter anchorage rods was 15 kN (Table A2.4 dgdr& A2.9). Hence the required
numbers of the anchorage rods were 19 as seen.below

Pa=R+P
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Pa =P +P, =209+66 - P, = 275N

275
NAnc >E= 183 - 19

Where

P.om axial compression capacity of the column

be: column width

h.: column height

As. column longitudinal reinforcement area

Fy. yield strength of the reinforcement

Pen tension capacity of the column

Pire2os  tension capacity of the IPE200

Pa: design force for anchorage rods for full lengthhe composite column

Nane mMinimum required number of anchorage rods

Low concrete strength required the bearing capacibye checked in design in the RC frame
member. The anchorage hole was 10x120 mm and PQeeaipacity of the holes was 9kN
(equation 3.4).

VB = dAnc X hAnc X fc (34)
Vg =10%x120x 7.5=9kN

NN %: 305 - 31

Where,
Vp: bearing capacity of the anchorage hole
dane diameter of the anchorage hole

hane depth of the anchorage hole

As seen above, the minimum required number of tith@age rods for composite columns
was 31. At each story, top and bottom of the conpa®lumn, five lines of anchorage rods
(two for each line) were used. At this locationgle 3.19 indicates the anchorage rod
spacing which is approximately 50 mm. On the othend, the 14 anchorage rods (in 7x2
arrangements) with spacing were 183 and 163.5 nmoughout height of the first and

second story composite columns, respectively (Bigut9). In this case total number of the

anchorage rods for whole length of composite colwas 34.
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Figure 3.19 Anchorage rod distribution

The number of anchorage rods for the composite beasndetermined differently from the
anchorage strength calculation of composite colufire force transfer occurred between
steel plates (Plate 2 or Plate 3 in Figure 3.18)R@ beam. Hence, the axial load capacity of
the steel plates must be lower than the total stegaacity of the anchorage rods for the mid-
length of the beam. The following equations indictitat 10912 and 2¢8 anchorage rods
were adequate to construct composite beam foratiéemgth. While the former was used at
the beam-column joint, the latter was used upéatid length of the beam.
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Pplate =t plate X bplate x fyplate 5)3

Pyjate = 7x140x (L4x 235) = 32N
Vg2 =40kNV, =15kN (Table A2.4 and Figure A2.9)

use 10912 and 2¢8 anchorage rods up to mid-length of the beam
10%V g5 +2%V g =10x 40+ 2x15= 430N > Pyj5e — OK

Where,

Poae plate axial load capacity
toae  plate thickness

Bpiate: plate width

fypate NOMinal yield strength of the plate

Base shear capacity estimation of the | SF

The target base shear capacity of the ISF was migp be two times (similar to the

chevron braced fame after buckling) that of refeeesftame. This capacity is also similar to
the capacity of the specimen with shear RC waleteby Kurt (2010). Hence, the composite
column and beam capacity was determined for thigetalateral strength. The moment
capacity of the column was determined by consideextreme fiber of the concrete strain of
0.003. Figure 3.20-a indicates the strain and stdestribution and the moment capacity of
the composite column which was calculates as 7Rrh.kin addition, the moment capacity
of the composite column was about 60 kNm when ttteeme fiber of the concrete was
assumed to be in tension. A steel plate with dinegissof 7x140 mm was designed on both
top and bottom sides of the RC beam. The momenaciigpwas calculated based on
yielding of these two plates at limit state. Figl&20-b exhibits stress and strain profile
when the extreme fiber at the top of the beam iseirsion. For this case, the moment
capacity of the composite beam member was calcllase58 kNm whereas for opposite
case it was 53 kNm. TEC (2007) requires strongroalweak beam in order to provide
beam hinging instead of column hinging.

TEC (2007) explains strong column weak beam as Sttnctural systems comprised of
frames only or of combination of frames and wadlsm of ultimate moment resistances of
columns framing into a beam-column joint shall helemst 20% more than the sum of
ultimate moment resistances of beams framing imosame joint”. The following equation

indicates that the composite column and beam olibgsstrong column-weak beam

limitation requirement as indicated in Figure 3.21.
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Figure 3.21 Strong column weak beam case (taken T&C, 2007)
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M., = 60kNm

Mg = 72kNm
M, =12kNm
M ;= 58kNm

M, + M, =60+72=132kNm
(M +M ) =12+58=70kNm - 1.2x (M + M ;) = 84kNm

M@+ My 21.2x(Mj + M ;) - 132284 - Strongcolumn- weakbeam (3.6)

To calculate the lateral strength of the ISF it wasumed that hinges occurred at the beams
and columns a seen in Figure 3.22. This figure shilvat hinges occurred at the bottom of
the first story composite columns. On the otherdhdreams occurred hinges at the interior
joints because of strong column-weak beam consbrucThe lateral force for each story
was calculated by considering each story mass eigthth Both of these forces give the base
shear capacity of the ISF. It is important that hirge mechanism indicated in Figure 3.22
gives the upper bound solution and the estimatedrsbapacity of the ISF considering the
nominal strength of the steel members was 139 kitlwtvas two times the base shear

capacity of the reference frames.

355 Mbl Mbs MbG Mb4
rynd M, =5kNm
" M, Mg = 60KNm
Mcz = 72kNm
a{; 20 n My, My, My M, Mbl =12kNm
: M = 58KNm
0 0 0 9 M_,#=5%Nm
M. M. M .= 6kNm
0 0 0 0 _
M, M., M ps= 45kNm
v M pe=13KNm
_20 | s_oxI
|

ExternalWork = 049F x 20 + 051F x 350 = 2765F x0
= ax|
ExternalWak = 2765F x /2

InternalWork =3 8 M;

BaseShearbrce=F

InternalWak = (M, x@x2+ Mg x0+(Mp; + Mp, )X +M X0 + (M gt M ) X 8+ M x 6% 2)
+(Mx0%2+(Mpy + Mpg)x 6+ (M pg+M ) x 6+ M x 6 2) = 3850

3850 = 2765F x|/ . F =139 . BaseShearbrce=13%N

Figure 3.22 Plastic hinge mechanism of the ISF
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Further details of the initial ISF design includithge shear capacity check for the composite

members and lateral buckling of the steel memberpi@esented in Appendix 2.

3.6 Pseudo Dynamic Test Procedures

Pseudo dynamic testing technique requires a simedias control of an on-line computer
and test frame structure. PsD testing has two psasenamely calculation and loading
process (Figure 3.23). Calculation process neeslsdftiware and the hardware working in

collaboration to solve the equation of motion & gystem.

Data Solution of
Acquisition Equation of

Systen Motion

Calculatior
Process

:

A

Computer Transformation
Controlled from Analog to
Digital

Loading
Process

Figure 3.23 oading and calculation sections of PsD testingyéed from Kurt, 2010)

The PsD method has been used as an alternatibakong table tests in the last thirty years

(Takanashi et al., 1975; Mahin et al., 1989, Nakaalet al., 1992). In this first application,

properties of the structural namely mass and dagni@mathematically modeled whereas

the rest of the structure is tested in parallehwlite mathematical model. A well-established

step by step time integration methods is utilizedrd) a PsD test. At each step of the PsD

test the followings are determined. First, the sg&icimen is imposed a deformation resulted
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from a specified ground motion, and then the latersisting forces are measured by using
computer controlled actuators. After proceedinths measured force at each computational
time interval, new displacements are computed ftioendiscrete parameter model and this
displacement is imposed to the test frame. Finéfiig, step is repeated at end of the ground
motion.

The restoring forces and displacements for eaaly stiee directly measured from the test
specimen by means of static test procedure, maamspidg and the ground motion
properties, on the other hand, are assumed fdPsBetest. The measured forces from load-
cell are then used in the numerical integratiorthef governing second order differential
equations of motion of the test specimen. Afternth@odal displacement history is
implemented for further steps.

The equation of motion for time step “i” may be tten as:

M xal +Cxvi +Rl +K xdi =-M xag' (3.7)
Where;

M: Mass matrix

C: Viscous damping matrix

R: Nodal restoring forces at time “i”

K: Geometric stiffness matrix

a, \,, d: Nodal accelerations, velocities and displacemeatpectively, at time i

agi: Ground acceleration at time “i”

A numerical solution in a stepwise mannBrié the restoring force measured from the test
specimen) is performed for the equation of motitrove. This solution results in the
displacement which computer controlled actuatoedl tpply to the specimen at each node.
To solve equation of motion during a PsD test bwtiplicit and explicit integration
algorithms can be utilized. Explicit integrationgatithm employ the structure at the
beginning of each step to assess the response atrilicture at the end of that step, on the
other hand, implicit integration algorithms caldelahe response of the test specimen by

using the knowledge of the response at the taigpladement.

Test procedure and ground motions

The continuous PsD testing method proposed by Madinal. (1999) was utilized for the
PsD experiments. To eliminate possible relaxatioore integration process was executed

continuously during the test. A 2x2 lumped massrimatas used for numerical integration.
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The mass of the first and second story was 50007808 kg, respectively. Instead of a
synthetic ground motion a real ground motion wamtbto simulate the hazard level that
could be expected for the prototype building. Far PsD tests north-south component of 7.1
moment magnitude 1999 Duzce ground motion was URel.tests were performed about
1000 times slower compared to the real time mofldre peak ground acceleration of Duzce
was scaled at four different scale factors from lowhigh seismic intensity. 50%, 100%,
140% and 180% scaling was used to various damatgsstn fact, these damage states were
decided prior to the testing of the reference fraRigure 4.24 and Figure 4.25 display the
acceleration time series of the motion and the g¢secceleration spectrum of the motion,
respectively. The scaling was enabled to investighé response at three different hazard
levels expected for the reference frame with infill:

a) 50% Duzce: Spectral acceleration value for 509ade is approximately similar to the

base shear capacity ratio (base shear capaciyedivy structure weight) of the bare frame

at the structurs fundamental period. Hence, it is expected thatstre will remain near or

below yielding considering the presence of infillllg. It can be stated that this level should
produce immediate occupancy compatible damagedéieilrt, 2010).

b) 100% Duzce: Use of the actual Duzce ground motiecorded in 1999 Adapazari
earthquake can represent the hazard level reallgtior less frequent events Kurt (2010).

¢) 140% Duzce: This hazard level will correspondteevere and rare earthquake and has
approximately similar Sa value with the Turkish tBguake Design Spectrum for Zone 1 on
firm soil conditions at the pre-test estimated famental period of the structure Kurt (2010).
d) 180% Duzce: This hazard level will corresponditsevere and rare earthquake and has
higher Sa value with the Turkish Earthquake Dessgectrum for Zone 1 on firm soail
conditions at the pre-test estimated fundamentabgef the structure.

It should be kept in mind that recent studies @nghismicity of the region state that Turkish
Earthquake Design Spectrum can give design Sasale# above those estimated by using
realistic attenuation relationships (Kalkan andikail| 2004)

Consequently, 100, 140 and 180% ground motion te&s: conducted on damaged
specimens. It is believed that as long as the tstreicremained below minimum and
moderate damage states for these two levels, raggdgcthe results of experiments could
serve the purpose of relating damage with the digphent demand. The original ground

motion is compressed in time by a factoriaf2 to incorporate scale effects according to

similitude law (Bertero et al., 1984; Elkhoraibidamosalam, 2007).
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Figure 3.24 Ground acceleration time history
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Figure 3.25 Spectrum of scaled ground motions
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3.7 Test Results and Observations

Test results are presented in this chapter. Duttmgtests there were 55 channels that
monitored the frame deformations and imposed fora#ghis data are presented from the
point of view of structural engineering with the jetiive of contributing to the
understanding of physical phenomena. With respectata acquired from the tests, many
figures including displacement response, base glefarmation, damage extent, floor
displacements, inter-story drift ratios (IDRs), bahear, axial, shear and moment forces of
the columns, curvatures at column bases, floorlatéons, identified damping ratio and
initial periods of the test specimen are preserfabr displacement was monitored from the
LVDTs placed at each floor. The IDR was calculate dividing each relative floor
displacement to story height. The lateral force weamitored by using load-cell placed at
each story. The data acquired from these load-gills each story shear forces. Force
transducer enabled to monitor the end forces abtiitom of the columns, C1 and C4. In
addition, LVDTs placed at the bottom of the colunaas used to calculate the curvatures of
at the bottom of all columns. The observed physitzhage is given by the help of the
photos taken during the experiments. The test teswé given one by one for each of the
three specimens namely reference, chevron and FFthe end of the chapter a

comprehensive comparison between reference anthtened frames is also presented.

3.7.1 Reference frame

In this study, reference frame was not testedeatstthe reference frame tested by Kurt
(2010) is employed. The following results are dise¢aken from Kurt (2010). Further
details can be found in that reference.

Figure 3.26 indicates the time history of the tesults in terms of story displacements. The
story displacement of the first and second storgevi®d and 23 mm for 50 % Duzce, 35 and
49 mm for 100 % Duzce, 85 and 94 mm for 140 % Duesk respectively.

Figure 3.27 indicates the time history of the tesults in terms of IDRs. The maximum
IDRs of the first and second story was 0.7 and 0f@%60% Duzce, 1.8 and 1.1% for 100 %
Duzce, 4.5 and 1.4% for 140 % Duzce test.
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Figure 3.28 indicates the time history responsthefbase shear force. The maximum base
shear force was 60.4 kN for 50% Duzce, 67.9 kNLfa@% Duzce, 54.5 kN for 140% Duzce

tests.

Figure 3.29 indicates the force-deformation respooisthe reference frame for the three

ground motion. In this figure there are two axescd&ing the lateral force vs. lateral top

displacement and top DR vs. base shear ratio (batiween lateral strength (or base shear)

and frame weight). Kurt (2010) determined thatytiedd displacements|) of the reference

frame as 15 mm. Based on extending a line fromrmordgd passing through a point on the

initial loading curve that corresponds to 75% & titimate load carrying capacity.

100

80
60 -
40 1

20

-20

-40 1
-60 1
-80

Lateral Displacement (mm’
o

-100

50 % Duzce

100 % Duzce

140 % Duzce

— First Floor
— Second Floor

0 10 20

Time (sec.)

30

Figure 3.26Time history of floor displacements for referencanie
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Figure 3.27Time history of inter-story DRs for reference frame
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Figure 3.28Time history of base shear for reference frame
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Figure 3.29 Force-Deformation response of the esfe frame

Kurt (2010) mentioned that the base shear capaditthe reference frame without any

significant lateral strength drop was observed riuthe 100% Duzce test. On the other

hand, lateral strength (or base shear) droppeddaate80% of the frame maximum lateral
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capacity at 140% Duzce test. Figure 3.30 indicales moment-curvature response of
columns 1 and 4 for these experiments. This figus® shows the curvature performance
levels, immediate occupancypf), life safety ¢.s) and collapse preventionpdp) as
described in TEC (2007). The moment and curvatweescalculated from the measurements
gained from transducers and LVDTs at the bottonthef column. Although there was no
significant loss of column lateral load carryingpaaity, plastic deformation occurred at the
bottom of the column C1 and C4. The measured maxicwrvature ductility demands were
about 9 for column C1 and 11 for column C4.

Figure 3.31 exhibits the moment interaction respoofscolumns C1 and C4. This figure
indicates that axial load on columns C1 and Cdedhbetween 7 and 15 % axial load ratio.
Figure 3.32 presents variation of the axial lodwbas force and moment at the bottom of the
columns C1 and C4 for all Duzce tests. The valodhis figure were calculated by using a
converter matrix and measurements from the formestiucer. Maximum variation on axial
load was 14.2 kN for tension at column C1 and H\6for compression at column C4.
Maximum variation on shear force was 5.8 and 4.4dd¢olumns C1 and C4, respectively.
Maximum values of bending moment on columns C1 @ddwere -6.1 and 5.7 kNm,
respectively. The overturning effect resulted iverse measured demands for the axial load,
shear force and moment. While one of the exterwtwran’s axial loads increased, the other
exterior column’s axial load decreased simultangodsgure 3.33 indicates the axial load,
shear force and moment demands on the both extsslamns C1 and C4 during the all
Duzce tests. These values were obtained by adaénfptce variation given in Figure 3.33 to

initial forces on the columns C1 and C4.
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Figure 3.30Moment-Curvature diagrams of columns C1 and C4dfarence frame
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Figure 3.32Time histories of axial, shear and moment forcesge for reference frame

121



Curvature (rad/km) Curvature (rad/km) Curvature (rad/km) Curvature (rad/km)

50 % Duzce 100 % Duzce 140 % Duzce

Axial Force (kN)

6
z 4
%
a 2
g
€ o
-
3
&
[}
4
4
T 2
g of
£
E 2
5
£ 4 ‘
B - Column 1
------ Column 4
0 10 20 30

Time (sec)
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Figure 3.34 represent the measured curvatures themLVDTs at the bottom of the
columns. Column curvatures at the bottom of theiools were affected by the infill wall
damage. Infill-wall damage triggered the increakéhe curvatures not only at the exterior
but also at the interior columns. Maximum curvasuneere observed after infill wall failure
and their values were 215, 123, 390 and 264 radémrolumns C1, C2, C3 and C4,
respectively.

Figure 3.35 shows the floor accelerations measfroad all Duzce tests. Floor acceleration
response when added to the base excitation magduk as damage estimation parameters.
The maximum floor acceleration was observed as BV&, 7.22 m/é and 8.68 m/sat the

50, 100 and 140% Duzce test, respectively. Figusé and 37 present the time dependent
dynamic properties, namely period and equivalestaiis damping for the first mode,
respectively. They were determined with the proceduwroposed by Molina et al. (1999).
The maximum damping ratios were around 14, 25 &8d at the 50, 100 and 140% Duzce
tests, respectively. During 50% Duzce test, initiatiod was determined as 0.17 seconds.
During this excitation minor damage occurred atftaee and then period was raised up to
0.43 seconds. It was 0.75 at the end of the 100%e®test.
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Figure 3.38 indicates IDRs and observed damagesstdhe damages observed during the
tests were marked on the time-series responsettier bepresent the occurrence time. The
marked damage on the figure can be described at, @¢Q10): A; flexural cracks on interior
columns and interface cracks between infill walll aurrounding columns at first floor, B;
spalling of concrete and longitudinal bar buckli@), compression strut formation, D; bar
buckling at two regions, final state; global buokliof the first story interior columns and
failure of infill wall.

The global and local demand parameters obtainddglwhole Duzce test are presented in
Table 3.4. As results, the following can be deduftecth the test results. During the 50%
Duzce test, cracks occurred at maximum moment megad the first story columns and
interface cracks were observed at the infill wedlaie boundaries indicating the separation
of the infill walls along one diagonal. Compressgirut action was the only load carrying
mechanism for the infill wall. Hence, damage orcksaoccurred on the infill wall was
governed mainly by the lateral stiffness and stifengf the test frame. Besides such
cracking, no other significant damage was obserWith respect to observed damage and
measurements the test frame has experienced manmge and remains functional.

It was suggested that minor repair to this frameuldidbe needed after the 50% scale
excitation. Based on the measured demand paranaetéjsidgment of the observed damage
state, immediate occupancy level damage criterias a@eclared by Kurt (2010).

Although there was no significant damage at the HD#%zce test, significant damage
occurred at 100% Duzce test. The main damage Wwascdncrete crushing at column base
of interior columns followed by longitudinal bar diling and significant diagonal cracking

along the diagonals of the first story infill wallhe lateral strength of the test frame was
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sustained up to about 50 mm of top displacementth@nother hand, plastic hinges was
observed at the columns’ base. Severe pinchingratidue to opening and closing of
diagonal cracks on the first story infill walls.

50 % Duzce 100 % Duzce 140 % Duzce

Inter-story Drift Ratio (%)

-4 p—--— FirstStory |-
.5 L——_Second Story

Time (sec)

(©) (D) (D) (E)

A; Infill frame interface cracks and diagonal cracktiation, B; Spalling and b
buckling, C; Diagonal cracks, D; Two bar buckliregjions, E; Final Sta

Figure 3.38 Drift ratio and observed damage foenexice frame
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The structure was judged to be capable of withgtanthe deformation demands without
any significant drop of lateral strength and cdogdoccupied after strengthening despite the
significant damage. As a result, the structure wasposed to satisfy the life safety
performance criterion based on engineering judgr(temtt, 2010). At the 140% Duzce test,
the maximum IDR of the first and second story was%s and 1.8%, respectively. This
indicates that a soft story was observed, wherse¢lsend story sustained drift levels were at
relatively low levels (1.4% DR). Lateral strengthtioe frame dropped to 30% of its lateral
strength merging to the bare frame response. Sutdcriease in lateral strength made the
structure seriously vulnerable for life safety. Tih&ll wall damage with diagonal cracking
and separation of plaster from infill wall surfagas the main reason of the severe decrease
of the lateral strength. Extended diagonal crackind separation of plaster from infill wall
surface was observed. In addition, top and bottdastip hinges of the interior columns
longitudinal bar buckling occurred. Results shovattithe test frame was unsafe for
occupancy purposes and declared to be at the eég@lapse (although no gravity collapse
took place) due to the following reasons (Kurt, @01

1) The infill wall was susceptible to out of plac@lapse for any out of plane disturbance.

2) Lateral strength had significantly deteriorated.

3) Repair was not possible due significant damagehe structural and non-structural
elements.

4) A stability problem could have risen with snditurbance.

Table 3.4 Summary of test results for referencené@aken from Kurt, 2010)

MaX|mum MaX|mum. Maximum Story Column Plastic Rotation Demands

Ground Displacement Interstory Drift Base Shear
Motion Demand (mm) Ratio (%) Force (KN) 6,1 62 Op3 Bpa

1%story 2“Story f'Story 2°Story f'Story F9Story  Hp Ho2 Ho3 Hoa
50 % 0 0.00: 0.001 0
Diizce 15 23 0.7 0.6 60.4 27.6 0.3 19 1E 0.6
100 % 0.00¢ 0.00¢ 0.00¢ 0.00¢
Diizce 35 49 1.8 1.1 67.9 58.2 50 8 3£ 26
140 % 0.03¢ 0.05¢ 0.02t 0.03¢
Diizce 85.3 93.8 45 1.4 54.5 52.9 9.4 16.€ 8.2 11k

¢; curvature determined from bottom of the columns.

Hy; curvature ductility (ratio between ultimate cunua (,) and yield curvature())

0, plastic rotation (determined afAdy) x Ip)

l,; plastic hinge length, 130 mm (this length is thenitored length by the LVDTs for curvature estiimatat the
bottom of the column.)
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3.7.2 Chevron Braced Frame

Although reference frame was tested for the 50,dri0140% scaled Duzce ground motion,
the chevron brace upgraded frames was tested fdr0®0) 140, 180 and 220% scaled Duzce
ground motions. Figure 3.39 indicates the timednjsof the test results in terms of story
displacements. The story displacement of the &inst second story were 1.66 and 2.45 mm
for 50 % scaled, 4.69 and 7.29 mm for 100 % scdled,8 and 22.06 mm for 140 % scaled,
18.17 and 34.92 mm for 180 % scaled Duzce tegientisely.

Figure 3.40 indicates the time series responsénefchevron braced frame for IDR. The
maximum IDRs of the first and second story was 0fd%650 % scaled, 0.2% for 100 %
scaled, 0.7% and 0.6% for 140% Duzce test, 0.9% hid&6 for 180% Duzce test,
respectively. As can be seen, the IDRs were venylai in both floors. This indicates that no
soft story behavior was observed unlike the refeseiname and a nearly linear deflection
profile was attained. The lateral force distribatior floors was approximately a triangular
distribution.

Figure 3.41 indicates the time history of the tesults in terms of maximum base shear. The
estimated base shear capacity for case 1 and @sareshown in this figure. The base shear
was 39.94 kN for 50% Duzce, 89.12kN for 100% DuZc#&.98 kN for 140% Duzce and
206.06 kN for 140% Duzce test, respectively. Thertd strength drop did not occur for all
tests up to the 220% Duzce test. The reason obthavior was the stable response of the

braced system.
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Figure 3.39 Time history of floor displacements dbevron braced frame
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Figure 3.41Time history of base shear for chevron braced frame

Figure 3.42 indicates force-deformation responstefchevron braced frame. Top DR was
slightly higher than 1% and the base shear ratat@ut 1.72 at the end of the 180% Duzce

test. To observe the limit state of this specinfarther lateral demand was imposed to the

frame. The 220% Duzce test was conducted and theefaf the column C3 was observed

at about 2.5 sec. The yield displacemeéyf,was found by extending a line from the origin
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and passing through 75% of the ultimate load cagytapacity (maximum base shear
observed at 220% Duzce test) as previously explaane referenced to Kurt (2010).

The braced frame was almost elastic during the 8@ and 140% Duzce tests. The
maximum ductility demands were 1.48 and 1.67 fog 10 and 180% Duzce test,
respectively. The maximum base shear ratio wastab88 during the 220% Duzce test.
Figure 3.43 presents the moment curvature relatiotained from force transducer and
LVDTs at the bottom of the columns C1 and C4. Motrenvature relation obtained from
sectional analysis is also indicated for two aléald ratios which are 5 and 18%. Since the
chevron braces were capable of controlling therdhtdeformation of the frame, plastic

hinges did not occurred at the exterior columnsa@d C4 for all tests (Figure 3.43).
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Figure 3.44Moment interaction response of columns C1 and €4Hevron braced frame

Moment interaction response of the columns C1 aRdaf@ indicated in Figure 3.44. The

maximum and minimum axial load ratios were 5 anéol@uring the experiment due to

overturning effect.

The maximum variation for all tests in axial loadhear force and bending moment were
15.9, 10.6 kN, 5.3, 0.8 kN and 5.0, 2.8 kNm at ltlmtom of the columns C1 and C4,

respectively. These variations are presented iargig.45.
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The exterior columns base reaction (axial loadasl@ce and moment) monitored during
all experiments are plotted in Figure 3.46. Theargmd lower bound of the axial load were
-9.4, -36.4 kN and -10.1, -33.8 kN for columns @il £4, respectively.

Curvatures measured from the bottom of the colu@ihso C4 are presented in Figure 3.47.
While curvatures of the exterior columns C1 andv@te lower than the estimated yield
curvature, the interior columns were higher thae #stimated yield curvature from the
sectional analysis results shown in Figure 3.43s€hresults are consistent with moment-
curvature plots in Figure 3.43. Maximum curvatuobgained from all tests for columns C1
to C4 were 12.0, 146.4, 71.0 and 10.5 rad/km, mdy.

Time dependent dynamic properties, namely periatezjuivalent viscous damping, of the
chevron braced frame were determined for this specias well as reference frame (Molina
et al., 1999). The variation of the period for flist mod is given in Figure 3.48. The initial
period of the frame was 0.125 sec. Since the brdiede experienced nearly elastic
behavior during the 50% Duzce test, the variatiopdriod was not significant and at the end
of this test it was 0.126 sec. The period at thi @frthe 100%, 140% and 180% Duzce test
were 0.17, 0.22 and 0.25 sec, respectively. Thatian of the damping ratio of first mode is
exhibited in Figure 3.49. The peak damping ratighat 50% Duzce test was 78% and it
dropped during the rest of the test. The peak dagnmtio during 100%, 140% and 180%
Duzce test were 63, 23 and 23%, respectively.

Table 3.5 summarizes the test results for chevnatedd frame. The physical damage

correlation with the cyclic behavior of the testrfre is presented in Figure 3.50.
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Figure 3.48dentified period of the test specimen
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Table 3.5 Summary of test results for chevron hidiame
Maximum Maximum . Base Base ; ;

Ground  Displacement  Interstory Drift Me:;gr:::lénzkls\lt)ory Shear Shear Column Plastic Rotation Demands
Motion __Demand (mn Ratio % Force Ratio Om Bp2 Bp3 Bpa

1% Story 2° Story F'Story 2° Story £'Story 2°Story (kN) (KN/KN) M1 Moz Moz  Hoa

0,
50% 1.66 2.45 0.1 0.1 17.88 2751 39.94 0.33 0 0 0 0

Dizce 0 o : 0
é([)l(:?e 469 729 02 02 3398 6292 89.12 0.74 8 8 8 8
éﬁf’e 1318 2206 07 06 6907 120.38 178.98 149 g Oﬁl 8 8
é%g?e 1817 3492 09 11 7151 141.22 206.06 1.72 8 04("913 02-305 g

¢; curvature determined from bottom of the columns.
Hy; curvature ductility (ratio between ultimate cunwa (,) and yield curvatureg())

0, plastic rotation (determined afAdy) x Ip)
l,; plastic hinge length, 130mm (this length is thenitored length by the LVDTSs for curvature estiroatit the

bottom of the column.)

Since the braces resisted and limited the lateefdrchation of the frame, there was no
damage on braces, gusset plates and RC joints emtbens during the 50% Duzce test. The
braced frame was elastic during the test. As seérable 3.5, there were no plastic hinges
occurred at the bottom of the first story colummal ahe maximum IDR was limited.

Because of elastic behavior of the braced framdimmitdd damage on the braced frame, this
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frame was observed to be in the immediate occuppaedgrmance level. This frame can be
used after such an earthquake without any repairing

Limited flexural cracks at the bottom of the intercolumns C2 and C3 were observed at the
100% Duzce test. These were the cracks shown Jigh lmes in Figure 3.50 and their
widths were less than 0.5 mm. During this testdamage on braces, gusset plates and RC
joints and members were observed. Since there wieteral strength drop the frame had an
elastic behavior during the test. As a result, ftisne was observed to be in the immediate
occupancy performance level. This frame can be afied such an earthquake without any
repairing.

At the 140% Duzce test, numbers of hair line cradiack line in Figure 3.50) occurred
through the first story interior columns C2 and I&8ght. In addition, limited numbers of
minor cracks were observed at the RC joint and. dlalsing this test, no damage on the
braces, gusset plates and RC joints and membees abserved. Since there was no lateral
strength drop the frame had an elastic behavidnduhe test. As seen in Table 3.5, while
plastic hinges occurred one of the first story nuoig, the others were elastic during the test.
Based on the damage on the braced frame and maxiBRrbeing limited, this frame was
observed to be in the immediate occupancy perfocméavel. This frame can be used after
such an earthquake without any repairing.

The severe damage, longitudinal bar buckling, aecuat the bottom of the column C3 at
the 180% Duzce test. In contrast to longitudinal tnackling at the bottom of the column
C3, the base shear capacity did not drop and rdistgproblem was arisen because it was
observed that Plate 2 (Figure 3.9) provided staghidi the bottom of the RC column. During
this test, no damage on braces, gusset plates@nolifts and members were observed. As a
result, this frame was observed to be in the Biety performance level. This frame can be
used after such an earthquake with limited repgirin

The 220% Duzce test was terminated because thegaf the column C3 was observed at
about 2.5 sec (Figure 3.51). In addition to colufimifure, brace buckling was observed at
this test (from the measurements of the strain gagen in Appendix 2). The descending
part of the lateral load seen in Figure 3.42 wasllted from the failure of column C3.
Although there was no gravity collapse, the latetedngth dropped to half of the maximum
lateral capacity observed during such test. Theimax base shear of the braced frame was
218 kN which was 3.2 times the base shear of tferenrece frame (This result proved that
the design criteria was successful). As seen inr€i§.51, the maximum IDR was about 1.0
and 2.6 % for the first and second story, respelstivi he reason of such high IDR was the

excessive damage on the ~column C3. The main reasoh the
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Figure 3.51 Failure at the top of the column 3 migithe 220% Duzce test

column damage was the additional demand on fiosy $tterior columns due to the transfer

of axial force from the braces on the second stéfilen the second story brace is under
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compression, the vertical component of that bracdyced extra axial load (Nsee Figure
3.51) on the column C3. When the vertical totatéoon the column\;;) exceeded the axial
load capacity of the column C3, failure occurredsasn in Figure 3.51. As a result, this
frame was observed to be beyond the collapse piiemgperformance level. This frame can
not be used after such an earthquake and repamsglmost impossible.

As a result, the test results in term of measurésnand observed damage stated that the
chevron braced frame can be used without any reyfl@r 140% Duzce test. According to
engineering judgment, this result is valid for 1804zce test, although column longitudinal
rebar buckling was observed. In light of measuremh@hd parameters and observed damage
state, chevron braced frame can be consideredmwilld immediate occupancy and life
safety performance level criteria after 140 and%80uzce tests, respectively. On the other
hand, the frame was beyond the collapse preveptdiormance level criteria for the 220 %

Duzce test.

3.7.3 Internal Steel Frame

Figure 3.52 indicates the time history of the tesults in terms of story displacements. The
story displacement of the first and second storg 826 and 21.8 mm for 50% Duzce, 21.7
and 39.7 mm for 100% Duzce, 40.8 and 75.6 mm f@ddDuzce, 57.6 and 111.9 mm for
180% Duzce test.

Figure 3.53 indicates the time history of the tesults in terms of IDRs. The IDRs of the
first and second story was 0.6% and 0.7% for 50%cPul.1 and 1.2 for 100% Duzce,
2.0% and 2.3% for 140% Duzce, 2.9% and 3.7% foPd8Qizce test.

Figure 3.54 indicates the time history of the tesults in terms of maximum base shear. The
base shear was 67.6 kN for 50% Duzce, 88.2 kN @024 Duzce, 116.6 kN for 140%
Duzce, 123.2 kN for 180% Duzce test.

Figure 3.55 indicates force-deformation responsd36&. Top DR was slightly higher than
3.0% and the base shear ratio was about 1.03 anthef the 180% Duzce test. The yield
displacement),, was found by extending a line from origin andspag through 75% of the
ultimate load carrying capacity (maximum base shelaserved at 180% Duzce test).
According to Figure 3.55, RC frame strengthenedh W was almost elastic during the 50
and 100% Duzce test. On the other hand, nonlinehawor was observed at the 140 and
180% Duzce tests. The maximum displacement dyctiBimands were 1.34 and 2.21 for the

140 and 180% Duzce testes, respectively.
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Figure 3.56 presents the moment curvature relatiotained from force transducer and
LVDTs at the bottom of the columns C1 and C4. Motrenvature relation obtained from
the sectional analysis is also indicated for the awial load ratios which is 5 and 19% in
Figure 3.56. Unlike chevron braced frame, during i8sts, curvatures measured at the
bottom of columns C1 and C4 exceeded yield cureat(®5 rad/km) determined from the

sectional analysis.
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Figure 3.57 Moment interaction of columns C1 and@4SF

Moment interaction response of the columns C1 aAdaf@ indicated in Figure 3.57. The

maximum and minimum axial load ratios were 5 an®olfuring the experiment due to the

overturning effects.

Figure 3.58 presents the variation of axial fosiegar force and moments for the columns
C1 and C4. The maximum variations observed durlhgeats were 14.3 and 11.6 kN in
axial load, 5.7 and 2.6 kN in shear force and 51® &.1 kNm in moment for columns C1
and C4, respectively. As indicated in this figuwlee to overturning effect, the variation of

the axial loads for columns C1 and C4 were revefseach other. The existing end forces
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monitored during all tests is plotted in Figure®B.5he lower and upper bound of the axial
load were -10.3 and -39.4 kN for column C1 and *1énd -38.1 kN for column C4,
respectively.

Curvatures measured from the bottom of the colu@ihso C4 are presented in Figure 3.60.
While curvatures of the all columns are lower thha yield curvature determined from
section analysis (25 rad/km) at 50 and 100% Duestst they were beyond the yield
curvature at 140 and 180% Duzce tests. Maximumature obtained from the all tests for
columns C1 to C4 were 65.1, 84.8, 111.8 and 86l/Xma respectively.

Time dependent dynamic properties, namely periatezjuivalent viscous damping, of the
test frame are determined according to the proeedtwposed by Molina et al. (1999) as
described in Kurt et al. (2011). The variationtod period for the first mod is given in Figure
3.61. The initial period of the frame was 0.22 dearing the 50% Duzce test, the period
increased to 0.4 sec. The reason of the elongatems to be the cracks observed on RC
members. The 100% Duzce test started with a patiadit 0.4 sec and ended with a period
about 0.45 sec. The variation of period during Beand 100% Duzce tests were not
significant. During 140% Duzce test, period variEgtween 0.3 and 0.5 sec. On the other
hand, there was a gradually increase in period@¥%lDuzce test and at the end of the test,
it was up from 0.52 sec. to 0.70 sec.

The damping ratio was between 3% and 20% at then80100% Duzce tests (Figure 3.62).
On the other hand, there was a fluctuation at #®d Duzce test. For the 180% Duzce test,
the damping ratio was within the 0 and 20% excgph® at the end of the test.

Table 3.6 summarized the test results for ISF. phygsical damage correlation with the
cyclic behavior of the test frame is presentedigufe 3.63. This figure indicates the damage
on column C3 and first story RC joints at the tdpth® columns C2 and C3 for 50, 100
140% Duzce test. On the other hand, bottom of tlanen C2 was indicated for 180%
Duzce test.

At 50% Duzce test, flexure cracks were observealinout the column height. In addition,
45 degree cracks were observed at the beam-coloimin The cracks’ widths were limited
at this Duzce test. Cracks in the concrete of thraposite columns developed during each
lateral loading excursion that produced tensiorthie concrete portion of the composite
column section. It was observed that there werdninges occurred at the bottom of the
columns. The strain gage measurements indicaté¢dhthiee was no yielding on IPE200 and
steel plates on the first story composite beam Aggeendix 2). The base shear capacity did
not drop during this test and elastic behavior wlaserved during this test (Figure 3.55). As
a result, this frame was observed to be in the idiate occupancy performance level. This

frame can be used after such an earthquake wilmyutepairing.
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Table 3.6 Summary of test results for ISF
Maximum Maximum Maximum Story Base Base  cojymn Plastic Rotation Demands
Ground Displacement Interstory Drift Base Shear ForceSheai Shear
Motion Demand (mm) Ratio % (kN) Force Ratio _ Om 6p2 Bp3 64
1% story 29Story £'Story 79Story £'Story 29Story (kN) (KN/KN) gy Hg2 o3 Hoa
) 0 0 0 0
50% Diizce 12.6 218 0.6 0.7 276 492 67.6 0.56 0 0 0 0
100% Diizce 21.7 397 11 12 345 632 882 073 8 8 8 8
140% Diizce 40.8  75.6 2 23 453 842 1166 097 0007 0.001 0.004 0.00:

14 1.2 2.2 2.C

. 0.00¢ 0.00¢ 0.011 0.00¢
0,
180% Duzce 57.6 111.9 2.9 3.7 46.5 942 1232 1.03 26 3.4 45 34
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At 100% Duzce test, further cracks developed amdasied throughout the beam span. On
the other hand, further damages were preventelebdam-column joint by the anchorage
rods which were placed to connect the first andisgctory steel columns and steel plates
(Plate 2 and Plate 3 in Figures 3.15 and 3.16hertdp and bottom of the beam. Although
there was no yielding at the bottom of the firsingtcolumns, the first story composite beam
had inelastic behavior. In spite of damage mentagigove, there was no drop in the base
shear capacity of the ISF. The maximum IDR was aid21% and an elastic behavior was
observed as seen in Figure 3.55 during this tesa fesult, this frame was observed to be in
the immediate occupancy performance level. Thignéracan be used after such an
earthquake with limited repairing.

At 140% Duzce test, longitudinal bar buckling a tiottom of the column C3 was observed.
It progressed betweerl'2nd ¥ seconds of the ground motion. In additional tddjiey of
steel plate at the bottom and top of the firstystmmposite beam, steel member (IPE200)
had inelastic behavior and plastic hinges occuaedhe bottom of first story columns.
Although such a severe damage occurred, the base shpacity of ISF did not decrease
due to the presence of the steel members. In tlaetlateral strength increased for higher
lateral demand. As a result, this frame was obsetuebe in the life safety performance
level. This frame can be used after such an eaa#t®gwith repairing.

At 180% Duzce test, spalling of concrete occurrethe bottom of the column C2 between
2" and 3 second (Figure 3.63). Although there were cradioed during previous three
tests, no excessive damage was observed at thedmbdamn joints due to presence of the
anchorage rodspl2). Yielding of the steel members (IPE200 and|gses 2 and 3 in
Figure 3.15 to 3.17) were visible during this @stseen in Figure 3.64. Although significant
damage (bar buckling, spalling of concrete, cramkshe columns and beam, yielding of the
steel members) was observed in the specimen dtnisgest, there was no drop in the base
shear capacity. As a result, this frame was obdeteebe in the collapse prevention
performance level. This frame can be used aftehn sucearthquake with proper repairing.
The steel column experienced yielding without amydaor connection failure. There was no
anchorage rod failure during all tests. The desifjiromposite beam-column joints were
successfully during the tests. Although there watsamy drop in base shear capacity of the
ISF, higher intensity earthquake (220 % Duzce) natsperformed due to high IDR which
was 3.7% at the 180% Duzce test.
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Figure 3.64 Yielding of steel column C3

3.7.4 Discussion on PSD test results

The test results of the reference, chevron braeedd and ISF are compared in this section.
Table 3.7 shows the comparison between referergtsteengthened frames in terms of base
shear, base shear ratio and maximum IDR. As se#mnsnable, the base shear capacity of
the chevron braced frame and ISF were about 3 aBdirhes that of reference frame,
respectively. These results proved that the desigret base shear capacities were obtained
successfully. The maximum IDR up to end of 140% dautest was 4.5, 0.7 and 2.3 % for
the reference, chevron braced frame and ISF, résec In other words, the chevron
braced frames and ISF controlled the IDR 6.4 aBdithes more effectively than reference
frame, respectively. Figure 3.65 indicates the Epesresponse obtained from force vs. top
displacement behavior of the test frames. Theselepes were plotted for successive tests
(50%, 100% and 140% scale) for the reference frdme, tests (50%, 100%, 140% and
180% scale) for the ISF and five tests (50%, 10028%, 180% and 220% scale) for the
chevron braced frame. As seen in this figure, tiveeee two separate phenomena for the
strengthened techniques. While ISF had a flexiliid Bwer strength but ductile load
deformation behavior, chevron braced frame had nstiffer and stronger response with a

brittle behavior. The lateral stiffness definedths ratio between yield strength and top
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displacement was 4, 8.8 and 2.3 kN/mm for the esfeg, chevron braced and ISF frames,
respectively. The lateral stiffness of the chevimaced frame was two times that of
reference frame. On the other hand, lateral sg8raf the reference frame was 1.7 times that
of ISF. The high lateral stiffness resulted in loviest mode fundamental period hence the
chevron braced frame experienced lower lateral ddmeposed by the Duzce ground
motion (Figure 3.66). On the other hand, the lolaégral stiffness resulted in higher first
mode fundamental period hence the ISF experieniggebhlateral demand imposed by the
Duzce ground motion. In this case, the maximum KbiRuld be kept in the desired levels.
Furthermore, the flexible behavior of systems sashSF could be undesirable for the non-
structural elements and occupants. On the othat, tdnevron braced frame kept down IDR
hence it prevents the damage on non-structural oneis and disturbing the occupants.
Table 3.8 compares the plastic rotation and curgatiuctility of the reference frame,
chevron braced frame and ISF obtained at the bottbail columns. As seen here, plastic
rotation started to develop at the 50 and 100 Duests for the reference frame. On the
other hand, none of the strengthened frames hadigl@tation at these tests. For higher
lateral demands, plastic rotation occurred fordihevron brace frame and ISF while that was

excessive for the reference frame.
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Figure 3.65 Envelope response of the test frames
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A1)

Table 3.7 Comparison of the all test results im&eof base shear, base shear ratio and IDR

Maximum Inter-story Drift Ratio (%)

Ground Base Shear Force (kN) Base Shear Ratio (KN/KN)

Motion 1. Story 2. Story
Referenc Chevrot ISF Referenc Chevrot ISF Referenc Chevror ISF Referenc Chevrot ISF
[0)

0% 60.4 39.9 67.6 0.50 0.33 0.56 0.7 0.1 0.6 0.6 0.1 0.7
Duzce

0,
100% 67.9 89.1 88.2 0.57 0.74 0.73 1.8 0.2 1.1 1.1 0.2 1.2
Duzce

0,
140% 54.5 179.0 116.6 0.45 1.49 0.97 4.5 0.7 2.0 1.4 0.6 2.3
Duzce

0,
180% * 206.1 123.2 * 1.72 1.03 * 0.9 2.9 * 1.1 3.7
Duzce
220% * 2194 * * 1.83 * * 1.0 * * 2.7 *
Duzce ' ’ ) '

*. Not tested, Base Shear Ratio: Ratio between blasar force and frame weight



Table 3.9 shows the performance of the test fraeselted from damage observation and
measurements during the tests. At the end of ti¥861Buzce test, while reference frame
was within the CP performance level, the chevratéd frame and ISF were within the 10

and LS performance level, respectively. This tabticates that strengthened frames with
chevron and ISF were effective methods to upgradieidnt existing RC frames. Table 3.7

and 3.9 explored that LS performance level for ¢thevron braced frame and ISF was
satisfied at the 0.9 and 2 % DR for the first stang it was 1.1 and 2.3 % DR for the second
story, respectively. Consequently, the target DRs ¥ound to be 1 and 2 % DR for the

former and latter retrofitted techniques, respetyiv

15 2
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— TEC-2007 Zone 1 — TEC-2007 Zone 1
| Chevron 15|
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Figure 3.66 Demands of the specimens at the ip&abd
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Table 3.8 Comparison of the all test results imteplastic rotation and curvature ductility

Column Plastic Rotation Demands

Column C1 Column C2 Column C3 Column C4
Ground plastic rotationg,,) plastic rotationg,,) plastic rotationg,,) plastic rotatiorg,)
Motion curvature ductility ) curvature ductility ) curvature ductility ) curvature ductility |i,)
Reference Chevron ISF Reference Chevron ISF Reference r@hev ISF Reference Chevron ISF
. 0 0 0.003 0 0 0.001 0 0 0 0 0
0,
S0%Duzee ) 4 0 0 1.9 0 0 15 0 0 0.6 0 0
.. 0.004 0 0 0.006 0 0 0.008 0 0 0.006 0 0
0,
100% Duzee -, 0 0 2.8 0 0 35 0 0 26 0 0
140% Diizce 0.038 0 0.001 0.055 0.011 0.001 0.025 0 0.004 0.036 0 0.003
9.4 0 1.4 16.9 4.4 1.2 8.3 0 2.2 11.5 0 2.0
0 0.005 - 0.013 0.008 - 0.005 0.011 - 0 0.008
o o
180% Duzee 0 26 ; 4.9 3.4 . 2.4 45 - 0 3.4




Table 3.9 Performance of the test frames

Ground Performance Level
Motion Reference Chevron ISF
50 % Duzce 10 10 10
100 % Duzce LS 10 10
140 % Duzce CP 10 LS
180 % Duzce - LS CP

10; immediate occupancy, LS; life safety, CP; qodla prevention
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CHAPTER 4

4. NUMERICAL SIMULATIONS

4.1 Introduction

The numerical simulations of the test frames wesdigomed in this chapter. The main

objective of numerical simulation was to improve tmderstanding of the behavior of the
test frames and calibrating proper parameters tasee in the case studies. For the cyclic
test frames which were one bay one story framesf@h 2) a nonlinear static pushover
analysis was performed. The performance levelshef members of these frames were
determined and labeled on each DR-base sheartwtel he performance levels of the RC
frame members were determined from the limit stateggested by the TEC (2007). The
pseudo dynamic test frames were also analyzed ing usnlinear time history analysis

procedure. The Duzce ground motion which was engulofpr the tests were utilized in

these analyses. Furthermore, an existing defi&Gestory RC building was examined before

and after retrofitting in this chapter.

4.2 One Bay-One Story Frames

The nonlinear static pushover analysis was perfdrrog utilizing structural analysis

program (SAP2000). The material properties usetthénnumerical simulations were taken

156



from Chapter 2. Longitudinal bar buckling was medeby employing the backbone curve
of Dhakal and Maekawa (2002) (Figure 4.1). Mandeale(1988) confined concrete model
was used as the concrete model (Figure 4.1).
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Figure 4.1 Stress-Strain curve a) longitudinalfaitement, b) confined concrete

First, moment curvature of the RC columns and beams obtained for the sections

defined in Chapter 2. These moment curvature oglatiwere converted into moment-

rotation relations to assign plastic hinge propsrtby utilizing following equations. The

yield and plastic rotations can be calculated bingiEEquation 4.1 and 4.2. In these

equations, plastic hinge length was assumed a®h#ie section height in compliance with

TEC (2007).

_ XL

y 6
Oy = (% _¢y)x Lp
L, = 05h

Where,

0, and0,; yield and plastic rotation
¢, and¢,,; yield and plastic curvature
L; member length

L,; plastic hinge length

h; member cross section height

(4.1)

(4.2)

(4.3)
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As suggested by the TEC (2007), the moment rotattetion can be modeled as elastic
perfectly plastic response. Hence, after yielding, hardening was used to model the
moment rotation behavior. The moment interactiolatiens were used to account the
moment capacity change with axial force.

It can be observed that the performance of the R@Imer depends on the reinforcement and
concrete strain (Figure 4.3). The following equagiovere defined in TEC (2007) for
minimum damage (MnD), moderate damage (MdD) an@reedamage (SD) performance
levels. In this chapter, when the strain limits eeaed the proposed limits below, the name
of the abbreviation namely MnD, MdD and SD weredusBeyond the SD performance

level, total collapse (TC) was used (Figure 4.3).

MnD performance level;
(€0 )y = 0:0035

(&s)ynp = 0010

MdD performance level;
(€0 g = 0:0035+ 0015/ pgpm) < 0.0135

(&s)yap = 0040

SD performance level;
(Ecg), = 0004+ 00140,/ pepy) < 0018

(£s)sp = 0060
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Where,

€q; Concrete strain at the top fiber

g concrete strain at the top fiber of the conficedcrete
&, Reinforcement bar strain

ps, available volumetric ratio of the stirrup of theember

psm VOlumetric ratio of the stirrup of the memberaadhited by utilizing the TEC (2007)

Force

MnD MdD SD TC

Deformatior

Figure 4.3 a) Strain at the cross section of therie@hber, b) performance limits

4.2.1 Numerical Simulations of Reference Frames

The numerical simulations of the reference framesewperformed by using two modeling
approaches namely distributed (Figure 2.2-b) antpkd plasticity (Figure 4.4) modeling in
order to compare the test and numerical simulatsults. Figure 4.5-a shows the test and
two numerical simulation results. The lumped ptasti model (performed by using
Structural Analysis Program (SAP2000)) estimatexl Itlteral strength higher than the test
results. Moreover, the difference is lower for thstributed plasticity model (performed by
using Opensees simulation platform). The reasdhisfdiscrepancy can be due to deviation
of clear cover and spatial variability in mates#iength. A parametric study was performed
to examine the effect of longitudinal reinforcememgld strength and clear cover on the
response. When the lower bound values for the fodgial reinforcement strength (220
MPa) and clear cover (12 mm) was utilized, therédtstrength estimation was lower than
the test result. On the other hand, the estimatstdl strength was higher than the test

results for the upper bound values (Figure 4.5¥&)is shows that the test results are
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somewhat in between the expected range of numastimhations. Furthermore, it should be
mentioned that the distributed plasticity modelegi\better lateral strength estimation but it
IS more complex to be used in 3D building simulagioTherefore, the lumped plasticity

model was used to simulate the test frames arftkicdse studies.

i Axial Force i Axial Force

N

Hinge Regions

7

= =

Lateral Force —> i- -i

Figure 4.4 Analytical model of the reference frafimemped plasticity model)

The results of the nonlinear static pushover amabpe shown in Figure 4.5-b and c for the
reference frames R_13_10 and R_25_8.1. This fijulieates the performance levels of the
columns. There is colored area of bounded regiamnseach performance level of the
columns. Beginning and ending of this boundarydatis the performance levels when any
column enters and all of the columns exceed theldéalperformance limits. For example, in
Figure 4.5-c, first MnD performance level was extskat the bottom of the right column
(first line of the colored area for MnD) at abouf @6 IDR and the last MnD performance
level was exceeded at the top of the right colulast (ine of the colored area for MnD) at
1.1 % IDR. It was observed that the high axial loeglilted in lower drift capacity at the SD
performance level. The average DR at each perfaedevels are also summarized in
Figure 4.5. The numerical simulation indicated that average DR of specimen R_13 10 at

each performance level was about 1.4 times hidtaar that of specimen R_25 8.1.
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4.2.2 Numerical Simulation of the Chevron Brace S&ngthening

Frames

The numerical simulation techniques of the chewate strengthening frames were similar
to the reference frame with respect to RC frame ating approach. The brace force-
deformation relation suggested by the ASCE/SEI20D7) document which was utilized to
model the braced frame specimens along with prapoSeerican Institute of Steel

Construction AISC (2005) equations (Equations 4.4.%7). In Equations 4.8 and 4.9 taken
from ASCE/SEI 41 (2007), the values given as agigflormations for each performance

levels of the brace compression members are tistiqtieformations (Figure 4.6).

™E

Fe=7 (44)
E 1

A< 4.71/F— or F, > 044xF, - F, =|0.658" |F, (4.5)
y

A> 471 /FE or F, < 044xF, - F, =[0.877F, (4.6)
y

OP, = 09%x Fg x Ay, 4.7)

Fe; elastic critical buckling

A; slenderness ratio

Fcr; critical stress

P, compression capacity of the brace member

Ay, brace area

A=42 E/Fy - 10:0.2%,LS:5A, ,CP:7A, (4.8)
A< 2. E/Fy - 10:0.2%,LS:4A, ,CP:6A, (4.9)
Where,

E, F, : Elastic modules and yield strength of the braeenbers, respectively.

A. : Axial deformation at the brace buckling

162
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Figure 4.6 Force-Deformation relation of the bramamber HSS 30x30x3.2

The buckling load was determined from the AISC &0tanual. The effective length factor
was assumed as one, which defines the pin-pin ctioneat both brace ends. In addition,
Figure 4.6 shows the results for the two differétl” and “k=0.8" values (53 and 68 kN,
respectively) to show the variation of bucklingdoaith k factor. Besides, this figure also
indicates the brace performance levels suggestéldedkSCE/SEI 41 (2007) document. The
brace length was taken as the actual brace merabgthl (Figure 4.7). Instead of nominal
material properties of the brace member, the medshrace yield strength was employed
(see Chapter 2). Rigid end zone was defined fronfre@e members to gusset plate where
at the end of brace weld. At these points, guskse$ rotated freely as expected. The
nonlinear static pushover analysis results of thevion braced frames are indicated in
Figure 4.8 and 4.9. In this figure, the boundadéshe performance levels of the columns
determined from limits suggested by the TEC (204¥8)indicated. In addition, the average
values of the performance levels (MnD, MdD and ®D}he columns are indicated as a
table on each figure. Furthermore, the brace pmdoce levels determined from the limits
suggested by the ASCE/SEI 41 (2007) were also rdaakea line on each figures for the
compression brace member. Table 4.1 summarizegddtiermance levels of the RC frame
(TEC, 2007) and brace members (ASCE/SEl 41, 20@Grjure 4.10 indicates the
performance levels of the brace members considéh@drace slenderness and IDR of the
braced frames.

It was observed that the results of the nonlin&sicspushover analysis had lower base shear
capacity than test frames. This is because, theebfarce deformation relation had
significant effect on the base shear of the brafrache. Since the force-deformation
capacities of the brace members were determined fhe slenderness, the effective length

factor “k” should be determined properly. Figur8-6 indicates that when the “k” is equal
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to 0.8 instead of 1, the numerical simulations mmdietter with the measured base shear

force.

y VANl

Hinge Rigid
Member
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Foundation

Member

Figure 4.7 Analytical model of the braced frame

It was observed that the brace members have limifedts on the performance levels of the
RC columns. Besides, the performance levels oR@ecolumns depend on the axial load
level significantly. All the performance levels tie RC columns were beyond that of
compression brace members. This revealed that ake puckling capacity of the brace
members can be used for a seismic retrofit dessgfaraas the RC columns are within the
acceptable performance levels. Figure 4.10 indscébat reducing the brace slenderness
increase the IDR capacity at which the compresbi@te reaches its performance levels
(MnD, MdD and SD). Moreover, results imply that pbsickling compression capacity of
braces can be relied on at limit states providatltthe seismic IDR demands are kept strictly
below about 1% DR, which can be critical for sersaly deficient axial load bearing RC
members (Figure 4.8 and 4.9 and Table 4.1).
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Table 4.1 Performance of the reference and chdwaced frame

Performance Level

Specimen RC Column RC Beam Brace Member
MnD MdD SD MnD MdD SD MnD  MdD SD
R_13_10 1.16 2.18 2.50 1.28 3.32 4.70 - -
R_25_8.1 0.92 1.51 1.74 121 3.22 4.66 - -
C_13 10 R1 91 262 0.86 1.45 1.63 0.93 2.01 2.71 0.36 0.6888 0.
C_24 85_R1 91 262 0.71 1.16 1.33 0.95 2.12 2.95 0.36 0.67.90 0
C_24 85 _R2 89 210 0.71 1.18 1.34 1.03 2.17 2.98 0.37 0.7091 0
C_24 85_R2 68 436 0.70 1.19 1.36 1.06 2.15 2.96 0.61 09121 1
C 22 94 R2 1147 300 0.74 1.15 1.29 0.60 2.23 2.23 0.05 0 0.10.19
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Figure 4.10 Performance relations of the brace neesnlith respect to slenderness vs. drift
ratio of the braced frame

4.2.3 Numerical Simulation of the Internal Steel Fame

The ISF strengthened test specimen ISF_28 7.4Sllivhs examined by using lumped
plasticity modeling technique among other specimet®fitted by using ISF (Chapter 2).
This is due to the superior cyclic performance iolgiéh from this specimen which employed
composite connection details (method IIl) explaiire€hapter 2. It should be kept in mind
that there are no specific performance limits satggbfor composite members to the best of
the authors’ knowledge. Hence, the performancedesfethe ISF were linked to the strains

of the concrete, longitudinal reinforcement and tB&mbers (I section). These strain limits
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were similar to the strain limits suggested by TiE«C (2007). It was assumed that the strain
limits of the ISF members (I- sections) for perfamme levels were same as that of
longitudinal reinforcement.
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Figure 4.11 Analytical model of the ISF

Figure 4.11 presents the analytical model of tHe EHrst, moment rotation relations were
developed for sections presented in Chapter 2.cbhneposite column and beam members
had unsymmetrical moment curvature relation. Whes ¢omposite section was under
positive bending, the steel member (I-80 for beaah Ia140 for column) was under tension
and the concrete was under compression. At thetimedgaending direction, this case was
reversed. Hence, two different moment curvatureatiesis were developed for both
composite columns and beam. The moment curvatlaéore was converted into moment
rotation relation. The plastic hinge length wasuassd as half of the section height (TEC,
2007). PA effect was incorporated into the analytical modehe moment interaction
relations of the composite columns were used towtcthe moment capacity change with
axial force.
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Figure 4.12 presents the static pushover curvegetimen ISF_28_7.4_III_IS. This figure
also indicates the damage levels of the columnshaads in terms of the DRs estimated by
using the strain limits given in TEC (2007). Eaatrfprmance levels indicated in Figure
4.12 exceeded the suggested strain limits at ttterbaand top of the columns. Furthermore,
at the end of each performance levels, the dambagereed during the test are also seen in
Figure 4.12. The global IDR limits suggested in TRC07) are marked on this figure at 1, 3
and 4%. The average DR of the each three performbevels were found as about 0.72,
2.30 and 3.51 %, respectively. As a result of thmerical simulation and observed frame
damage, 2% DR was found to be a target design fomiprimary design in order to satisfy

MnD performance level.

4.3 Numerical Simulation of the Pseudo Dynamic Tes$trames

4.3.1 Reference Frame

Nonlinear time history analyses (NTHA) of the refece frame was examined and the
details of the results are elsewhere (Akpinar, 26&L0t et al., 2011; Akpinar et al., 2011).
Although the details are available in these thieferences, the brief summary about the
modeling strategy and results of the reference drasngiven in this section. NTHA was
performed by utilizing Opensees Simulation Platf@Mazzoni et al., 2009) to observe the
ability of estimating the dynamic response of tbst frame. Modeling strategy and material
models employed for the analysis are summarizeigare 4.13. Force based fiber frame
elements (nonlinearBeamColumn) were used to mo@eb&m and columns. The material
model used for concrete (Concrete01) follows thiesrwof the confined and unconfined
concrete models proposed by Kent and Park (197t plastic offset rules proposed by
Karsan and Jirsa (1969) (Figure 4.13). The infélller were modeled as truss members. To
simulate the infill wall damage as observed duting test, an element removal algorithm
was used. In this algorithm, when the failure strafi the diagonal strut is exceeded in one
direction, the struts in both directions are renmtb¥#®m the model (Talaat and Mosalam,
2009). Hence, there were two models namely mod#l element removal algorithm and
model without element removable algorithm (Akpin2®10; Kurt et al., 2011; Akpinar et
al., 2011). For RC columns second order effectsewaso taken into account. Linear
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geometric transformation was used for RC beamstduasignificant effect of geometric
nonlinearity on results.

Figure 4.14 shows the results of the NTHA for teérence frame in term of top story
displacement vs. time for each scaled Duzce matidsst is clearly seen in this figure, the
model with element removable algorithm predicteslttip story displacement demand better
than the model without element removable algoritRarthermore, the numerical simulation
of the reference frame was also capable of trafdnge-displacement response of the test
frame with a reasonable accuracy (Figure 4.15).gévéormance evaluation of the reference
frame indicated that the observed damage and meparfrmance levels suggested by the
TEC (2007) agreed well (Figure 4.16).
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Figure 4.13 Infill wall layout and analytical mod#lthe reference frame (Akpinar, 2010)
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4.3.2 Chevron Braced Frames

NTHA of the braced frames were performed utilizi@pensees Simulation Platform
(Mazzoni et al., 2009) to observe the ability ofiraating the dynamic response of the
chevron braced frame. Modeling strategy and materdalels employed for the analysis are
summarized in Figure 4.17. Force based fiber fraltaments (nonlinearBeamColumn) were
used to model RC beams and columns. The materidéeimsed for concrete (Concrete01)
follows the rules of the confined concrete mod@pmsed by Kent and Park (1971) (Figure
4.13-d). For RC columns, second order effects was® taken into account. Linear
geometric transformation was used for RC beamstduasignificant effect of geometric
nonlinearity. Longitudinal bar buckling was modelegl employing the backbone curve of
Dhakal and Maekawa (2002). Force deformation w@fatf brace members were modeled
by the uniaxial rules according to the ASCE/SEI @D07) along with AISC (2005)
recommendation for the brace tension and compressipacities (Figure 4.17-b). Although
the brace member can be modeled by modeling thet exanlinear geometry (Uriz at al.
2008), the modeling procedure suggested by the ASEIE41 (2007) document is more
practical for engineering applications especiatly & existing RC frame retrofit schemes.
Hence, in this thesis this backbone curve for théaxial response of the brace was
considered for the truss members.

LVDTs placed at brace to column connections indidahat significant uplift (Figure 4.17
and 4.18) at the bottom of the first story bracesgt plates occurred. This uplift was
considered in the analysis to simulate the stifrafshe braced frame correctly. Figure 4.18
indicates the calculated brace force from averaggnsreadings and uplift deformations.
The brace base uplift movement was taken into adcby using elastic springs between
column base and brace elements. Spring stiffnelsva@mployed for the tests calibrated
according to the experimental results are showhiguire 4.18 for each ground motion. In
addition, the numerical model without spring modeis also analyzed in order to compare
the modeling of uplift. Successive time history lgsas were performed similar to the
performed experimental sequence. In between eank tistory analysis appropriate
stiffness values for the uplift springs were assyrA Rayleigh damping of 5 % was used

for all nonlinear time history analysis.
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Figure 4.19 and 4.20 show that simulations wereldi@pof tracing the displacement-time
and load-deformation response of the test specimafisreasonable accuracy. Table 4.2
indicates the calculated errors of the maximum lsssar and story displacements for the
models with and without spring model.

For the 50% Duzce test, the initial stiffness @& ttumerical simulation results was observed
to agree well with that observed in the test. Tagebshear force of all scaled Duzce test was
estimated with an error less than 11%. Likewise;epk 180% Duzce test, numerical
simulation was able to estimate the story displasgrwell for braced frames with an error
less than 10%. The highest error (28%) was obsedweithg the estimation of the story
displacements at 180% Duzce test simulation. Thie meason of this error was the brace
buckling which was not observed during the testnc&i ASCE/SEI 41 (2007)
recommendations were employed for brace modelingh sonservative estimates of brace

deformations are expected.

Table 4.2 Errors of the NTHA of the braced framenamerical model with spring model, b)
numerical model without spring model

Numerical model with spring moc

Ground Braced Frame Braced Frame

o T e B A Vi B ) sty oo D VS8 W
509% 02 G s a1
100% 89.13 99.06 11.1 ; ‘71; ‘71:;1 2:2
140% 178.98 182.24 1.8 ; ggi 13; 1354
180% 206.06 204.49 0.7 ; ;i:; gig ig:i

Numerical model without spring mot
Ground Braced Frame Braced Frame

o T e M N By oy o D S W
50% 3994 a8 27 5 s 22 o
100% 89.13 67.3 245 ; 3; ;; ii;
140% 17698 o1 915 ss 783
180% 206.06 112.1 45.6 ; ;i:g 32 gg:g
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Figure 4.21 indicates the stress-strain responsthedfbrace member obtained from the
NTHA. As seen in this figure, the brace memberseweithin the MdD performance levels
with respect to ASCE/SEI 41 (2007) recommendatturthermore, Figure 4.22 indicates
the performance of the braced frame. The performéels of the RC members and brace
members were evaluated the strain limits suggdsyetthe TEC (2007) and ASCE/SEI 41
(2007). This figure indicates performance levelstltdé members when the strain limits
exceeded the specified limits suggested by the [207) and ASCE/SEI 41 (2007). Since
the brace members were effective to resist thedatiemands, the damage of the RC frame
was limited. On the other hand, since the secoad dirace members applied additional
axial load on first story columns, these columnsengithin the SD performance limit (strain
levels exceeded the specified limit) .
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Figure 4.20 Base shear vs. Top displacement dflTieA of the braced frame
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4.3.3 Internal Steel Frame

The NTHA of the ISF is presented in this sectioheTISF members or the composite
columns and beams were modeled from the actualoeecpresented in the Chapter 3.

Figure 4.23 shows the modeling strategy of theri&fofitted frame. The composite column
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and beam members were modeled as a single sedtiopreper numbers of layers. Hence,
composite behavior of members was ensured. Forsedbéiber frame elements were
employed to model composite beams and columnséAbbttom of the composite columns,
a rotational spring (K=1020 kNm/rad) was assigned to match the fundarhpeteod of the
test frame in the first model. Such a soft touchs wiecessary to ensure that dynamic
properties of the test frame and simulation agred wrior to the significant inelastic
response. Consequently, there were two models yametlel with rotational spring and
model without rotational spring (fix boundary catiwh) in this study. The results of the
numerical model of the ISF are presented by compaifiese two models. The NTHA
procedure of the ISF was similar to that of chevwraced frame (section 4.3.2).

Figure 4.24 and 4.25 show that simulations werealgi@pof tracing the displacement-time
and load-deformation response of the test speciméthsreasonable accuracy. Table 4.3
presents the calculated errors of the maximum bkhsar and story displacements for the
two models. Figure 4.24 and Table 4.3 indicate thatmodel with rotational spring at the
columns base estimated the response of the tesefia terms of lateral strength and
displacement better than those predicted by theetwaithout rotational springs.

For the 50% Duzce test, although the top displacemed base shear were estimated with
acceptable error which was less than 13%, the agtmof the first story displacement had
the highest error which was about 47.5%. This éshighest error for all scales during the
numerical simulation of the ISF. The numerical moetimated the base shear and lateral
displacement of the test frames with less tharr @fr@5% for the rest of the tests. The base
shear force and top displacement were estimated aviterror less than 6% for the 180%

Duzce test.
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Figure 4.25 indicates the estimated performandatefiSF and force-deformation response
of the NTHA of the ISF. The performance levels leé¢ RC members and ISF (IPE200 and
steel plates) were evaluated the strain limits eaggl by the TEC (2007). This figure
indicates performance levels of the members whenrstrain limits exceeded the specified
limits suggested by the TEC (2007). While the egtecolumns were found to be within or
beyond the SD performance level at the end of 84 Duzce motion, the interior columns
(composite columns) were found to be within the Mg&formance level according to the
TEC (2007) limits. It can be stated that the stizsed seismic evaluation approach of TEC
(2007), when applied to a frame with compositeieaahnay underestimate the damage state

for composite members and overestimate the denmariRlG members.

Table 4.3 Errors of the NTHA of the ISF, a) numarimodel with rotational spring model,
b) numerical model without rotational spring model

a) Model with rotational spring

Ground ISF
Motion Test Max. Base Analysis Max. Base o Test Max. Disp Analysis Max. o
Scale Shear Demand (kI Shear (kN Error (%) Story Demand (mmr  Disp. (mm Error (%)
. 18.6 .
50% 67.6 58.7 13.1 1 12.6 41.5
2 21.8 24.6 12.9
100% 88.2 78.1 11.4 1 21.7 27.0 24.5
2 39.7 35.6 10.3
1 40.¢ 41¢ 1.7
0,
140% 116.6 95.9 17.7 > 75 ¢ 56.2 o5
1 57.€ 72.1 25.1
0,
180% 123.2 116.4 5.5 5 111 ¢ 111.¢ 042
b) Model without rotational spring
Ground ISF
Motion Test Max. Base Analysis Max. Base o Test Max. Disp Analysis Max. o
Scale Shear Demand (kI Shear (kN Error (%) Story Demand (mm  Disp. (mm Error (%)
50% 67.6 57.2 15.3 1 126 4.2 66.4
2 21.8 6.6 69.9
. 9.3 .
100% 88.2 118.4 34.2 1 2L.7 °7.0
2 39.7 15.2 61.7
1 40.¢ 14.¢ 64.2
0,
140% 116.6 141.2 21.1 5 75 ¢ 03¢ 68.¢
1 57.€ 35.2 38.¢
0,
180% 123.2 142.7 15.8 5 111.¢ 632 435
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4.4 Retrofit Example on a Five Story RC Building

The numerical simulations were capable of predictite behavior of the test frames. Next, a
case study retrofit design and analysis conduaeshow the effectiveness of both chevron

brace and ISF strengthening.

4.4.1 Five Story Existing Deficient RC Building

In this section, the performance based design oftieg five story existing deficient RC
building located the Istanbul is presented. Theding is a reinforced concrete frame
structure with rigid shear walls surrounding thedraent (Figure 4.26). Within this study, a
performance evaluation method based on nonlinesliquer analysis is carried out using the
available structural data. The strengthening of Ibodding based on the methodology
described previously from the test data is perfarnkégure 4.26-a indicates the plan view of
the building. Uniaxial compressive strength and atos of elasticity (calculated from ACI
318, 2008) were used as 8 MPa (close to test fiaamed 13435 MPa, respectively. The
dimensions of the building in the x and y directaoe 8.75 m and 12.23 m, respectively. The
columns and beam dimensions are 250x400 and 150xB®0respectively. The orientation
and also size of the beams and columns are shofigume 4.26. The stirrups spacing of the
columns and beam are about 220 mm with a clear @20 mm. It is important to mention
that the stirrup spacing of columns and beams dotsatisfy the current code TEC (2007).
Furthermore, the in-situ concrete strength is lotan the code specified minimum. The
steel grade of the longitudinal and transversefasiement is S220 whose yield strength is
220 MPa.

Nonlinear static pushover analyses by using lumpledticity model were conducted in
order to estimate displacement capacity of thedmgl for the required evaluation
techniques. The 3D computer model of the buildiras wwenerated using from the original
drawings of the building (Figure 4.26-d). All theints on each floor were constrained in
order to model the diaphragm effect. Moment—rotafwoperties derived from sectional
analyses with the plastic hinge length (taken etuaklf the member depth in the direction
of loading as suggested by TEC, 2007) were assigndte beam and column ends (similar
to given moment rotation as seen in Figure 4.1NialAforce-moment yield surfaces

obtained from interaction diagrams were used fduroa plastic hinge regions. Load
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distributions proportion to story mass and firstdmoamplitude were used for pushover
analysis for x direction. Prior to conducting thespover analyses, gravity loads and 30% of
the live load on the structure were applied. Thspldcement-controlled pushover analysis
was then performed to obtain performance pointhef huilding and plastic deformations
(rotations) of the members. After performing thesipover analysis and obtaining the
capacity curve (Figure 4.27), the performance owit the building in x direction was
calculated using method namely single degree afdfsen (SDOF) model employing the
Duzce ground motion (DGM) (100% Duzce ground motiorchapter 3). Pushover curve
was converted into the acceleration displacemegarese spectrum (ADRS), Figure 4.27,

by using Equation 4.10:

s, = and Sy = ar

(4.10)
: oW I

Where,

where W is the total weight of the MDOF structuvély is the base sheafy is the roof
displacement of the MDOF structur@l is the modal mass coefficient for the first mode
(first fundamental mode), arid; is the modal patrticipation factor for the firsnflamental
mode. ¢r,; is the amplitude of the first fundamental modetted roof, Sa is spectral
acceleration, and Sd is the spectral displacement.

For the SDOF approach, the linearization was pewar based on the procedure given in
FEMA 353 (2000) (Figure 4.27). The mass of the dind is taken as the mass
corresponding to the governing x modes and 5%catitiamping is assumed. Using the
bilinear idealization with elastic unloading a SD@falysis is conducted using the DGM to
obtain the top displacement (performance point).

The performance point according to DGM is showntenpushover curves in Figure 4.28. It
can be observed that the building experiences arathDR of about 2.4 % in the x direction
prior to retrofit. The IDR profiles for x directisnobtained from pushover analysis at
performance point of DGM are shown in Figure 42%an be observed that highest IDR,
which was about 4.7 % in the x direction, occuriredhe first story level of the building
without any retrofitting.

A member by member evaluation is then performeddtermine the damage level of the
members. The number of columns and beams at diffgerformance levels are presented
in Table 4.3. This evaluation indicated that 10080 86% of the first story columns and

beams of the deficient building were at the totallapse (TC) performance level for x
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directions, respectively. This result indicated tihés deficient building needs to be retrofit-

ted with respect to TEC (2007).

N >
“Aa PIRSS
C RPN

‘. ‘

+—150—+

Trans. ¢10/220 Beam 150x500

Long. ; 3p12
Trans. ;@8/220

w1 — it
" < I < < B
e O — 1O o &
L s 8 E gl: 7= E 7
R | AN =0 = Tl e e 294
c 5] c
o8 | 35
07—,
= = | Q
=< & o
CM_.W Tt < I
c — 10 =2 &
s s m..,.1w._. AT nM_.O
o 4“9& P | B IS .y1m._
ol RS e T T S o .
R || I O e € @2
PRI = CMm
—~ - =
o]
) QY () <) L0) o)
N F o™ ™ N
O
S ‘ © o O ®
g i - 8
4 #e
© L ©
‘Vm h q
@ = &)
- O
J#@ e
N =
i[EN o
10 O
@ : : ©
o
~ <)
a ) QY () L0) O

- X directior

Figure 4.26 Five story building a) plan view, bJuron and beam dimensions, c) front view

of the building, e) analytical model of the builgin

186



0.5
% 150 0.4 A
g L 03]
(‘7—.) 100
% 0.2+
©
@ 507 0.1
0 T T T T 0 T T T
0.00 0.05 0.10 0.15 0.20 0.2 0.00 0.05 0.10 0.15
Top Displacement (m) Sd
Figure 4.27 a) Pushover curve of the building, DR'S of the building.
0.04
$ 0.03
[¢}]
2 Performance
M
5 0.02 1 ll_Point
9]
N
g
5 0.01 1
2 - -
— Deficient Building
0.00 : : i
0.000 0.010 . ~0.020 0.24 0.030
Overall Drift Ratio
Figure 4.28 Performance point of the deficient i
5 MnD, rec 2007 MdD, rec 2007 SD, tec 2007
= N | |
8 4 [ [ [
E \ | |
S 3 | | |
> 2 [ [ [
~ | | | \
@] . | |
= 1 [ .
R I R
0 ¢ | ‘ % %

0 1 2 3 4 5
Drift Ratio (%)

Figure 4.29 ISDR of the deficient building at penfiance point

187

0.20



Table 4.4 Performance levels of the RC memberseobtilding

Performance 1. story 2. story 3.story 4. story 5. story

Levels Columr Bean Columr Bean Columr Bean Columr Bean Columr Bean
MnD 0 12 1 16 5 17 12 23 12 24
MdD 0 2 4 1 6 7 0 1 0 0
SD 0 0 3 5 1 0 0 0 0 0
Total Collapse 12 8 4 2 0 0 0 0 0 0

4.4.2 Chevron Strengthening of the Five Story RC Blding

The strengthened technique was applied to enh&edateral load resisting capacity of the x
direction. Figure 4.30 indicates the strengtheraa lof the building. The numbers of braced
frame axis is two for each direction. The proposednection between brace and RC
members is indicated in Figure 4.31. 15 mm thidekplates were utilized at the top and
bottom of the beam of the braced frames (Figurd)4.Bhree different brace size were
employed to retrofit the RC building (Figure 4.3@da4.32). Figure 4.32 also indicated the
braced axis. The yield strength of the both HSSsiedl plates were taken as 235 MPa. The
force-deformation relations of the brace membersewdetermined with respect to
ASCE/SEI 41 (2007) along with AISC (2005). Figur83tindicates the force-deformation
relation of the HSS 175x7.1. Table 4.5 indicates gihedicted compression capacity of the
brace members with their slendernégs These braces had a slenderness of about 40 which
Is consistent with the brace slenderness usedDnt&ss presented in Chapter 3. Since the
braces introduced excessive axial load on the amtuas observed in the PsD test (chapter
3), first and second story RC columns were stremggd with Fiber Carbon Polymer (FRP)
with respect to design guidelines suggested by TEHD7) (Figure 4.34). Equation 4.11
gives the FRP wrapped concrete strength with réspeltEC (2007). In the primary design,
in order to determine the numbers of layers of BRP, RC column axial load was
determined from the additional axial load imposgdHhe brace members in all stories which
were within the post buckling regions (Table 4M¢nce, 8 layers of FRP were found to be
adequate for the desired axial load enhancemettieoRC columns. It should be kept in
mind that the column strengthening was performedntwease the axial load carrying
capacity only. As seen in Figure 4.35 the FRP wirappcreased the compressive strength
of the concrete as expected. Figure 4.35 alsoahecthe moment-interaction and moment

curvature relation of the RC columns before andrafRP wrapping. It was observed that
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FRP wrapped column had about two times higher drial capacity than the existing

column.
foe = fom(l+ 24(f) / fem)) 2 12F o (4.11)
21
fi =2 KaPr€1 By (4.12)
Where,

f.e concrete strength wrapped with FRP

fem concrete strength of the existing RC building
fi: lateral confinement provided by the FRP

K,: shape factor for the RC member

pr. volumetric ratio of the FRP

& strain limit of the FRP

E:: elastic modulus of the FRP

The performance point according to DGM is showntenpushover curves in Figure 4.36. It
can be observed that the building retrofitted witlevron brace experiences an overall DR of
about 0.6 % in the x direction.

The IDR profiles for x directions obtained from poser analysis at performance points of
DGM are shown in Figure 4.37. It can be observed ighest IDR, which was about 4.7 %
in the x direction, occurred in the first story ékvof the building without any chevron
retrofit. Upon retrofit the IDR reduced to abou?®.% for the x directions. It should be
noted that the observed DR is in good agreemerit thibse limits proposed in the TEC
(2007). The maximum IDR of the retrofitted buildimgs observed at the second story as
indicated in Figure 4.37. In fact, this behaviorswadso observed for the PsD test members
(see Figures 3.40 and 3.53 and Table 3.7).

A member by member evaluation is then performedet@rmine the damage level of the
members. The number of columns and beams at diffgerformance levels are presented
in Table 4.6. This evaluation indicated that 100Rthe all story columns were at the MnD
performance levels. In addition, there were no lseah the SD performance levels.
Furthermore, at the performance point of the réteaf building, there were no brace
buckling.

This result shows that the chevron retrofit schemas successful in controlling drift
deformations and reducing the demands in the caurs a result, the chevron retrofit
design presented above was found to be succesdnD performance level of the building
by reducing the deformation demands on the RC caaturand controlling the drift

deformations.
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axis 2-2 (proposed by ASCE/SEI 41, 2007 and AISID52

Table 4.5 Brace compression capacity

Location Brace Copmression Capacity (kN) A

Axis 2-2 (HSS 175x7.1) 995 41.4
Axis 5-5 (HSS 160x8) 995 43.4
Axis A-A (HSS 160x5) 662 37.2
Axis D-D (HSS 160x5) 664 36.1
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Table 4.6 Performance levels of the RC members of theitgitdtrofitted with chevron

braces

RC Performance
Member Levels

1

. story 2. story 3. story 4. story 5. story

Deficient Chevron Deficient Chevron Deficient Chevrddeficien Chevron DeficientChevror

- MnD 0 12 1 12 5 12 12 12 12 12
£ MdD 0 0 4 0 6 0 0 0 0 0
S ) 0 0 3 0 1 0 0 0 0 0
Total Collapse 12 0 4 0 0 0 0 0 0 0
MnD 12 21 16 17 17 16 23 17 24 22
g MdD 2 1 1 7 7 8 1 7 0 2
@ SD 0 0 5 0 0 0 0 0 0 0
Total Collapse 8 0 2 0 0 0 0 0 0 0




4.4.3 ISF Strengthening of Five Story RC Building

The strengthened technique was similar to the puosly tested frame ISF_28 7.4 1ll_IS.
Figure 4.38 indicates the strengthened bays obtlikling. There were two strengthened
cases namely ISF 1 and ISF 2. The difference betwleem is; the ISF2 had additional
strengthened bays, axis 3-3 and axis 4-4, at teednd second story. The steel members to
build composite columns and beams are 1-400 andhidBthick-steel plate (Figure 4.38).
The proposed connection details are indicated giréi 4.38. The yield strength of the both
steel members was taken as 235 MPa.

The performance point according to DGM is showrtenpushover curves in Figure 4.39. It
can be observed that the building retrofitted W8Rs experience an overall DR of about 1.6
and 1.1 % for the ISF1 and ISF2 in the x directrespectively.

The IDR profiles for x directions obtained from poser analysis at performance points of
DGM are shown in Figure 4.40. Upon retrofit the ID&luced to about 1.4% for the X
directions. It should be noted that the observedi®R good agreement with those limits
proposed in the TEC (2007) (Figure 4.12).

A member by member evaluation is then performedet®rmine the damage level of the
members. The number of columns and beams at diff@erformance levels are presented
in Table 4.7. Upon retrofitting, the number of tlkelumns which were in the TC
performance level decreased. Although 33% of thst §tory columns of the building
implemented ISF 1 was within the TC performancelethis condition did not satisfy the
performance level of the residential building sugigd in TEC (2007). Finally, the desired
performance level of the deficient building retttefd with ISF2 was obtained by increasing
numbers of retrofitted bays.

This result shows that the ISF retrofit scheme wvgagcessful in controlling drift
deformations and reducing the demands in the caurs a results, the ISF retrofit design
presented above was found to be successful in Merfbimance level of the building by
reducing the deformation demands on the RC colurand controlling the drift
deformations. In addition, above results clearlgicates that a retrofit technique needs to
increase lateral stiffness and strength aside frameasing global ductility capacity (if any
member base retrofitting technique is not used)nwtactility capacity of the existing

columns and beams are insufficient.
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Table 4.7 Performance levels of the members obtiileing retrofitted with ISF

Column 1. story 2. story 3. story 4. story 5. story
Performance Level$Deficient ISF 1 ISF ? Deficient ISF 1 ISH2 Deficient I3FISF 2| Deficient ISF 1 ISFP Deficient ISF 1 ISH
MnD 0 4 10 1 11 12 5 12 12 12 12 1 12 12 1
MdD 0 3 2 4 0 0 6 0 0 0 0 0 0 0 1
SD 0 1 0 3 0 0 1 0 0 0 0 0 0 0 0
Total Collapse 12 4 0 4 1 0 0 0 0 0 0 ( 0 0
Beam 1. story 2. story 3. story 4. story 5. story
Performance LevelgDeficient ISF 1 ISF 2 Deficient ISF 1 ISH2 Deficient ISFISF 2| Deficient ISF 1 ISFP Deficient ISF 1 ISH
MnD 12 16 18 16 19 21 17 19 14 23 19 1p 24 22 y
MdD 2 5 4 1 4 3 7 5 6 1 5 5 0 2 0
SD 0 1 0 5 1 0 0 0 0 0 0 0 0 0 0
Total Collapse 8 0 0 2 0 0 0 0 0 0 0 q 0 0
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CHAPTER 5

5. CONCLUSIONS

The strengthening of existing deficient RC struesuwith structural steel members were
examined in the course of this study. A comprehenekperimental program and extensive
numerical studies were conducted to better undadsthe strengthening mechanisms for
structural steel retrofit applications of deficiRC frames. Fifteen one bay-one story and
two three bay-two story RC frames were tested biyguguasi static and pseudo dynamic
testing procedures, respectively. The use of cmebraces, internal steel frames, X-braces
and column-shear plate applications were invesitgalwo potential candidates, namely
chevron brace and internal steel frame retrofisienwinvestigated in detail. Chevron brace
retrofitting can be viewed as a stiffening/strereging retrofit scheme, when applied
provides reasonable deformation control with sttemgcrease. However, ductility of such a
retrofit scheme is limited due to brace buckling@Bter 2) and potential damage to the
boundary columns exists (Chapter 3). Hence its asse be limited for low to mid rise
structures, where the main retrofit objective ifodmation control. Internal steel frames, on
the other hand, could change the behavior of achatile frame to a more ductile one.
Hence, it may suit the needs of engineers whenrahefion capacity need is more
pronounced.

Currently, there are no explicit design guidelifies seismic retrofit using structural steel
members in TEC (2007). The results of the expertaigagrogram and deformation limits for
RC members and braces according to TEC (2007) &8WQEASEI 41 (2007), respectively,
were utilized to reveal whether safe retrofit dasigan be achieved. The study shows that
employing the strain limits suggested by the TE@{ for RC and composite members of

ISF may be used for ISF retrofit design. Furthemmdor the chevron brace members, force
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deformation relation suggested by the ASCE/SEI2Z007) may be used for the chevron
brace retrofit leaving a sufficient margin of sgfeA simple design flowchart is presented
later in this chapter to lay out the basic prinegpbf incorporating structural steel in RC

frame retrofits.

Main Conclusions

The following conclusions were drawn from the meaments and observations of the
numerical and experimental studies.

. Seismically deficient RC frames (low concrete sitBnand insufficient lateral
confinement and poor reinforcement details) werzassfully upgraded by using Chevron
Braces and Internal Steel Frames (ISFs).

. Chevron Brace and ISF can increase the stiffnésength, and energy dissipation
capacity of seismically deficient RC frames sigrafitly.

. Chevron braced frames are effective to controlstiogy drift demands but they are
non-ductile systems. On the other hand, the ISEdlexible and ductile systems but may be
less economical for controlling the story drift cemds.

. After brace buckling, lateral strength and stiffned the braced frames decreased
significantly. Hence, post-buckling capacity of tlwace member governed the performance
of the braced frame.

. The post buckling capacity of the brace membersheansed for a seismic retrofit
design as far as the RC members are within theptadole performance levels.

. The performance levels of the RC frame and bracebmes can be evaluated by
using the deformation limits suggested by TEC (20@nd ASCE/SEl 41 (2007),
respectively. Such an assessment was found ta@enghis study.

. Two ISF applications were examined in the coursthefexperimental program. It
was found that as long as the horizontal sheangineof the RC beam-column joints is
sufficient to resist the shear force demand byl8te one may pursue ISF installation with
minimal anchorage sufficient to avoid out of planevements. Conversely, if the horizontal
shear strength of the RC beam-column joints is lemtidlan the shear force demanded by the
ISF, use of engineered design dowels to ensure @asitapaction is necessary.

. Global drift limits (1% DR for 10, 3% DR for LS a6 DR for CP) suggested by
the TEC (2007) seems to be appropriate to evalimteseismic performance of the ISF
retrofitted buildings.

. Low to mid-rise buildings, i.e. 5 story building this study, can be retrofitted by

using Chevron Brace and ISF retrofitting techniquys utilizing the TEC (2007) and
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ASCE/SEI 41 (2007) document. This argument was asueg with a case study building
presented in Chapter 4.
. X-Brace and Steel Column-Shear Plate applicatioasiat recommended in the way

they were employed in this study. Further researcieeded to argue the opposite.

A Possible Design Methodology

Based on the knowledge gained from this studymnglei design flow can be established as
shown in Figure 5.1 for chevron brace and ISF figtidesign of deficient RC frame
buildings.

First, the information about the existing RC builglishould be prepared as suggested in TEC
(2007) or ASCE/SEI 41 (2007). The information fréime drawings of the building (location
of the columns and beams as well as the foundatsite investigations and laboratory
testing for mechanical properties of the mateiiedsicrete and reinforcement bar), should be
compiled. The next step is to model the buildinghwiroper tools (distributed plasticity or
lumped plasticity) such that expected inelasticnpimeena are accounted. After conducting
the structural analysis for the estimated seisn@imahds, the damage limit states of RC
members, can be checked using either TEC (200RASQE/SEI 41 (2007) guidelines. For
chevron braces and ISF composite columns and beaimsuggested to use of ASCE/SEI
41 (2007) performance limits (Chapter 5, Sectioarj TEC (2007) strain limits (Chapter 7,
Section 7.6.9). The section dimensions of the I6Eh@vron brace components are iterated
until the desired target performance is met. ltusthde kept in mind that while retrofitting a
building, usually a hybrid scheme composed of matnofit options (use of FRPs, structural
walls, chevron braces or ISF) can be combined bagetiepending on the architectural
requirements and physical installation constraifitss believed that the optimal retrofit
design may be achieved with such an approach. peelaninary estimation of the chevron
brace member or ISF steel section sizes, limitirgginter story deformations to 1% (Figures
3.50, 3.51, 4.8 and 4.9 and Table 4.1 and Secti®d)3and 2% (Figures 3.63 and 4.12 and
Tables 3.7 and 3.9, Section 3.6.4) for the chewn@te and ISF retrofit, respectively, is
recommended. Final decision of the sizes shoutthiody be based on the performance
level of the retrofitted building (or whether theilding is adequate after retrofit or not)
dictated by the codes, engineers, owners or based oonsensus of all. It should be
reminded that further studies may be needed thdurfine tune the damage limit states of

composite members in ISF applications.
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Further design recommendations

Based on the designs and the observed performahdbeotest specimens following

recommendations can be given:

1-

2-

The use of the Uniform Force Method (LRFD, 1994apropriate to estimate the
force transferred from the braces to the RC members

The RC beam in the chevron braced span shouldréegshened in order to carry
the shear force and flexure demands resulting fumimalanced brace force after
brace buckling. Instead of the approach followedChapter 2 (allowing for shear
damage in the RC beam), the philosophy employegdhiapter 3, (the brace size is
selected to minimize the unbalanced force and t@ebRam is strengthened for
sufficient flexure and shear capacity) can be prete

Gusset plates should be designed by following tngatons presented in LRDF
(1994) recommendations. The compression capacithefgusset plate and brace
member can be calculated by using AISC (2005).ds fiound that the use of an
effective length factor of 2 was found to be appiatpe for the chevron braced
retrofitted RC frames. Hence, the stiffeners mayrdmguired based on the gusset
plate compression capacity. The length of the dupkde within the Whitmore
section (Whitmore, 1952) can be determined fronréflsemmendations of Thornton
(1984). For a safe connection, this study recommeinel over-strength factor of the
HSS sections to be selected between 1.5 and 2.

The brace slenderness limits of TS 648 (1980), LKEZ94) or any other relevant
code should be followed when selecting chevrondsac

The brace layout through the building height caratvanged to reduce the demands
imposed by the brace members to the RC joints.

To construct composite beams and columns, the mandied locations of the
anchorage rods can be determined with respectiab @apacity of the steel and RC
members. In other words, they is a need to prosidéicient capacity to transfer
shear forces from the steel to RC members or \écgev

The size of the weld for the brace and ISF conoactan be determined with
respect to TS 3357 (1979), LRFD (1994) or any otakvant code.

The composite columns and beams at the jointshioi$F retrofit should obey the

rule of strong column-weak beam formulation.
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Appendix 1

Al.1 Specimen and Test Setup Details

This section includes the details of the 1/3 scalee bay-one story RC frames which was
mentioned in Chapter 2. The stirrup dimension édated in Figure Al.1. A steel plate was
welded at the upper end of the column longitudirehforcement to prevent anchorage

failure of the longitudinal bars.

Zom

Figure Al.1 Stirrup and column reinforcement dstail
209



Figure Al.2 indicates the beam reinforcement detdihe stirrup spacing was 70 mm and
there was 4p4 reinforcement with spacing 100 mm parallel to thain longitudinal
reinforcement. In addition, there w@4 reinforcement with spacing 100 mm perpendicular

to the longitudinal reinforcement through the besgran

Figure Al.2 Beam reinforcement details.

The concrete was casted into the steel molds plpaslel to the ground as seen in Figure
Al1.3. Figure Al.4 indicates the RC frame after cetecasting. After curing at this position,
the frame erected with proper apparatuses withaotagjing the RC frame. The test frame
after removing the molds and before the placingsétep is indicated in Figure A1.5. Test
setup is indicated in Figure A1.6. Figure Al.7 shdke loading apparatus.
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In order to determine the mechanical propertiestid# longitudinal and transverse
reinforcement and steel members, a test setup eragracted as seen in Figure A1.8. For
each 1/3 scaled one bay-one story RC frame the anedi properties of the bars were

determined as seen in Figure Al. 9.

Figure A1.3 Molds before concrete casting

Figure Al.4 RC frame after concrete casting
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Figure A1.5 RC frame after removing the molts
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Al.2 Chevron Brace Design

The brace sections were compact as indicated imtiequAl.1 given in Table B4.1 from
AISC (2005). The following equations were perfornfed design of the HSS 30x30x2.6
brace member. The slenderngssof the brace member was 91 which was lower than t
limit suggested by the TS 648 (1980) (the limi2%0).

A, = 112\/% (AL.1)

=32

>

p

b_30-26-26_,, &
t 2.6

f—r|c-

<A, - sectioniscompact

Where,

E: Modulus of Elasticity=206182 MPa from TS 648 (098
Fy: Nominal yield limit=235 MPa from TS 648 (1980)

b: brace member width from inner face to inner face

t: brace thickness, mm

The weld length was 60 mm between brace and gpéset Minimum weld yield strength
was 520 MPa.

Check brace-gusset plate weld:

#R,, = 075x(06x520)x (0707xt,,)x (4x 60) (A1.3)
#R, = 397 xtw
Pbt = F'zy x Agb x I:y (A14)

R, = 14x262x 235
R, = 86198\ = 862kN

#R, =Ry — 1, =3mm

Where,
R.: Weld strength
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tu. fillet weld thickness
Py Brace tension strength
R over-strength factor

Agp: brace area

Brace wall rupture at weld:

R, = 86.2kN

®R, = 075%(0.6x F,)x(A,) (A1.5)
#R,, = 075x(0.6x363)x (4x60x 2.6)=1019kN

oR, > R ...0k
Where,
F.: tensile strength from TS 648 (1980)

A, net area subjected to shear

Compression capacity of the brace member:

The compression capacity of the brace member caoalmilated by using the equation
suggested by the AISC (2005). The brace lengthtalen as 993 mm as indicated in Figure
A1.10 and the effective length factor, k, was assdims 1 which is the pin-pin connection
case. The nominal yield and ultimate strength eflhace members was taken as 235 and

363 MPa with respect to TS648 (1980), respectively.

Figure A1.10 Chevron brace length
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k=1
¢Pbc =09x Fcr x Agb

PRy = Fy x Ayp
m™E
et

Fy
A< 4.71/E or F,>044xF, - F, =(0658% |F,
Fy

A> 471 /FE or F, < 044xF, - F, =[0.877F,

y

Where,

Fe: elastic critical buckling
A: slenderness ratio

F.: critical stress

Pye: compression capacity of the brace member

E: Modulus of Elasticity=206182 MPa from TS 648 (098
Fy: Nominal yield limit=235 MPa from TS 648 (1980)

For brace HSS 30x30x2.6:

_ 7 x206182_

Fe="""2""C=244_, 244>F,

91
471 | = =471 [20182_ 140 cam | B
F, 235 F,

235
Fy = [ 0658244]235= 157MPa

R,. =157x262= 4116kN

RC Beam design for the chevron braced frame:

(A1.6)

(AL.7)

(A1.8)

(A1.9)

(A1.10)

(A1.11)

(A1.12)

In order to design of the beam the following tweesawere assumed; at the first case, while

one brace has tension force, the other has conipne&sce and this case occurred just

before the compression brace buckles. This casdtgeim shear and bending forces on

gusset plate but no vertical force. The second e@@s® compression brace buckles and
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tension brace yields. This case causes shear,fogeadd vertical force on gusset plate. After
brace buckling, post buckling capacity of the braees assumed as 0.4 (FEMA 356, 2000)
times compression capacity of the brace. With refsfgetwo extreme case give reasons to

forces on gusset plate presented in Figure AltElfdllowing equations were needed to be
satisfied.

Beam Case 1 Case 2
L T 4 Po=41.2 kN P,=86.2 kN
/ 1\
/ ‘”""“‘\ Po=41.2 kN P,=41.2, (0.4*41.2=16.5 kN)
= = 412 kN 51.3 kN
206 kN |42 kN 43.1KN 5.2 kN
/ \ 0 kN N 1.2 kN soawn [RO5KN
14.3 kN
/ >\ v35.7kN 206 kN\ 35.7kN v747kN  82kN \
-« <«
Pt P,o® 41.2kN 86.2 kN

Figure Al.11 Gusset plate at the mid span of tlaerb@gHSS 30x30x2.6)

Case 1

s=%><5><2202 =40333nnT

M = 0102x 412 = 42kNm
41200

H = 375MPa
22(x5
M 42x10°
Umoment: E = —4033’ = 104M Pa

O peak = V104 + 3757 =1107MPa - 0 peq < 235MPa
Case 2

M =513x 0102=52kNm

o, =21390_ 466mPa
110¢
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60400 _

g, =———=549MPa

g,

moment Q

110

O pea =/ (129+ 549) + 4667 =18IMPa - 0 oy < 235MPa

a)
Case 1: Pin-Pin connection

l 60.4 kN

1400mm——
Moment diagram

Case 2: Fix-Fix connacti
l 60.4 kN

1400mm—————————-

Moment diagram

21.1 kKN.m 10.6 KN.m
b) . : .
Beam section at the mid span Beam section at {hgosu
I 1] |
Side plat Side plat u i

Mc=24.4 kN.m\Vcs750.8 kN

Mc=11.4 KN.m,V,~50.8

Figure A1.12 a) Force conditions at the beam &itace buckling, b) beam sections with
moment capacities

It was found that 5 mm thick gusset plate was ageqtor the braced frame design. The

next step was to design the side plates of the beasnder to increase the shear capacity.

The case 2 imposes the maximum shear forces (30.2okthe RC beam (Figure Al.12-a).

Hence, this vertical force should be carried by lbeam with side plates. There were two

side plates for each side face of the RC beam. fohewing equation can be used to

determine the side plate dimension. Furthermore, dilde steel plates were assumed to

increase in the moment capacity (Figure Al.12-bhe Tunbalanced force after brace

buckling applies moment force to the beam. This emnean be calculated by assuming two
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cases: the pin-pin and fix-fix end connectionstfe beam were assumed for the case 1 and
case 2, respectively. As it is seen in Figure Ahl1Be moment demands resulted from the
unbalanced force can be carried by the beam iadtaide plates. The side plates were
divided into three parts in order to simulate thetallation difficulties in existing RC
building. The shear strength of the beam with gild¢es was calculated by using Equation
Al.14.

30200 107
t. = == _t_h.=107mn? - t.. = 2mm, h..= 90mm Al1.13
P 06x235x(2xhg) hy, PP sp sp ( )
Vesp = 23] 06x f,, xtg, xhe | = 508kN (A1.14)
Where,

tsp thickness of the side plates
hsp: height of the side plate (maximum 90 mm due ap)l

Vesp Shear strength resulted from side plates (there wvo side plates)

The numbers of anchorage rods at the bottom ofctiemn and foundation (Figure 2.8)
were determined based on the estimated brace fdfcdse horizontal and vertical brace
forces are transferred from the brace to columnfanddation, respectively the numbers of

the anchorage rods can be determined from theieqaak1.15 and A1.16.

F x A x SE
NRrodxpir = ybrace brace x coséd (A1.15)
X
I:yrod Arod
F x x SF
NRodyDir = yorace Agorace xsind (Al.16)
X
I:yrod Arod
NRodxDir = % xc0s60= 345 - 4anchorageodsat thecolumn
Ox
NRodyDir = —2315;9265;61'4 xsin60= 597 - 6anchorageodsat thefoundation
Ox

where,

Nroaxpir @nd Nrogypir @re the numbers of the anchorage on the column famaddation,
respectively.Fyprace aNd Agprace are the nominal yield strength (235MPa) and csesgion
area of the brace member, respectivély,q and A, are the nominal yield strength and

cross section area (assuming 75% of the actualat@inof the anchorage rod, respectively.
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0 is the brace angle with respect to horizontal .akiee required embedment length of the
threaded anchors was taken a® 2. anchorage rod diameter). SF is the over strength

factor.

The base shear capacity estimation (braced franfeH8S 30x30x2.6):

The base shear or lateral strength of the bracedefrwas calculated by considering the
column mechanism, brace yielding and buckling. Hteral strength was determined for
two cases; before and after brace buckling. Therdatstrength of the braced frame was
determined as 60.7 and 56.4 kN for the first arabise case, respectively (Figure A1.13).
The estimated lateral strength of the braced frenare about 3 times that of reference frame

estimated as 17.6 kN as indicated in Figure 2.2.

R, = 235% 262 = 6157kN

Pyc = 41.2kN

M, = 5kNm

Vps = 4% (Mp /103) + (R, + B, )cos60 = 60.7kN - Casel
Vps = 4% (Mp /103) + (R, + 0.3R,;)cos60 = 56.4kN - Casell

Figure A1.13 Lateral strength estimation (bracedne with HSS 30x30x2.6)

Block shear rupture in gusset plate:
Equation A1.17 examines the block shear ruptunegatbe shear failure path. The details are
available in LRFD (1994).

OR, = 0(06xF, x Ay, +F, x A, ) OR $(06xF, x A, +F, xAy) (A1.17)
$=075
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Av = Ay =30x5=150mn?

Any = Ay, = 2x60x5 = 600mnT
#R, = 07506 235x 600+ 363x150) OR 0.750.6x 363x 600+ 235x150)

#R, =1043kN or 124.5kN - ¢R, =1043kN - ¢R, >R,, — ok
Where,

Ay gross area subjected to shear
Ay gross area subjected to tension
An¢ net area subjected to tension

A, net area subjected to shear

The base shear capacity estimation (braced franieH8S 40x40x3.2):

The lateral strength of the braced frame with H8$40x3x2 brace member was calculated
by considering the column mechanism, brace yielding) buckling. The lateral strength was
determined for two cases before and after brac&lingcas mentioned above and indicated
in Figure A1.14. The lateral strength of the brafrache was determined as 101.5 and 83 kN
for the first and second case, respectively (FicAkel4). The estimated lateral strength of
the braced frame was about 5 times that of referénacne (17.6 kN in Figure 2.2).

P, = 235 436 =102 5kN

P, = 82.1kN

M, = 5kNm

Vs = 4% (Mp /1.03) + (B, + Py )cos60 =101.5kN - Casel
Vs = 4% (Mp /1.03) + (R, + 0.3P,. )cos60 = 83kN — Casell

Figure Al.14 Lateral strength estimation (bracednie with HSS 40x40x3.2)
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The base shear capacity estimation (braced fratteSteel Plate 30x5):

The lateral strength of the braced frame with spéete 30x5 brace member was calculated
by considering the column mechanism, brace yieldind buckling. The lateral strength of
the braced frame was determined as 56.7 kN fors#wond case (Figure Al.15). The
estimated lateral strength of the braced frameabasit 3 times that of reference frame (17.6
kN in Figure 2.2).

P,y =235x300 = 70.5kN

P,c < 0.1kN

M, =5kNm

Vs = 4% (Mp /1.03) + (B, + 0.3P,; )cos60 = 56.7kN - Casell

Figure A1.15 Lateral strength estimation (bracednie with Steel Palte 30x5)

Figure A1.16 Pictures of the coupon tests (frortlefight HSS70x70x3, HSS 80x80x4, I-
80 web, 1-80 flange, 1-120 web, 1-120 flange, |-146b, I-140 flange$12)
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Figure A1.16 shows the pictures of the coupon®test order to determine the mechanical

propertied of the steel members.
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Appendix 2

This section includes the details of the ¥z scahedet bay-two story RC frames which was

mentioned in Chapter 3.
A2.1 Chevron Brace Design

The brace section was compact as indicated in Eoqu#t2.1 given in Table B4.1 from
AISC (2005).

A, = 112\/% (A2.1)

=32

>

p

?=M=15.5 (A2.2)

r—'-lc'

<A, - sectioniscompact

Where,

E: Modulus of Elasticity=206182 MPa from TS 648 (098
Fy: Nominal yield limit=235 MPa from TS 648 (1980)

b: brace member width from inner face to inner face

t: brace thickness, mm

150 mm weld length was used between brace andtqulase. Minimum weld yield strength
was 520 MPa.

Check brace-gusset plate weld:

®R,, = 0.75% (0.6x520)x (0.707xt,,)x (4x150) (A2.3)
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OR, =99262xtw
Pbt = F'zy x Agb x I:y (A24)
R, =15x1000x 235

R, =35300(N = 35%N

$R, =R, - t, =5mm

Where,

R.: Weld strength

tw. fillet weld thickness

Py Brace tension strength
R over-strength factor

Agp: brace area

Brace wall rupture at weld:

R = 35%N

oR, = 075%(0.6x F,)x(A,) (A2.5)
®R,, = 075% (0.6x 363 x (4 x150% 4) = 392040 = 394N

oR, > R ...0k
Where,
F.: tensile strength from TS 648 (1980)

A.. net area subjected to shear

Gusset plate size and compression check:

The gusset plate dimensions are indicated in FigiZré. Brace axial load is resisted by the
Whitmore section on the gusset plate (Whitmore 2)9AISC (2005) defines this section as
“Whitmore section],, is determined at the end of the joint by spregdive force from the
start of the 30 degree to each side in the commeetfiement along the line of force” (Figure
A2.2). Equation A2.6 gives tension capacity of glusset plate at the Whitmore section. This
capacity should be larger than brace tension cgpé) (Table A2.1).
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a) G1: Gusset plate

b) G2: Gusset plate at the nsgar
the bottom of th

of the beam (1. story)

columr

L st
L;=29 mm % /] /7 /7
L;=271 mm 3 /6 JE /4
L,=506 mm é/ F Fo/g
Lawe=268.7 mm

L;=182 mm
L,=216 mm
Ls=246 mm
Lae=214.7 mm

c) G3: Gusset plate at 1

d) G4: Gusset plate at the magar
joint of RC framu

of the beam (2. story)

L;=49 mm : _tomm
L,=307 mm /Y
L;=353 mm (S 55 ég
Lae=236 mm r

L;=103 mm
L,=151 mm
/ ;=188 mm
—— Lae=147 mm

Figure A2.1 Gusset plate dimensions

Bolted join Weldec joint

Figure A2.2 lllustration of the width of the Whitmeosection (adopted from AISC, 2005)
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R, =35%N
0Py = 0.9%(Fy Jx(Ag) (A2.6)
0P,y = 0.9x(235)x(200x10) = 42N

c|)Pgtl >R, - ok

Where,

¢Pgyi: Gusset plate capacity,

Agw: gusset plate area at the Whitmore length

lw: Whitmore length

i=1; gusset plate at the bottom of the column (Fégh2.1-a), i=2; gusset plate at the mid-

span of the beam of the first story (Figure A2.1ib3; gusset plate at the joint of the first

story (Figure A2.1-c), i=4; gusset plate at the #spén of the beam of the second story
(Figure A2.1-d).

Table A2.1 Tension check of the gusset plate

Gusset Plate I PP g (KN) P (KN) Validation

P gt 200 423 353 ¢Pg>Py -0k
Py 196 415 353 @Pgy >Py -0k
Py 233 493 353 PPy >Py -0k
Pgu 199 421 353 PPy >Py -0k

Gusset plate compression capacity check:

First of all, the brace compression capacity isdedeto be calculated. Two distinct brace
lengths (Figure A2.3) were assumed, first is froorkapoint to work point brace length,,
other was actual brace lengtig,). Effective length factork, was assumed as 1 for brace
members. Brace compression capacity can be cadufedm equations (Equations A2.7 to
A2.12) suggested by the AISC (2005). The calculagil load capacity of the brace

member considering different brace length for estony was summarized in Table A2.2.
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2102"1
_— o ]
1 -
/‘”‘”6‘1‘ : L

Brace Location | lp; (mm) Ip2 (Mm)
2. story 1634 835
1. Story 2102 1219

Figure A2.3 Interior span of the braced frame.

k=1
oP. = 09x F,, x Agp

Fy

A< 4.71/E or F, > 044xF, - F, =|0.658" |F,
Fy

A> 471 /FE or F, < 044xF, - F, =[0.877F,

y

For first story andl;

Foo JLX206182_o)) a0y F,

79.2?
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(A2.10)

(A2.11)



4715 = 47122282140 p<a7i|E
F, 235 F,

235
F., = [0.658324]235= 1735MPa (A2.12)
R, =1739x1000=1735kN
Where,
Fe elastic critical buckling
A: slenderness ratio
F.: critical stress
Pye: compression capacity of the brace member
Table A2.2 Brace compression capacity
Location A Poc (KN)
lo1 61.6 195.6
2. story
b2 31.5 224.0
lo1 79.2 173.5
1. story
b2 45.9 212.2
Table A2.3 Gusset plate compression capacity
i I P4 (KN
Gusset Plate  9usset heigth w gc (KN) P .. (kN)
I
Pt 2 271 200 1620 281 101 2122
I, 269 1648 286 103
I
P g2 2 216 198 2525 438 158 2122
I, 215 2555 444 160
I
P s 2 307 233 1471 255 92 224.0
I, 236 2489 432 156
I
P gos 2 151 199 452 387 276 224 0
I 147 453 390 283

231



The compression capacity of the gusset plate sHmilldrger than that of brace member in
order to provide stable brace behavior. Compress@apacity of the gusset plate was
calculated at the area enclosed by width of Whigmsection and height of this width
(Thornton, 1984). There are two definitions aboeight of the Whitmore section to
calculate the gusset plate compression capacity. dfie is length at the direction of the
brace member from brace edge to boundary of theegydate I in Figure A2.1-a). The
other is average length) of thel,, I, andl;. Effective length factork,, for gusset plate was

a research issue. Here, three diffedgn®.5 (gusset plate is supported on both edge LRFD
(1994), 1.2 (gusset plate is supported on one e&fD, 1994) and 2 (fix-free connection
type) were used and the calculated gusset platgremsion capacity by using Equation
A2.9 and A2.10 is given in Table A2.3. This tabiditates that the compression capacity of
the gusset plates is higher than that of brace rasntor k factor of 2 and 1.2. It was
observed from the Chapter 2 that the yield stregtthe HSS members were higher than
their nominal yield strength used in Equations @@ 2.10. Hence, the gusset plates were
strengthened by using stiffener to prevent buckliftge stiffener welded to the gusset plate
is exhibited in Figure 3.9 to 11. At the bottomtlbé column, three stiffener plates for each
side were welded to the gusset plate with consgevatanner (Figure 3.9). The stiffeners
were welded to gusset plate with considering locatf anchors used for connection

between RC frame and steel members.

Block shear rupture in gusset plate:
Equation A2.13 examines the block shear rupturegatbe shear failure path. The details are
available in LRFD (1994).

OR, =0(06xF, x Ay, +F, x A, ) OR ¢(06xF, x A, +F, xAy) (A2.13)
6 =075

Av = Ay = 70x10=700mn?

Ay, = Ay, = 2x150x10=3000mn?

®R, = 0.750.6 x 235x 3000+ 363x 700) OR 0.750.6 x 363x 3000+ 235x 700)

0R, =50&N or 613kN - ¢R, =50&N - ¢R, >R, — ok

Where,
Ay gross area subjected to shear
Ay gross area subjected to tension

An¢ net area subjected to tension
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A, net area subjected to shear

The connection between gusset plate and boundenyeglts was performed in light of the
Uniform Force Method. LRFD (1994) defines this noetlas “The essence of the Uniform
Force Method is to select the geometry of the cotimre so that moments do not exist on the
three connection interfaces; i.e., gusset-to-bearsset-to-column, and beam-to-column. In
the absence of moment, these connections may thatesigned for shear and/or tension
only, hence the origin of the name Uniform Forcetinde.”

Vub

Hy=Huc+ Hup
VLJ:VLJC+ Vut

Figure A2.4 Uniform Force Method

(A2.14)
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r=Jlare ) +@ra)

(A3)1
Assumef3 =[3 in order to prevent moment on the gusset to beamaection
a=K+ f&tane
K =g tanB e, (AB)1
M, =Vub(0( - &J (A2.17)
Assumeq =a in order to prevent moment on the gusset to colaommection
a-K
= A2.18
B tan® ( )
M uc — Huc(B - Bj (A219)
400 kN
400 kN
Gl G3
22kN ’ 76 kN
380kN 268 kN
Slommg
D 8KNmM
101kN BIKN | 1
Figure A2.5 Forces on the gusset plate
For gusset G1:

As seen in Figure A2.5 the axial load capacityhef brace member was assumed 400 kN.

This is because although the nominal yield stregithe brace member was 235 MPa, the
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expected yield strength was assumed between 35040 Furthermore, it was desired a
safe anchorage rod design due to un-predictive rmahtstrength of the HSS members.

Number of the anchorage was calculated with respectertical and horizontal force

determined as 380 and 22 kN in Figure A2.5, respsgt

22000

o =—=41MPa
Hue ™ 5o5(
380000
= =72MPa
Vue ™ gag(

Ope=VA41% +722 =73MPa - 0, <2353VPa

Opup = %2(00: 4IMPa - oy, < 235MPa

Use 10 mm diameter anchorage rod (ar¢@Z5r)’=44.2, r: radius of diameter of the
anchorage rod (5 mm)) and the yield strength of tbd was 900 MPa (Figure A2.9 and

Table A2.4). To calculate the area of the anchoradethe diameter was assumed as 75% of

the real anchorage rod diameter. For 18 anchote r

o __22000
Huc ™ 18x 442

Ovyye = 380000 _ 477MPa
18x44.2

= 27.7MPa

Oave =N 2777 + 477% =478MPa - 0,,,<900MPa - OK

Use 5 mm thick weld:

O e = 075%(0.6x520)x (0.707%5) = 827MPa — Gyyiq > Oaye — OK

For gusset G3:
Figure A2.5 indicates forces acts on the gussét¢ por each edge of the plate the following

equations are satisfied. Number of the anchoragecakrulated with respect to vertical and

horizontal force given as 268 and 76 kN in Figu&5\ respectively.

=22 19MPa
Hue ™ 397(
268000
= 2% 67MPa
Vue ™ 397¢
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O = V19% +67° =69MPa - 0,4, < 235MPa

81000
o =—=27MPa
Hub ™ "310c
101000
Oy = =33MPa
Vb T 310(

S =%><10><3102 =160000nnT

M 8000000
Omoment="g" = J5000( _ 2oMT A

oo = %(J(sm 33 + 272 +/(33-50)° + 272) =70MPa - 0, < 235MPa
O peak =V (33+50)° +27% =92MPa - 0 oy < 235MPa

Use 10 mm diameter anchorage rod (arga¥5r)° =44.2, r: radius of diameter of the

anchorage rod (5 mm)) and the yield strength of tbd was 900 MPa. For 14 anchorage

rods:
Oue = 268000 _ 4 2avipa
14x 442
Ovye = _r6000 _ 1 55empa
14x 442
O ave = V433 +1228% = 450MPa - 0,4, < 900MPa - OK

Use 5 mm thick weld:

Opeig = 075%(0.6x520)x (0.707%5) = 827MPa - Gyiq > Oaye — OK

Forces on the gusset plates at the mid-span dfg¢hm are indicated in Figure A2.6. G2 and
G4 represent the gusset plates at the first andndestory, respectively. For a realistic
approach the expected yield strength was assung&s0ddPa (This was about 1.5x235 MPa
where 1.5 was the over-strength factor) for braeentrer. Along with considering 350 MPa
yield strength for brace member and brace ledgth(Figure A2.3), the calculated buckling
capacity of the braces were 301 kN and 326 kNHerfirst and second story, respectively.
There are two extreme cases for the gusset plaeection as mention Appendix 1. At the
first case, while one brace has tension forceother has compression force and this case
occurred just before the compression brace bucklethe second case, compression brace

buckles and tension brace vyields. After brace bogklpost buckling capacity of the brace
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was assumed as 0.5 times compression capacityedbrce (Although the post buckling
capacity ratio is suggested as 0.3 in the LRFD 4),98 was calculated as 0.5 from the
ASCE/SEI 41 (2007) documentation). With respectwo extreme case give reasons to
forces on gusset plate presented in Figure A2eéfdhowing equations were needed to be

satisfied.
G2 Case 1l Case 2
. Ppe= 301 kN Ppe= 350 kN
N Pp= 301 kN Pyi= 0.5x301 kN

/ 186N +— 154N
M\lm 16.&
19¢V

g A/ 106 A/ 147N
/ \ 301\ |2geN 15¢N
P ; ’286"“ 333N
bt Poc 93N & 46N <

301 35Ck
G4 Case 1l Case 2
— Py,.= 326 kN Py.= 350 kN
// \\ § Pbt: 326 kN Pb'(: 05X326 kN

g v 254N e— 201N

) Y 'Z\Skﬁ 22.11
/ \\ 72kN
> —kN /_\/ 137N /\/ KN
127 ; o & 15

326\ |30¢ 162
322N

Poc OCkN 127N 64N

326 350N

Figure A2.6 Gusset plate at the mid span of thenh&8; at the first story and G4; at the
second story

For gusset plate G2:

Case 1

s=%><10><4042 =272000nnT
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M =186x 011= 2035kNm

o = 186000_ ,svPa
404(
M 20350000
bor == - SO 748MPa
moment™ g = 27200(

Opeak = 46” + 748% = 878MPa O peak < 239MPa

Case 2

M =154x 011=169kNm

1540?0= 381MPa

oy =

O -190000-47MPa
VT 404

_ M _16900000_

Omoment™ o — - P

O peak = J(62+47) + 3812 =1189vIPa — O peak < 235MPa
Use 5mm thick weld,
Oyeig = 075% (0.6%520) % (0.707% 5) =827MPa - G > 0 peak — OK

For gusset plate G4:
Case 1

s=%><10><4202 =294000nnT

M =254x 011=28kNm

oy = 254000_ o5 90ipa
420C
M 28000000
bor = = 95MPa
moment™ g = 29400(

O peak =V 629% + 95" =114MPa - 0 e, < 235MPa

Case 2
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M =201x 011= 2211kNm

gy = 22299 4avipa
420(
o, = 172000_ 0
420(
o M _22110000 .

moment™ g~ 29400(

O o= (752+ 417 + 48 = 98MPa - 0,0y < 235MPa

Use 5 mm thick weld.

Oyeig = 075% (0.6%520)x (0.707% 5) =827MPa - G > 0 pea — OK

Connection at the beam-column RC joint:
The expected axial load of the brace was 400 kBl @etbeam-column RC joint. According
to TEC (2007), the joint strength can be calculditech Equation A2.20.

Ve =125x fyk X (Asl + Asz)_vkol (A220)
Vioint = 045xDb; xhx fgq (A2.21)
Ve <Vjoint

Where,

bi: Twice the smaller of the distances measured froenVertical centerline of a beam
framing into the beam-column joint in the earthqgidikection, to the edges of column

h: Column cross section dimension in the earthqualeetibn considered

f.e: Design compressive strength of concrete

fy. Characteristic yield strength of longitudinal feircement

As;: Total area of tension reinforcement placed on side of the beam-column joint at the
top to resist the negative beam moment

Asy: Total area of tension reinforcement placed ondther side of the beam-column joint
with respect to Asl at the bottom to resist negatigam moment

Vio: Smaller of the shear forces at above and beloyothe

Vioint = 045x150x150% 7.5=76kN < R, = 400kN
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In this study, 10x150 mm thick and width plates avemployed to enable to connect gusset
plate and RC members. Figure A2.7 indicates thenbssumn RC joint. The joint
dimension,h, was handled different from TEC (2007). The haeduarea in red was
considered the progressed joint dimension. Hemees introduced 470 mm instead of 150
mm. In addition, there were X2 anchorage rods resisted to shear force in the j&s a
result, the joint strength consisted of encloseshgred area in Figure A2.7) and shear
strength of the anchorage rods. The following dqnat were employed to provide

satisfactory design for the beam-column RC joint.

Plate 10x150mi

Anchorage Ra (¢12)

Beam longitudine
reinforcemer

< A470mn. »

Figure A2.7 RC joint for the chevron braced frame

Ve = 125x |_fyk x(Aq +Ap)+ fyks* Aplate] (A2.22)
V, = 125x[330x (100+100) + 235x150(

V, =52%N

Vioint = 045xDb; xh, x fog + Nag XV (A2.23)

Vioint = 045x150x 470 7.5+10x 40000
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Vioint = 63&N

Ve <Vjoint and Vbt <Vjoint - ok

Where,

fis Characteristic yield strength of plate

Auaie Plate area

h,: Updated column cross section dimension in ththgaake direction considered
Nar: number of anchorage rods in the joint borderethbygusset plate

Var Shear strength of the anchorage rods.

Beam design:

The RC beam at the interior span of the braceddrams constructed as compositely. The
composite beam member was consisted of steel patgsored to both bottom and top of
the RC beam via anchorage rods. The composite metaisegn is given in Chapter 3. The
steel plates top and bottom of the RC beam incdetis® moment capacity of the RC beam
significantly. The moment capacity of the compodieam (with considering nominal
material strength) was determined as 74 kNm. Furtbee, the anchorage rods were
assumed to carry shear stress (neglecting theilsotmdn of the beam section and stirrups).
The shear force carrying capacity of the compobgam can be determined by using
equation suggested by the TS 500 (2000) (Equatih@4). With respect to this equation the
beam shear capacity was determined as 342 kN.nltbeaseen in Figure A2.8 that the

composite beam can carry the moment and shear deafi@n brace buckling safely.

x f
B Viel T (A2.24)

shearcapaity S
Where,
Asy: Total area of the transverse reinforcement (2sigrea of the anchorage rods)
fowd Yield strength of the transverse reinforcemergldystrength of the anchorage rod, Table
A2.5)
s stirrup spacing (there were 16 layer anchorags o 1150 mm beam span herscis
determined as 72 mm (1150/16))
d: beam depth (180 mm for beams)
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/Steel Plat (10mm
- f

M= 74 KN.m N 200mm
Vc: 342 kN : o “‘ — Anchorage ROd
t
Steel Plat  10mm’
85 kN

Shear Force

[T /7]

1/
85 kN

Moment

61.8 kN.n

Figure A2.8 a) Force conditions at the beam aftacd buckling, b) beam sections with
moment capacities

A2.2 ISF Design

Shear stress check at the composite beam and column

The nominal moment capacity of the composite beas B8 and 58 kNm with respect to
strain at the extreme fiber of the top of the be@he clear span, from flange to flange of the
IPE200, was 750 mm. Maximum shear stress occurteghwhe beam reaches its plastic
moment capacity. The shear demand was assumedrésibed by the beam section, stirrup
and anchorage rods. Equation A2.25 was adopted thierifS 500 (2000) for the composite

beam member.
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53+58 — 207N

Vshearforce: 14x

Above, 1.4 was used to include a safety factor.

X x f
Venearcapaity =[Aafs—faf } + {Md} +08x 065x fyxb, xd (A2.25)
ar ar stirrupt
207000= {&8400180} + {25x 270180} +08x 065 (035/75)x150x180
Sar ar 100 stirrupt
181302=| 2X08490 g, o 24624000 ' ;558 o —135mm
Sy N 181392
Vshearcapaity >Vshearforce - ok

Where f.q; tension strength of the concrefg,; area of the anchorage rdg; yield strength

of the anchorage rod,; anchorage rod spacing,,, area of the stirrud,,q yield strength

of the stirrup,s; stirrup spacing (100 mmyl; beam depth (180 mm for beamb); beam
width.

The calculated space of the anchorage rods wasnb3%or composite beam. This spacing
can be seen in Figure 3.16. Based on this desigtegy the composite beam was desired to
perform ductile.

The nominal moment capacity of the composite coluvas 60 and 72 kNm with respect to
strain at the extreme fiber of the top of the be@he clear span of the composite column
was 1900 mm. Maximum shear stress occurred wheodluenn reaches its plastic moment

capacity. The web of the IPE200 resisted to thimskdemand by using Equation A2.26.

72+ 60

V, =14 =972kN

shearforce™

st xVipe200 (A2.26)

ipe200 \/§

=200x (0.6 x 235x 56) = 158N

Vshearcapaity = I”\peZOO

Vshearcapaity

V. >V, - ok

shearcapaity shearforce

Where, hipe206 height of the IPE20Qt,e206 Web thickness of the IPE208,e206 Nominal
yield strength of the IPE200 al’jﬂ\/é was assumed as 0.6.
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Further design for the | SF

Local buckling (AISC, 2005):
Flange:

b _50_ 588
t; 85

Ap=038|E = 03&/ 200000_,, 4
f, 235

Ap>588 - ok

Web:

h 18355y
t, 56

Ap=376 | = 376/ 220000 199
f, 235

Ap>327 - ok

Lateral torsional buckling:

Ap=176xi, x E . 176x 22.4><1{ 200000=115(}nm
fy 235

Ap <1830mm - inelasticateraltorsionabuckling

9152

Mp = [100>< 8.5x9575+

S, =194000n°
J = 701x10*m®

bf 100

X S.GJ x2x235=49.27kNm

49.27kNm
24.6kNm

24.6kNm

ls =

1 hxt, | yox[1s 1200%56
\/12"{1+6bf <t J \/ 6 100x 85

3
r :\/}{zxs.sxlocﬁ + 1 x305x56
ts 850+30.5% 5.6

_ 12.5x49.2
2.5%x48.2+3%246+0+3%24.6

Cy

=226 ¢, =2

49 27KNmr

E Jxc
Lr =195xrtsx 1+,/1+ 67
0.7xFy Y Sxxho

0.7x fy » Sxxho)’
Jc

(A2.27)

(A2.28)

(A2.29)

(A2.30)

(A2.31)

(82)

(A2.33)

(A2.34)



0.7x 235>< 194E3x1915

Lr = 195%26.35%

2E6 / 701E4 1+ 1+ 67
0.7x235Y194E3x1915
Lr =4297mm

L =1830mm,Lp =1150mmLr =4297mm
Lp<L<Lr - inelasticlateraltorsionabuckling

Mn=ct{Mp—(Mp—0.7>< fy><S>{ D<Mp

Lb-Lp
Lr—Lp

Mn = {49.27E6 - (49.27E6-0.7x 235><194E3)(

Mn = 91kNm< 4927kNm - ok

Material

j

2E6 701E4

(A2.35)

1880-1150 <
4297-1150

The mechanical properties of the steel members msBdD test were given in Table A2.4.

The vyield strength of the steel members was detextnby conducting uniaxial tension tests
according to ASTM E8 (2004). Figure A2.9 indicathe stress strain response of the steel
members. The yield strength of the anchorage b3, $10 andd8, was assumed as 1075,
900 MPa, respectively and they are shown in Fig®. As expected in the design section,
the yield strength of the HSS-70 section was fotmde higher yield strength than its
nominal strength suggested in TS 648 (1980). Tleddystrength of the HSS-70 was 350
MPa and the over strength factor was about 1.40/235%). In the design the over strength
factor was also used as 1.5. As a result, at le&sthould be used as an over strength factor

for chevron brace retrofitting. Figure A2.10 sha¥ws pictures of the coupon tests.

Table A2.4 Mechanical properties of the steel mesibsed in PsD tests

Steel Members Yield Strength (Mpa)

Ultimate StrengthMax. Elongation (%)

Brace Member (HSS-70x70x* 350 382 31
Gusset Plate, t=10 m* 265 429 33
1-200 Flangé® 310 463 24
1-200 Web? 360 495 30
Plate, (t=7 mm? 315 437 28
912123 1075 1136 24
$10+%3 900 1008 25
08 >° 900 1008 25

1: Chevron brace frame, 2: ISF, 3: Anchorage roé diameter of the threaded anchorage rods was asdsas

0.75 times that of real diameter of the anchorage r
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Figure A2. 9 Stress strain response of the stemibees used for PsD tests

Figure A2.10 Pictures of the coupon specimens
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M easurements of the PsD tests

Figure A2.11 and A2.18 shows the location of therimentation of the load-cell, LVDTs
and strain gages for the chevron braced frame @Rdrespectively. The channel numbers of
the instrumentation with abbreviate of “C” is aldwwn in these figures. Moreover the time
intervals which was 10, 20, 30 and 40 represergs5th 100, 140 and 180% Duzce test,
respectively. Figures A2.12 to A2.23 show the dispments and strains monitored during
the tests. Figure A2.12 and A2.19 show that thees wo movement at the interior
foundation. Figure A2.13 indicates the axial displaents at the first and second story brace
members. It can be seen in Figure A2.11-b that &Hehgth which consisted of both
sections with plate and without plate was measuidule the brace member with increased
area with plates was elastic it may be plastic betwthe increased brace area. Figure A2.14
shows the uplift of the gusset plate monitoredadtam of the interior columns C2 and C3.
This uplift was measured with LVDTSs located on Hase plate 2 (Figure A2.11 and Figure
3.9). Figure A2.15 shows the brace strains mordt@ethe first story braces. As seen in
Figure A2.11 that there were three strain gagab@mid-length of the brace members. Two
of the three strain gages were mutually opposiessin order to obtain the brace buckling
and brace deformations. The brace buckling canebermiined when the strain gages starts
to measure opposite strains under compressiomstagi seen in Figure A2.16. Figure A2.17
shows the out off plane displacements monitoreddiyg LVDTSs. This figure indicates that
using stiffeners on the gusset plates was foundetmecessary in order to prevent gusset
plate buckling prior to occurrence of brace buaklin

Figure A2.20 shows the uplift of the base platé-igfre A2.18 and Figure 3.16). The steel
plates added both top and bottom of the RC beamma@stored by using strain gages
(Figure A2.21). Restricted space due to anchoragds, the gages were bonded on the top
surface of the steel plates (Figure A2.18). Figk222 and 23 show the strains monitored

for the bottom and top of the composite columnspeetively.
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Figure A2.12 Measurement at the foundation forcievron braced frame
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Figure A2.14 Gusset plate uplift
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Figure A2.15 Strain gage measurements on thestinsy brace members
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Duzce test

O B N W

Displacement (mm)

2
3 —C31  ——Cs¢

0 10 20 30 Time (sec. 40

Figure A2.17 Gusset plate out off plane deformation
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Figure A2.21 Strains on the steel plate of the cmsitp beam
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Figure A2.23 Strains at the top of the first stooynposite column (on the I-section)
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