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ABSTRACT

EFFECTS OF VERTICAL EXCITATION ON SEISMIC PERFORMANCE OF
HIGHWAY BRIDGES AND HOLD-DOWN DEVICE REQUIREMENT

Domani¢, Kemal Arman
M.S., Department of Civil Engineering
Supervisor: Assist. Prof. Dr. Alp Caner

January 2008, 152 pages

Most bridge specifications ignore the contribution of wvertical motion in earthquake
analyses. However, vertical excitation can develop significant damage, especially at bearing
locations as indeed was the case in the recent 1999 Izmit Earthquake. These observations,
combined with recent developments in the same direction, supplied the motivation to
investigate the effects of vertical component of strong ground motion on standard highway
bridges in this study. Reliability checks of hold-down device requirements per AASHTO
Bridge Specifications have been conducted in this context. Six spectrum compatible
accelerograms were generated and time history analyses were performed to observe the
uplift at bearings. Selected case studies included precast pre-stressed I-girders with concrete
slab, composite steel I-girders, post-tensioned concrete box section, and composite double
steel box section. According to AASHTO specifications, hold-down devices were required
in two cases, for which actual forces obtained from time history analyses have been
compared with those suggested per AASHTO. The only non-linearity introduced to the
analyses was at the bearing level. A discussion of effects on substructure response as well
as compressive bearing forces resulting from vertical excitation is also included. The results
of the study confirmed that the provisions of AASHTO governing hold-down devices are
essential and reasonably accurate. On the other hand, they might be interpreted as well to be
suggesting that vertical ground motion components could also be included in the load
combinations supplied by AASHTO, especially to be able to estimate pier axial forces and
cap beam moments accurately under combined vertical and horizontal excitations.

Keywords: Uplift at bearings, hold-down device, vertical excitation, spectrum compatible
accelerogram, dynamic analysis
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DUSEY DEPREM HAREKETININ KARAYOLU KOPRULERININ DEPREM
PERFORMANSI UZERINDEKI ETKILERI VE DUSEY KiLITLEME AYGITI
GEREKSINIMI

Domani¢, Kemal Arman
Yiiksek Lisans, Ingaat Miihendisligi Boliimii

Tez Yoneticisi: Yar. Do¢. Dr. Alp Caner

Ocak 2008, 152 sayfa

Cogu koprii tasarim sartnamesi, deprem analizlerinde diisey bilesenin etkisini gbz Oniine
almamaktadir. Fakat 1999 Izmit Depreminin de gosterdigi iizere, diisey deprem hareketi
ozellikle mesnet bolgelerinde yogunlasan ciddi hasarlar yaratabilmektedir. Bu gézlemler,
yakin tarihteki arastirmalar ile birlikte, diisey deprem yiikiiniin standart karayolu kopriileri
iizerindeki etkilerini konu alan bu caligmaya ilham kaynagi olmustur. Bu baglamda
AASHTO Koprii Sartnamesinin diisey kilitleme aygitlar ile ilgili tasarim kriterlerinin
giivenilirligi aragtirillmistir. Alti adet tasarim spektrumuna uygun deprem ivme kaydi
tiretilip, zaman tanim alaninda gergeklestirilen dinamik analizler vasitasi ile mesnet
bolgelerindeki yukar1 kalkma olgusu arastirilmistir. Secilen koprii tipleri 6ndokiim
ongermeli beton kirigli, komposit ¢elik kirisli, ardgermeli beton kutu kesitli ve komposit
celik kutu kesitli tstyapilart kapsamaktadir. AASHTO kistaslarina gore iki kopriide diisey
kilitleme aygiti gereksinimi ortaya ¢ikmistir. Zaman tanim alani sonuglar1 ile AASHTO
tasarim yiikleri karsilastirilmistir. Analizlerde dogrusal olmayan sartlar sadece mesnetlerde
g0zoniine alinmigtir. Diisey deprem hareketinin altyapi tesirleri ve mesnet basing kuvvetleri
iizerindeki etkileri de irdelenmistir. Sonuglar, AASHTO tarafindan diisey kilitleme aygitlar
konusunda saglanan kistaslarin gerekli ve yeterli hassasiyette oldugunu gostermistir. Ote
yandan bu c¢alisma, diisey deprem bileseninin AASHTO yiik kombinasyonlaria ilave
edilmesinin, o6zellikle bashik kirisi momentlerini ve ayak eksenel kuvvetlerini bilesik
deprem yiiklemesi altinda dogru tahmin edebilmek agisindan faydali olabilecegini ortaya
koymustur.

Anahtar kelimeler: Mesnetlerde diisey hareket, diisey kilitleme aygiti, diisey deprem,
spektrum uyumlu ivme kaydi, dinamik analiz
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CHAPTER 1

INTRODUCTION

Recent developments in computer technology have made it possible for engineers to
simulate the effects of strong ground motions in more detailed and realistic ways. The well
known Time-History Analysis method serves this purpose, as one can apply time dependent
excitations in any direction and combination to the structure. More and more sophisticated
models incorporating considerable degrees of material and geometrical nonlinearities are
allowed in carrying out these dynamical analyses, the outputs of which are time dependent

responses of the system.

Yet, time and storage space required for such an analysis can be still excessive in most
cases, especially if the structure to be analyzed is of a very high degree of freedom (DOF)
with considerable nonlinearity. Additionally, such an application requires collection of
appropriate strong ground motion records. As a remedy for these difficulties, Response
Spectrum Analysis is recommended by almost all of current guidelines and specifications,

making it into a most preferred method in engineering practice.

On the other hand, when analyzing bridge structures with this method, the vertical
component of ground motion is omitted in most of the cases, thus taking into account only
the horizontal contribution of the shaking. This is also the suggested approach in
specifications [2, 3] which find widespread use in Turkey.

However, site investigations after izmit Earthquake (August 17, 1999) showed that
significant bearing displacements and unseating of girders occurred in various bridges,
probably due to uplift of superstructure enforced by combined horizontal and vertical
excitation (Figure 1.1) [5, 20, 28, 29, 35].



N e .
Iy o -®
LTI T LA

(a) Transverse movement of
bearing

(d) Extensive bearing damage (e) Dislodging of bearing

Figure 1.1: Various damages at bearing locations observed in Sakarya Viaduct after 1999
[zmit Earthquake [5, 20, 28, 29, 35]

One of the conclusions from these investigations was that a bearing, shown in Figure 1.1

(d), was unseated and had even fallen to ground during the same earthquake.

Insufficiency of support lengths and the resulting unseating of girders were also observed
after 1994 Northridge, 1995 Kobe and 1999 Chi-Chi Earthquakes [13, 17, 23, 35]. Findings
in [24] also verified these observations, underlining that bearing damages can play major
roles in unseating failures. It is also noted that, additional collapse mechanisms may occur

due to effects of vertical excitation on axial, shear and flexural responses [10, 30].



Moreover, recent studies emphasized that vertical ground motions may have considerable
effects on major responses, such as amplification and even reversal of deck moments [18],
as well as significant alteration of pier axial forces in bridges close to the fault within a
distance of 10-20 km [11].

All these observations and findings question the importance of both vertical strong ground
motion component and hold-down devices (vertical restrainers), which prevents the uplift
of superstructure during earthquake.

Therefore, and possibly as a complement to the widespread approach of response spectrum
analysis, the objective of this study is to investigate the effects of vertical excitation on
most common types of highway bridges. In this context, examination of the current rules
set by Association of State Highway and Transportation Officials (AASHTO) Bridge
Specifications related to the design of hold-down devices is among main considerations of

this study.

To achieve this, four bridge models have been investigated using a general structural
analyses program, “LARSA 4D V7.0”, where the necessity of designing the hold-down
devices according to the provisions of AASHTO showed up in two cases. Selected case
studies included common superstructure types used in standard highway bridges; pre-
stressed I-girders with concrete slab, composite steel I-girders, concrete box section, and

composite double steel box section.

Six earthquake records, each consisting of three spectrum compatible orthogonal
excitations (two in horizontal and one in vertical directions), were generated using a
modified version of freeware program “RSCA” and applied to the structures via linear and

nonlinear time-history analyses.

The results of time-history analyses have been compared with those of response spectrum
computations and five different peak value combinations, of which three includes responses
due to vertical excitation as well. A discussion of compressive axial forces in bearings,

substructure responses and girder seat width requirements is also included.



CHAPTER 2

SPECTRUM COMPATIBLE ACCELEROGRAMS

In this chapter, brief information will be provided about the process of constructing
spectrum compatible time-history records, which was an essential tool to carry out this
study. To achieve a better understanding of the subject, a review which covers fundamental

concepts of earthquake engineering is provided in following sections.

2.1 RESPONSE SPECTRUM CONCEPT

First introduced in 1932 by M.A. Biot, response spectrum is now a central concept in
earthquake engineering. It summarizes the maximum responses of all possible linear SDOF
systems to a particular component of ground motion. A plot of the peak value of a response
quantity as a function of natural vibration period T, of the system, or a related parameter
such as circular frequency w,, or cyclic frequency f,, is called the response spectrum for that
quantity [14]. The most used type to represent a strong ground motion component is the
pseudo acceleration response spectrum. To understand this concept better, it will be helpful

to recall the basics of structural dynamics.

The equation of motion for any single degree of freedom (SDOF) system (Figure 2.1)

subjected to an earthquake excitation can be expressed as [14];

mii + cu + ku = —mii, (t) (2.1)

where m is mass, ¢ is viscous damping coefficient and k is stiffness of the system.



Figure 2.1: SDOF system subjected to earthquake excitation

Introducing the concept of equivalent static force, fg, at any time instant t, the external
static force that will produce the same deformation u determined by dynamic analysis can
be expressed as;

fs(@®) = ku(t) (2.2)

From dynamics, circular frequency, w,,, is defined as;

o, = & (2.3)

Thus the equivalent static force, fg, can be expressed in an alternative way;

fs(t) = mA(t) (2.4)

Where A(t) is defined as pseudo-static acceleration of the system at any time instant ¢;

A(t) = w,*u(t) (2.5)



The pseudo-static acceleration response spectrum is basically the plot of peak pseudo-
static acceleration,4, as a function of natural vibration period, T, or natural vibration
frequency, f,, of the SDOF system [14], where;

T =1/f, = 271\/% (2.6)

Figure 2.2 illustrates this concept.
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Figure 2.2: (a) accelerogram; (b) resultant pseudo-static acceleration spectrum

There are several numerical methods to solve Equation (2.1) for a SDOF system, where
ground acceleration varies arbitrarily with time. In this thesis, central difference method
was used to compute pseudo-acceleration response spectra of earthquake records. All of the
expressions given below exist in the relevant reference [14].

Taking constant time steps through solution;

U —Ui_

0 U —2u;Fu;_y
(an°*

(2.8)



These are the central difference expressions for velocity and acceleration. Substituting these

terms into Equation (2.1), equation of motion becomes;

Uipg —2UHY g U —U
(At)z 2At

=1 kuy = —mily (&) (2.9)

Assuming u;and u;_;are known;

m C . m C 2m

— + 51z - Uir1 = —mil, (t;) — [— ——] Ui — [k - —] u; (2.10)

[(At)z ZAt] o g @ay? 28t (At)?

Rearranging Equation (2.10);

E-ui+1 =D (2.11)

where;

~ m C

k=——+55 (2.12)
.. m C 2m

PO Y W 1 .
g ay? 28t (At

This process is an explicit method, because the solution of u; . at time i + 1 is determined

from the equilibrium condition at instant i using Equation (2.11).

To begin with, one must know the initial conditions, u, and u_;. Using central difference

expressions in Equation (2.7) and Equation (2.8), these terms are calculated as;

S |

u—2upn+u
flg=——0_ =1 (2.15)
2
(Av)



Solving Equation (2.14) for u4, and substituting into Equation (2.15) gives;

2
U_1=Ug — At(uo) + (Azt) 'ilO (216)

Once initial conditions uy, 1y and i, are known, displacements u; can be obtained for
successive time steps. For a system just subjected to strong ground motion, initial
displacement and velocity are zero, whereas initial acceleration is equal to that of applied

excitation.

Care must be to satisfy the stability condition;

Otherwise meaningless values will be obtained due to numerical round-off. Thus this

method is a conditionally stable one.

2.2 DESIGN RESPONSE SPECTRUM CONCEPT

As briefly discussed in Section 2.1, the information supplied by response spectrum reflects
the characteristics of the individual excitation. However, design or seismic evaluation of
structures must be carried out in a comprehensive and systematic approach, which should
consider the effects of future earthquakes [14]. To serve for this purpose, codes and
specifications provide engineers with simple site specific tools to represent the effects of
probable future strong ground motions, using the data obtained from the past records. This
is the philosophy behind the concept of design response spectrum. To summarize, the
design response spectrum is based on statistical analysis of the response spectra for the
ensemble of ground motions [14, 16]. The process of its construction is a highly
complicated and comprehensive matter, which is out of the scope of this thesis work.
Although the provisions of certain guidelines and specifications about this subject will be

reviewed in Section 3.1, the one used in this study is presented in Figure 2.3 [2, 3].
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Figure 2.3: Typical design acceleration response spectrum

2.3 SPECTRUM COMPATIBLE RECORDS WITHIN “RSCA” SOFTWARE

The methods that will be presented and used through this thesis work are relatively simple
but effective ones. Since a detailed study on this subject is also a branch of seismology as
well as structural engineering, it will be appropriate to emphasize that the techniques

explained and used here were chosen only to serve the practical needs of engineering.

After a literature review about this subject, the author would like to direct reader to the
relevant references [15, 21]. Although some comprehensive softwares are available for
generation of spectrum compatible accelerograms, such as “SIMQKE” (shareware, M.1.T.),
“SPECTIME” (commercial, ANCO Engineers, Inc.) and “SYNTH” (commercial,
Naumoski), a simple but freeware program called “RSCA”, released under GNU public
license by Thiele, M., was used in this study. Lucid code structure of the software made it
possible to utilize some modifications that will also include the design parameters of

engineering practice applied in Turkey.

In this section, algorithms used through “RSCA” software will be reviewed briefly.
Although almost all of the material here is taken from [32], reference [15] may be referred

as well for more information.



2.3.1 ORIGIN OF THE SOFTWARE AND MODIFICATIONS

“RSCA” software was written by Thiele, M. in 2002 using the Compaq Visual FORTRAN
Compiler 6.5 in Microsoft Developer Environment 6.0. In the field of practical civil
engineering, this freeware program is undoubtedly a valuable tool to generate modified and
synthetic spectrum compatible accelerograms. Yet the program was operating with minor
bugs, error handling routines were not present as stated in [32] due to short time limit of the
original project. Additionally, the usability seemed to be complicated for the average end
user because it included splinted routines that are many in number. The software is handled
on internet by GNU public license, thus making it a freeware program open to the use of
any engineer and developer. The author of this thesis work had some minor improvements
on the calculation routines and user interface of the software, to achieve better usability as
well as to obtain more precise results for his needs. Those and modifications made to the

software are listed as;

1) Duhamel integral routine existing in the acceleration response spectrum

calculation scheme is replaced by a central difference algorithm.

The original calculation scheme of pseudo acceleration response spectrum consisted of a
Duhamel integral algorithm written by M. Duran. The code had some minor bugs which
result in oscillations in the resultant response spectrum. This routine was replaced by a
central difference algorithm. Brief information on this method can be found in Section 2.1,
but for more [14, 15] may be referred. Modified code had improved the compatibility of
resultant accelerograms in low periods by approximately 10% (Figure 2.4).

0.0 0.5 10 15 20 25 3.0 35 0.0 0.5 10 15 20 25 30 35
T(S) T(5)

(a) Original Version (b) Modified Version

Figure 2.4: Results of original and modified codes after identical manipulations.
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2) Minor bug in target response spectrum loading routine was fixed. Chilean
Earthquake Code module was replaced by AASHTO and 1998 Turkish

Earthquake Design Code design response spectra.

A minor bug had been causing incorrect evaluation of target response spectrum. Pseudo
acceleration value T,, = 0 was reaching to infinity when custom target spectrum file was
loaded, causing numerical stability while computing spectrum compatible accelerograms.
Error was eliminated by supplying PGA value at Tn = 0. Additionally, “Chilean Earthquake
Code” design spectrum module was replaced by introducing provisions of AASHTO [2, 3]
and 1998 Turkish Earthquake Design Code to extend the usability of the program in

possible future cases.

3) Error handling routines were written.

Error handling routines were not included in the original version of the software, resulting
in abrupt termination due to request of an inconvenient action, e.g. trying to scale an
accelerogram that was not yet loaded, or requesting a filtering action in case of a null target
response spectrum. Error handling loops were implemented into the code to protect user
from unexpected errors as well as to provide brief instructions about the operation

sequence.

4) User interface is simplified.

Original version of the program had contained many separate routines on the dialog box.
This advanced design could lead to difficulties and confusions for the user, so all relevant
routines were packed up and the dialog box is simplified to a version composed of one
command button for scaling of existing accelerograms, and two others for generating

synthetic accelerograms. Modified interface is shown in Figure 2.5.

11
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Figure 2.5: Input, output accelerograms and dialog windows of modified “RSCA” software
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2.3.2 SCALING OF EXISTING ACCELEROGRAMS

Within “RSCA” software, the scheme of obtaining a spectrum compatible accelerogram

involves three distinct steps [32];

1) Scalar multiplication of the acceleration amplitudes
2) An overall frequency content manipulation
3) Filtering of the unwanted responses

Scalar multiplication of the acceleration amplitudes: The response spectrum is nothing
more than the plot of peak responses due to an earthquake excitation as a function of the
natural vibration period of any linear SDOF system. Thus, multiplying the ordinates of an
existing accelerogram will yield a response spectrum that is factored by the same value.
This will result in a ground motion record having a spectrum of which pseudo acceleration

values are closer to those of target spectrum, as illustrated in Figure 2.6.

1.8 -

A(g)

Figure 2.6: Result of multiplication process

Manipulation of frequency content: The purpose of this operation is to shift the peak
response periods of input response spectrum to approximately match those of target
response spectrum. This task can be easily accomplished by simply altering the time

intervals of existing input accelerogram.

13



The ratio of resultant shift operation is of the same order with the change of time interval of
input accelerogram [32]. For instance, a change of time interval from 0.01 to 0.005 results
in a shift of response spectrum to the right by 50% (Figure 2.7). However, this procedure

was not used in this study in order to preserve original time step of the record.

A(g)

Figure 2.7: Result of the shifting process

Response Filtering: Perhaps the most complex operation involved in this compound
scaling scheme is filtering the frequency content of existing accelerogram. It is possible to
modify the earthquake excitation so that higher and/or lower response portions of the
response spectrum may be altered to fit the target response spectrum. Basically, this can be
achieved in an efficient way by changing the amplitudes of desired frequencies, after
performing a FFT (fast Fourier transformation) of the existing accelerogram. It can be
assumed that; an alteration of the amplitude of a special frequency will affect the response
of the linear SDOF system having the same natural vibration frequency by much greater

degree than the other ones [32]. The results of this operation are illustrated in Figure 2.8.

14



A(g)

Figure 2.8: Result of selective filtering process

2.3.3 GENERATION OF SYNTHETIC ACCELEROGRAMS
Two methods are available within the aforementioned “RSCA” software. Besides their
simplicity, these methods are also the frequently used ones to generate spectrum compatible

accelerograms. These are called;

4) Synthesis through sums of harmonics functions
5) Filtering of white noise

Synthesis through sums of harmonics functions: The accelerogram is derived through

the following summation [32];
v(t) = I1(t) Xl A;sinfw;t + 0;) (2.17)
where @;, w;, A; are the phase, frequency, amplitude and I(t) is the function of intensity

and duration of the earthquake excitation. Different types of intensity functions are shown

in Figure 2.9.

15



1.000

/ V\

0.000 30.000 0400 30.000

(@) (b)
)

0134 1.000

B -

30.000

0.000

(c

Figure 2.9: Different types of intensity functions in RSCA, (a) hybrid, (b) exponential, (c)
intensity function of an accelerogram

Intensity function is basically a smoothed curve of absolute amplitudes of the earthquake
accelerogram. One may prefer any suitable intensity function, to orient the shape of
resultant accelerogram for meeting the requirements. It is evident that, every target
response spectrum may not have a realizable accelerogram. So the final intensity function
of the resultant accelerogram greatly depends on the shape of target response spectrum in

some cases. References [15, 32] may be referred for more information about the subject.

Filtering of white noise: The hypothesis from which this method originates is that; source
of ground motion is a random sequence of impulses generated at some distance and
propagated to the observation point through the base medium [32]. Choosing an intensity
function that will simulate the characteristics of real accelerograms, the scaling scheme is

applied to generated white-noise, and spectrum compatible synthetic accelerogram is

obtained.
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CHAPTER 3

ANALYSIS GUIDELINE

In this chapter, the layout of this study and concerned rules set by certain specifications will
be explained. In Turkey, AASHTO Standard Bridge Specifications [2] is currently being
used as a guideline for design of highway bridges, thus its content will be emphasized.

3.1 SEISMIC PROVISIONS OF CODES
Reliability of hold-down device requirement per AASHTO Bridge Specifications is the
main concern of this study. In this sense, time-history and response spectrum analyses were

performed, making determination of earthquake characteristics of great importance.

Following sections covers information about this subject.

3.1.1 SEISMIC PERFORMANCE CATEGORIES

AASHTO Bridge Specifications classifies bridges into four groups according to
Acceleration Coefficient and Importance Classification (IC) [2].

Acceleration Coefficient Importance Classification (1C)
I 1

A <0.09 A A
0.09<A<0.19 B B
0.19<A<0.29 C C
029< A D C

Table 3.1: Seismic performance category (SPC)
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Here, acceleration coefficient is supplied by contour maps of United States, Alaska, Hawaii
and Puerto Rico given by AASHTO. However, in Turkey, a map of earthquake regions is

used for this purpose (Figure 3.1). A detailed version can be found in reference [19].
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Figure 3.1: Map of seismic zones of Turkey (1996)

Acceleration coefficient is determined according to these regions. That is; A is equal to
0.40, 0.30, 0.20 and 0.10 for regions labeled as 1, 2, 3 and 4. Consideration of earthquake

event is not mandatory for structures to be built in region 5 [26].

AASHTO Bridge Specifications states that, important classification (IC) is equal to | and 1l
for essential and other bridges respectively [2]. Minimum analysis and design requirements
per AASHTO are governed by this seismic performance category obtained according to A
and IC, using Table 3.1 [2].

3.1.2 SITE CLASSIFICATION
According to AASHTO Bridge Specifications, effects of site conditions are taken into

account by the Site Coefficient (S) based on the profile of medium. A brief explanation is

supplied here [2, 3];
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SOIL PROFILE I: Rock of any characteristics, or stiff soils where depth is less than 60 m.
SOIL PROFILE II: Stiff clay or cohesionless conditions where depth exceeds 60 m.
SOIL PROFILE I1I: Soft to medium-stiff clays and sands where layer depth exceeds 9 m.
SOIL PROFILE IV: Soft clays or silts where layer depth exceeds 12 m.

Site coefficient (S) is then determined from Table 3.2.

Soil Profile Type
[ 1 i v
| S 1.0 1.2 1.5 2.0

Table 3.2: Site Coefficient (S)

3.1.3 HORIZONTAL DESIGN RESPONSE SPECTRUM

The term that compensates design response spectrum of horizontal strong ground motion is
Elastic Seismic Response Coefficient (C;) in AASHTO Bridge Specifications. It is
calculated by the formula [2, 3];

c. = 1.2xA*S
s

(3.1)
where;

A = Acceleration coefficient

S = Soil site coefficient

T = Period

and C need not exceed 2.5A. For soil profiles 111 or IV where A = 0.30, C, < 2.0A.

A plot of elastic seismic coefficient C; vs period T forms design response spectrum for

horizontal earthquake motion. Return period of this design earthquake motion is

approximately 475 years, which corresponds to 10% probability of exceedance in 50 years.
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3.1.4 VERTICAL DESIGN SPECTRUM

Currently, bridge specifications and guidelines do not include any provisions to construct
vertical design spectrum. However, recent studies and commentary parts of these codes

contains some discussions of the concept.

Commentary sections of AASHTO Bridge Specifications provide the ratio of 2/3, for
construction of vertical design spectrum by multiplying the ordinates of the spectrum for
horizontal motion [2, 3]. Likewise, it stated in Applied Technology Council
Recommendations (ATC-32) that, a vertical design response spectrum having ordinates of
2/3 of horizontal one shall be used if better site specific information is not available [7].
New York State Department of Transportation (NYCDOT) [27] considers the same
approach also. Commentary part of American Petroleum Institute (API) Recommended

Practice suggests the ratio of 1/2 [4].

California Department of Transportation (CALTRANS) Seismic Design Criteria does not
contain any elaborate approach. It is expressed that for ordinary bridges where rock peak
acceleration is equal to 0.6 g or greater, an equivalent static vertical load shall be applied to

the superstructure to estimate the effects of vertical acceleration [12].

Recent studies pointed out that, horizontal/vertical peak acceleration ratio for a structure
under strong ground motion greatly depends on two specific parameters; distance to fault
and fundamental period of the system. According to the findings, the common ratio of 2/3
tends to underestimate the actual ratio in lower periods (T < 0.2 — 0.3 sec) especially at
near fault, however being usually conservative for longer periods [9, 11]. Although many
attenuation relationships offer equations to develop empirical site-specific vertical response

spectra, an approximate procedure for distance-dependent one is supplied in [8].

3.1.5 COMBINATION OF ORTHOGONAL EXCITATIONS

AASHTO Bridge Specifications provides no information about simultaneous application of
neither orthogonal horizontal nor vertical excitations. Rather it prefers to suggest two
different combinations of maximum separate horizontal responses to account for directional
uncertainty of strong ground motions and simultaneous occurrences of directional

components [2, 3].
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Same load combinations are also supplied by CALTRANS Seismic Design Criteria and

ATC-6 Seismic Design Guide Lines, and are as follows [2, 3, 6];

Load combination 1: 1.0X + 0.3Y
Load Combination 2: 0.3X + 1.0Y

where X is the maximum specific response due to longitudinal excitation and Y is the same

for transverse component.

However, ATC-32 Seismic Design Criteria suggest the following combinations of

maximum responses, including the effects of vertical excitation as well [7].

Load combination 1;: 0.4X + 1.0Y + 0.4Z
Load Combination 2: 1.0X + 0.4Y + 0.4Z
Load Combination 3: 0.4X + 0.4Y + 1.0Z

NYCDOT suggest the same, with a factor of 0.3 instead of 0.4 [27].

Moreover, SRSS of orthogonal peak responses was noted to produce most accurate results

in a recent study [11]. Two other methods were given in [16], but will not be reviewed here.

On the other hand, AASHTO Guide Specifications for Seismic Isolation Design supplies
some information about simultaneous application of horizontal earthquake motions.
According to that; ensemble horizontal SRSS spectrum of horizontal components is scaled
so that acceleration values does not fall below 1.3 times the design spectrum in the interval
between periods T; to T,, which are 0.5 times of fundamental period of vibration of

structure in the direction under consideration, and 1.5 times of the same [1].

3.1.6 HOLD-DOWN DEVICE REQUIREMENTS

It is stated in AASHTO Standard Specifications and ATC-6 that; for bridges having seismic
performance category (SPC) C and D, hold-down devices shall be provided at all supports
or hinges in continuous structures, where the vertical seismic force due to the longitudinal
horizontal seismic component opposes and exceeds 50% but is less than 100% of the dead

load reaction.

21



In this case, the minimum net upward force Id-down device shall be 10% of the dead load
downward force that would be exerted if the span were simply supported. If the vertical
seismic force (Q) due to the longitudinal horizontal seismic load opposes and exceeds 100
percent of the dead load reaction (DR), the net upwards force for the hold-down device
shall be 1.2(Q-DR) but it shall not be less than that specified before [2, 6]. AASHTO LRFD
Specifications includes identical provisions, only replacing condition of having SPC C and
D by seismic zones 2, 3 and 4 [3].

Occurrence of uplift can also result in damage or stability loss. But it also a fact that
vertical motion restrainers are usually not considered to be feasible unless other bearing
retrofits are being performed [33]. Thus disadvantages of sacrificing these devices were
also investigated in this study.

3.1.7 MINIMUM SUPPORT LENGTH REQUIREMENT

According to AASHTO, bridges classified as seismic performance category (SPC) C or D,
minimum support length N shall satisfy [2, 3];

N = (305 + 2.5L + 10H)(1 + 0.0001255%) (mm) (3.2)
where,

L = length of bridge deck to the adjacent expansion joint or end of bridge deck (m).

S = angle of skew of support measured from a line normal to the span (degrees).

H = for abutments, average height of columns supporting L length of bridge deck;

for columns and/or piers, own height (m).

Concept of minimum support length is visualized on Figure 3.2.

22



N

|
|
|
T |

Figure 3.2: Minimum support length

3.2 ANALYSIS METHODS

This section contains only brief explanation about structural analysis methods used through
this study, as detailed information about these can be found on any standard text book.
Definitions and equations used in this section are exclusively taken from [14].

3.21 MODAL ANALYSIS

Modal analysis is a fundamental tool to perform response spectrum analysis, as well as to
interpret the earthquake response of a structure.

As any set of N independent vectors can be used as a basis of representing any other of
order N, and due to well known orthogonality condition of mode shapes of a structure, once
they are calculated, displacement vector u of a linear MDOF system can be expressed in

terms of these as;

u= erv=1 Drq-(t) (3.3)

where @, and g, (t) represents displacement vector of natural mode shapes and modal

coordinates respectively.

Equation of motion is rewritten for a multi degree of freedom (MDOF) system as;
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mii + ci + Ku = —mii, (t) (3.4)

Since it is possible to express displacement vector u of a linear MDOF system in terms of

modal contributions, equation of motion can be expressed as;
Irvzl mq)réir (t) + Zyzl CQ)r Qr (t) + Zyzl kq)r qr (t) = p(t) (35)

where p(t) represents external force —mii,(t). Premultiplying each term by (Z)TT, this

equation can be expressed for each mode n as;

Mn éir (t) + ervzl Cnr Qr (t) + anr (t) = Pn (t) (36)
where;

M, = 8, mg,

Cor = B, €O,

K, =9, ko,

B, =0, p(t) (3.7)

Note that mass and stiffness terms (M,, and K,,) are uncoupled scalar quantities for each
mode n. This is due to the orthogonality condition of modes. Damping term in Equation
(3.6) will be uncoupled only if the system has classical damping. Under that condition, C,,,

will be equal to zero for n # r. Thus Equation (3.6) will become;

M, G, (t) + G g (t) + Knq, (t) = B, (t) (3.8)
which means that equation of motion of a MDOF system will be reduced to n number of
uncoupled equations for SDOF systems in modal coordinates. This is basic idea behind the
method of response spectrum analysis, which will be described in the next section.

3.2.2 RESPONSE SPECTRUM ANALYSIS

As defined above, response of a linear MDOF system as a function of time can be

calculated for each mode by solving Equation (3.6).
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Superposing these results, exact response history solution of the same structure can be
obtained. Then the desired maximum response can be extracted, as design procedure is
usually governed by the critical value. The superposition of modal responses is performed
introducing and using various modal contribution factors, which are lengthy in description,

so will not be reviewed here.

Response spectrum analysis method is an approximation of those maximum responses, by
obtaining each one from prescribed response spectrum for relevant mode and then
combining in a special manner, rather than solving Equation (3.6) for each mode.

This turns out to be a quite practical method, as one does not have to collect or generate
time-history records. Instead, a derived design response spectrum shall be used.

However, solution is not exact in this method, as response histories, and thus occurrence
time of peak responses of each mode cannot be known without solving Equation (3.6) for
each mode. Special combinations methods are used for this purpose, of which the preferred
ones are well known SRSS and CQC rules in most of the cases.

As mentioned earlier in this text, simplicity of this method ensures its prevalence.

3.2.3 TIME HISTORY ANALYSIS

Time history method is direct solution of equation of motion. Different approaches may be

utilized according to the properties and idealization of structure.

If linear response is required, a superposition of modal responses may be used. As

explained in Section 3.2.1, this method requires a classical damping matrix to be provided.
In case of a nonlinear structure, or a linear system having a non-classical damping matrix,

application of numerical methods is inevitable. Various alternatives exist to carry out the

calculations, of which details are explained in [14, 15].

25



3.3 FLOWCHART AND LEGEND

This section covers the steps performed through the study. Initially, analysis models were
prepared for each bridge. Following completion of structural idealizations, earthquake
characteristics were determined using related provisions described earlier. Then spectrum
compatible accelerograms were produced. To begin with the calculations, response
spectrum analyses were determined to acquire member forces and to check hold-down
design requirements for each bridge per AASHTO. Then one-directional linear time history
analyses were carried out to validate both Rayleigh damping coefficients and generated
spectrum compatible strong ground motion records. Multi directional linear time history
analyses were performed also to supply additional comparisons and explanations in certain
cases. If hold-down design requirement was triggered for a case, nonlinear time-history
analyses were performed to verify the location bearings that are subjected to uplift, which
were determined according to AASHTO provisions. Then making a preliminary hold-down
device design per AASHTO design forces, actual device forces obtained from an additional
set of nonlinear time-history analyses were compared with those. Finally, a set of linear
time-history and response spectrum solutions, to be called lower-bound analyses through
this text, were performed to investigate the stability condition of the bridges where
application hold-down devices was mandatory but not carried out. Details of all those

nonlinear analysis models will be explained in Section 4.2.3.

Deviations between results of time-history analyses and response spectrum load
combinations were presented and interpreted. Discussion of cap beam moments, pier axial
forces and moments as well as compressive bearing forces was also included. Those were
directly obtained from analyses results, in other words; they are not divided by any

reduction factors.

Global directions were denoted by;
X: Longitudinal Direction

Y: Transverse Direction

Z: Vertical Direction

Abutments and pier axes were denoted by relevant letters, A and P respectively, followed

by ID number ascending in X direction.
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Bearings were labeled such that all ID’s are sorted in ascending order first according to X,

and then Y coordinates. Legend is presented in Figure 3.3 for Bridge 1.

18 y-+-127
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Al P2 10 419 T_'X

Figure 3.3: Demonstration of legends on Bridge 1

Analyses cases are tabulated in Table 3.3.

Table 3.3: Summary of Analyses Cases

ID Type Direction

Dead (D) Static Dead

1 Response Spectrum X

2 Response Spectrum Y

3 Response Spectrum Z

4 Linear Time History X

5 Linear Time History Y

6 Linear Time History Z

7 Linear Time History Dead+X+Y+Z

8 Nonlinear Time History | Dead+X+Y+Z
(non-retrofitted)

9 Nonlinear Time History | Dead+X+Y+Z
(retrofitted)

10 Nonlinear Time History | Dead+X+Y+Z
(lower bound)

11 Response Spectrum | X
(lower bound)

12 Response Spectrum | Y
(lower bound)

13 Response Spectrum | Z
(lower bound)
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Used peak response combinations are tabulated in Table 3.4. Effects of vertical excitations
were also included in the latest group, to examine the possibility of increasing accuracy of
AAHTO load combinations.

Table 3.4: Summary of Load Combinations

ID Combination of Maximum Responses
Cl 1.0X+0.3Z

C2 0.3X+1.0Z

C3 1.0X+0.3Y+0.3Z

C4 0.3X+1.0Y+0.3Z

C5 0.3X+0.3Y+1.0Z

Load combinations are classified as;

Group 1: Maximum of C1 and C2
Group 2: Maximum of C3, C4 and C5

Group 1 will also be expressed as “AASHTO load combinations” in charts and discussions.

AASHTO Standard Specifications [2] also suggest the use a load factor of 0.75, to reduce
dead loads when checking maximum pier moments. Although this reduction is omitted for
bridges having SPC B, C and D in the same specifications, there is also a practice of
extending this approach for all bridges. These load combinations were also included in
comparison of pier axial forces, under the name of “Reduced AASHTO Load

Combinations”.

Abbreviations RSP, LTH and NLTH will be used to denote response spectrum, linear time-
history and nonlinear time-history analyses respectively. CASE ID’s will be employed to
point out relevant analyses or load combinations through the study (e.g. RSP-1, LTH-7,
NLTH-8, Load Combination C1, or simply 1, 7, 8, C1 etc.).

Unless otherwise stated, all force, moment, displacement and vibration period outputs will

be presented in units of “kN”, “kN.m”, “mm” and “sec” respectively through whole text.

To avoid congestion, definitions of units will not be repeated in tables.
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In tables, “T.” and “C.” will be used to represent tensile and compressive directions

respectively due to same reason.

Bearing results will be displayed for half of them only, due to the complete symmetry of all
models about X direction. Absolute maximum responses obtained for two symmetric
bearings will be presented by that having smaller ID. (e.g. As bearings 10 and 18 constitute
a symmetric pair, absolute maximum of their responses will be assigned to 10 in result
tables).

Earthquake records that were used in the study are tabulated in Table 3.5.

Table 3.5: Summary of Generated Records

ID Origin Type

1 Gebze (izmit EQ, 1999, Mw = 7.4), 7.74 km Modified
2 Duzce (Bolu EQ, 1999, Mw = 7.2), 8.30 km Modified
3 Duzce (izmit EQ, 1999, Mw = 7.4), 17.06 km Modified
4 Gebze (izmit EQ, 1999, Mw = 7.4), 7.74 km Synthetic
5 Duzce (Bolu EQ, 1999, Mw = 7.2), 8.30 km Synthetic
6 Duzce (izmit EQ, 1999, Mw = 7.4), 17.06 km Synthetic

Explanations regarding selection of these records will be included in Section 4.1.2.

Flowchart of explained investigation scheme is presented on Figure 3.4,

29



IDEALIZATION OF
RRINDGFS
v
DETERMINATION OF
EARTHQUAKE
PARAMETERS

v

GENERATION OF
SPECTRUM

COMPATIBLE
ACCELEROGRAMS

RSP ANALYSES LTH ANALYSES

VERIFICATION OF
ACCELEROGRAMS AND
DAMPING PARAMETERS

BY COMPARISON OF

BEARINGS AXIAL

FORCES

A

AASHTO HOLD-DOWN

YE% DEVICE REQUIREMENT
NLTH ANALYSES
* NO

COMPARISON OF HD DEVICE DESIGN
FORCES AND LOCATIONS OF BEARINGS
THAT ARE SUBJECTED TO UPLIFT

v

LOWER BOUND
ANALYSES

v
OBSERVATION OF
FURTHER HANDICAPS
OF HD DEVICE ABSENCE

COMPARISON OF OTHER
RESPONSES

Figure 3.4: Flowchart of the study
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CHAPTER 4

CASE STUDIES

41 EARTHQUAKE CHARACTERISTICS

In Turkey, earthquake is generally the primary concern in the design of highway bridges. In
this respect, the extreme hazard level described by AASHTO is considered.

4.1.1 DESIGN RESPONSE SPECTRUM

For all case studies, soil profile is assumed to be of type I (rock site) to eliminate the
complexity of soil-structure interaction. Seismic acceleration coefficient was selected to be
0.4, to impose extreme design earthquake intensity. Design response spectrum of horizontal

earthquake motion was calculated using Equation (3.1) and presented on Figure 4.1.

1.2
1.0 -
0.8 -

06 -

A(g)

0.2 -

0,0_..............|....|....|....|

0.0 0.5 1.0 1.5 2.0 2.5 3.0
T(s)

Figure 4.1: Horizontal design response spectrum used in case studies
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Vertical response spectrum was constructed by multiplying the ordinates of the one for the
horizontal motion by 2/3, which is the typical ratio, considered in design of standard
highway bridges as suggested by current specifications (Section 3.1.3). The same ratio was

also used in similar studies [10, 27].

Seismic performance category (SPC) was determined as D for all bridges using Table 3.1.

412 COMPATIBLE TIME-HISTORY RECORDS

Two sets of spectrum compatible time-history records were generated.

First set was obtained by modifying existing histories, resulting in three accelerograms per

orthogonal direction.

For this purpose, three records were obtained from [25]. Two of them were recorded
during 17 August Kocaeli Earthquake, and the other belongs to 12 November 1999 Bolu-
Diizce Earthquake.

Due to the modification process, frequency content and peak ground accelerations (PGA)
were altered significantly. Only intensity functions were approximately preserved during
modification. Thus properties such as distances to fault zone and PGA values were not the

primary factors that govern this selection.

The main concern was to provide a small time interval between digitized values, thus
making it possible to calculate resultant response spectrum at smaller period intervals,
without occurrence of numerical instability using central-difference procedure explained in
Section 2.1. As each of these records provided an interval of 0.005 sec as well as with
different intensity functions, they supplied the accuracy and variation that is intended to be
included in this study. Accelerograms before and after modification are shown in Figure

4.2, Figure 4.3 and Figure 4.4 for records 1, 2 and 3, respectively.
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Figure 4.2: Accelerograms of original and modified components of record 1
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Figure 4.3: Accelerograms of original and modified components of record 2
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Figure 4.4: Accelerograms of original and modified components of record 3

Resultant response spectra before and after modification for the same records are given in
APPENDIX E.

Second set was consisted of three synthetic accelerograms, in which all orthogonal
directions of a strong ground motion was represented by the same record. Exponential
intensity functions were chosen to approximate the characteristics of above mentioned

original records, and shown in Figure 4.5.
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Figure 4.5: Imposed intensity functions for synthetic accelerograms 4, 5 and 6.
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Resultant accelerograms that were generated using these intensity functions are presented

on the following figure.
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Figure 4.6: Generated synthetic accelerograms 4, 5 and 6.

Resultant response spectra of those records are given in APPENDIX E.

413 APPLICATION OF GROUND MOTION COMPONENTS

Results of six ground motion records were averaged to obtain seismic demands.

Although spectrum compatible accelerograms were generated for this research; scaling
method of [1] explained in Section 3.1.5 was also used to fine tune the horizontal
components. Vertical component was included in the analyses simultaneously with those

scaled horizontal excitations.

Two sets of ground motions were to be scaled by different factors, as analyses utilizing
modified accelerograms were completed already by the time synthetic excitations has been

decided to be included in the study.
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On the other hand, obtained factors did not differ significantly between those groups, as
will be seen in Section 4.3. Thus it is concluded that reliability of average values obtained

from individual results were not affected by this separate scaling of two sets.

Recalling the mentioned provisions; ensemble horizontal SRSS spectrum of horizontal
components is scaled so that acceleration values does not fall below 1.3 times the design
spectrum in the interval between periods T, to T,, which are 0.5 times of fundamental
period in the direction under consideration, and 1.5 times of the same.

However, definition of fundamental period is not clearly stated in the reference [1]. In this
study, minimum and maximum of fundamental periods in X and Y directions were used to
calculate T; and T, respectively, to acquire a conservative interval which represents
vibrations in both directions. That is;

TZ =15=% maX.'(Tx, Ty)

4.2 MODELLING TECHNIQUE

Undoubtedly, idealization of a structure has considerably effect on the results. Day by day,
advanced modeling techniques are presented to the engineers, making it possible to take
into account the actual geometry and construction sequences more realistically.

But it should not be forgotten that, estimations of material behavior and especially strong
ground motions are very uncertain and fuzzy subjects. In this respect, the analysis model
only provides an approximate representation of the structure.

Certain modeling techniques will be discussed and a choice will be made in this section.
421 SENSITIVITY ANALYSIS

Four models were prepared to investigate the majorities due to application of staged

construction analyses and different modeling techniques. Pre-stressed precast I-girder

bridge, which will be explained in Section 4.3.1 was considered in sensitivity analyses.
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In the first two types, a detailed superstructure representation was adopted. Each I-girder
was represented by beam elements. Concrete slab was modeled using shell elements, and
connection with I-girders was established by utilizing rigid beam elements between. Each

element passed through the location of its centroid.

Three construction sequences were taken into account in the first model. After erection of
columns and placement of cap beams with bearings, I-girders have been added to the
system. Finally, slab was formed. Construction stages are visualized on Figure 4.7.

L

(a) Overview (b) Stage-1: Cap Beams, Column

and Bearings
AL %

(c) Stage 2: Precast I-Girders

Figure 4.7: Overview of detailed models

Second model exhibited same geometry, but a linear static analysis was carried out (i.e. at
an instant of time for whole system) omitting construction stages, as typically done for

design of standard highway bridges.

In the last two types, superstructure was simulated using a single beam element. Composite
material and geometric properties were taken into account by means of an equivalent
section. The beam element has been passed through the centroid of composite

superstructure. Overview of these models is shown in Figure 4.8.
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Figure 4.8: Overview of simple models

The difference between these last two lies in the representation of cap beam. Third model

included cap beams with actual stiffness. This led to significant errors in bearing forces and

cap beam moments under dead loads, as explained in following paragraphs. Thus a fourth

model was prepared, using artificially high stiffness values for cap beam, yielding quite

accurate results. Summary of these models are tabulated in Table 4.1.

Table 4.1: Models used in sensitivity analyses

ID Description

S1 Detailed Model, Staged Construction Analyses
S2 Detailed Model

S3 Simple Model, Actual Cap Beam Stiffness

S4 Simple Model, Rigid Cap Beam Stiffness

Comparison of bearing axial forces is presented on Figure 4.9.
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Figure 4.9: Comparison of bearing axial forces under dead loads
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Results indicated that, models S2 and S3 yielded inaccurate bearing forces under dead
loads, taking those of S1 as reference. Ratios of axial forces obtained from S2 to those of
S1 changed from 0.4 to 1.4. Edge bearings experienced significantly lower axial forces
(40%), while interior bearings at the middle exhibited high values (140%). Same trend was
observed for model S3, with increased error range (20%-160%). Total value at a pier
remained constant for all of the models. Here, results of S1 were used as reference because;
nearly same values were observed at each bearing in this model. This is a close estimation
of actual situation, as all bearings at a pier will exhibit more or less same axial force due to

the construction sequence in reality.

Since I-girders are placed separately on bearings in actual situation, each bearing will carry
approximately half weight of those at the end of that stage. Slight differences may originate
later due to utilization of slab. In this respect, models S2 and S3 did not stand for a good
representation of real case. Large error margin included in the results of S2 showed that
also; if staged construction analysis is not performed, detailed idealization of superstructure

will still not be adequate to obtain accurate bearing forces under dead loads.
Use of rigid cap beams in the last model equalized all bearing forces at a pier, thus yielding

more accurate cap beam moments as well. Comparison of those moments is presented on

Figure 4.10 with reference to the results of S1.
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Figure 4.10: Comparison of cap beam moments

Results pointed out that the least error, which was approximately 15% in average, has been

observed in the results of model S4.
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Periods of fundamental modes are tabulated for each model in Table 4.2. Conformity of
results showed that representation of whole superstructure by means of single beam
element will not likely introduce a significant error in the overall response under applied

seismic loading.

Table 4.2: Fundamental modes of models

ID X Y Z

Sl 1.400 0.931 0.325
S2 1.400 0.931 0.325
S3 1.397 0.843 0.319
S4 1.394 0.842 0.316

422 MODEL TYPE SELECTION

A great number of time-history analyses were carried out through this study. Time and
memory requirement of such analyses can be extraordinary when using detailed models.
Additionally, this thesis work is indented to contribute to the practical calculations and
analyses methods used in design of standard highway bridges. In this sense, use of a simple
but effective model that would be usually preferred in design of standard highway bridges

meets the case better.

Thus model type of S4 was selected, in which a single beam element is used to represent
whole superstructure and rigid members are utilized for cap beams. Bearing layout is to be
preserved, in other words not to be simplified. Columns were fixed in rotational degree of
freedoms at the bottom, recalling that, soil type was selected as rock and/or stiff soils, to
eliminate soil-structure interaction. Finite elements of maximum 1 m lengths were used to

increase calculation accuracy.

423 SIMULATION OF NONLINEAR FEATURES

Three set of analyses were performed to account for nonlinearities in bearings.

42



1)

2)

3)

4.3

To observe occurrence of uplift, springs having only compression stiffness were used to
simulate bearing elements. Small values were assigned for tensile direction as well to

avoid possible convergence problems. Case ID 8 (Table 3.3) is used for these.

To verify hold-down device forces, tensile stiffness of these elements were made equal
to those of devices and additional set of nonlinear time-history analyses, having ID 9,
(Table 3.3) were performed.

Last group of analyses, called lower bound solution in this study, were performed to
investigate the stability condition during occurrence of uplift in the bearings. As the
name implies, the most unfavorable condition of bearings, in which they completely
lose their shear capacity due to uplift, was considered in these analyses. This is
established by eliminating translational stiffness of bearings that were subjected to
uplift in nonlinear analyses case 8. NLTH and RSP analyses were included in this
group. Cases are donated by NLTH 10, RSP 11, 12 and 13 (Table 3.3).

INVESTIGATED BRIDGES

One of the key ideas was to investigate the uplift behavior that in bridges of different types

and bearing layouts. Four different bridge systems have been analyzed. A brief summary of

these are presented in Table 4.3 with labels as well.

Table 4.3: Summary of investigated bridges

ID Superstructure Type Span Length (m) Continuity

Bridge 1 | Pre-stressed Precast I-Girders 30 Slab

Bridge 2 | Steel I-Girders + Concrete Deck | 60 Superstructure

Bridge 3 | Post-tensioned Box Section 60 Superstructure

Bridge 4 | Steel Box Section + Concrete | 60 Superstructure
Deck

These bridge types have frequent applications in highway projects. Especially Bridge 1 is
the most used type as a standard highway bridge in Turkey. Total span length of bridges

was selected to be 180 m for all cases. Superstructures included two lanes, resulting in 12.5

m width. The natural topography they passed through is shown in Figure 4.11.
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Figure 4.11: Natural topography

The chosen profile made it possible to observe responses at piers of different heights.

Elastomeric bearings that are 80mm in height (4mm external rubber layers at top and
bottom, with seven internal plates of 2mm thick steel) were used in all bridges, as typically
done in Turkey. Axial and transverse stiffness of those was calculated according to the
suggestions of AASHTO [2] as;

Ky =AE/t (Axial stiffness)

Ks =A.G/t (Transverse stiffhess)

where;

E =6.G.5% (Elasticity modulus of in axial direction)
G = 1000 kPa (Shear modulus of rubber)
S=LW/2.h;.(L+W)) (Shape factor)

h,; = 8mm (Thickness of an internal rubber layer)
t=64mm (Total Thickness of all rubber layers)

and L and W are plan dimensions of the bearings, which are case specific.

In addition to the self weight of superstructure, additional loads were also applied to
account for a reasonable portion of vehicle load as suggested in [3], and additional weights
due asphalt, curbs, railings, etc. A total load of 61.5 kN/m was assumed for all bridges,

considering typical design values used in Turkey.

F, = Asphalt + Railings + Curbs + Reduced Live Load
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Fy =254+ 15420+ 15 = 61.5 KN/m

Superstructure properties are tabulated in Table 4.4 for selected case studies. Properties of

composite sections were calculated by taking concrete as the reference material.

Table 4.4: Summary of superstructure properties of investigated bridges

ID Weight (kN/m) A (m?) Iy (m? Iz (m* J(m*H
Bridge 1 259.7 7.9 1.8 95.1 5.9
Bridge 2 196.5 7.1 3.2 94.2 3.2e-3
Bridge 3 251.0 7.1-16.9 7.1-11.6 70.3-99.6 | 15.5-27.9
Bridge 4 162.0 5.5 5.3 66.7 1.4e-1

Gross moments of inertias were assigned to superstructures. Those of piers and link slab of
were multiplied by some rational factors, 0.4 and 0.3 respectively, to simulate bending
stiffness of cracked sections as done in most preliminary and/or final design.

43.1 BRIDGE 1: PRE-STRESSED PRECAST I-GIRDER

In Turkey, superstructures composed of pre-stressed precast I-girders undoubtedly
constitute the majority of highway bridges. This type is preferred due to ease of

construction in most cases.

A section that has frequent use was selected for this case study. Superstructure consists of 9
adjacent I-girders with heights of 120 cm, underlying 25 cm thick concrete slab to span 30

m between pier axes. Dimensions and section properties are shown in Figure 4.12.

1 elastomeric bearing exists under each girder; with plan dimensions of 250x250 mm and
height of 80 mm. Shear blocks were placed between precast girders to prevent transverse
movement superstructure. Translational stiffness values of bearings were calculated

according to [2] as;
Axial stiffness = 357638 kN/m

Longitudinal stiffness = 977 kN/m

Transverse stiffness = very rigid (To account for shear blocks)
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| 127.5 | A=7.929m?

; Iy=1.787 m*
5 ’i'::—ﬁo I;= 95.083m*
r 5i 10 7 =5854m*

* All units are in cm unless otherwise stated

Figure 4.12: Dimensions and section properties of superstructure (Bridge 1)

Inverted-T section and box tube with two cells were used for cap beams and piers

respectively. Dimensions and section properties are shown in Figure 4.13.

CAP BEAM PIER
r— 80— 350 )
30
f
30 <30
Z 220 .
L o 130 Lty 250
80
| ;
250 3*0
A=3.120m? A=3.810m?
Iy=1.158 m* Iy=3.071m?*
I;=1.101m* Ix=5.075 m*
T =0.666m* T =5.854m*

* All units are in cm unless otherwise stated

Figure 4.13: Dimensions and section properties of cap beams and piers (Bridge 1)

Idealized analysis model is shown in Figure 4.14.
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20m

Figure 4.14: Analysis model (Bridge 1)

Modal Analysis

Natural periods of vibration and mass participation factors of first 100 modes are given in

APPENDIX A as well as with the shapes of fundamental modes.

Following period intervals accumulated over 90% of modal mass in each orthogonal

direction:

X direction : T=1.635-0.375 s (91.3%)
Y direction : T=0.956-0.093 s (90.0%)
Z direction : T=0.389-0.034 s (90.1%)

It was not possible to supply damping ratios close to 5% in the period interval between
0.034 s and 1.635 s, due to nature of Rayleigh damping matrix. Thus as a rational approach,
damping coefficients were selected to make average damping ratio equal to 5% between the
periods of fundamentals modes governing vibrations in X and Z directions (1.635 s and
0.384 s respectively). Coefficients a = 0.3530 and b = 4.757e-3, which set this ratio to 5%
at periods 0.38 s and 1.40 s, were deemed as suitable for this purpose. Plot of damping ratio
versus period for these selected values is given on Figure 4.15. Periods of fundamental
vibration modes for each orthogonal direction are plotted on the same chart. Verification of

these values will be carried out later in this section by means of LTH analyses.
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Using related provisions of [1], which are also summarized in Section 3.1, ensemble
horizontal SRSS spectrum was scaled so that acceleration values did not fall below 1.3
times the design spectrum in the interval between periods Ty to T, that are 0.5 times of
fundamental period of vibration in transverse direction and 1.5 times of the one in
longitudinal directions respectively.

T, = 0.5%0.956 = 0.478 s
T, = 1.5%1.635 = 2.452 s

Minimum ratio of acceleration values of ensemble spectrum to those of design spectrum
was found to be 1.368 and 1.350 for modified and synthetic set of records. These led to
scale factors of 0.951 and 0.963, which are to be applied to the orthogonal horizontal
components of those two sets respectively.
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Figure 4.15: Damping ratio vs. period (Bridge 1)

Bearing Axial Forces and Hold-down Device Design

Forces calculated from response spectrum analysis cases in orthogonal directions were

summed through the load combinations. Results are tabulated in Table 4.5.
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Table 4.5: Bearing axial forces from RSP cases and load combinations (Bridge 1)

Axis | ID D 1 2 3 C1 C2 C3 C4 C5

419 33 130 212 72 140 135 204 261

419 |33 98 212 | 62 108 126 171 251

1
2

Al |3 419 33 65 212 52 75 116 138 241
4 419 33 33 212 | 42 42 106 106 231

5 419 |33 0 212 |33 10 96 73 221

10 441 520 151 220 565 307 631 373 421

11 441 | 520 113 220 | 554 269 | 620 335 410

12 441 | 520 |76 220 | 543 232 | 608 297 398

13 441 | 520 |38 220 | 531 194 | 597 260 387

P2 14 441 520 0 220 520 156 586 222 376

19 434 531 | 306 222 | 623 | 466 | 690 532 473

20 434 531 | 230 222 | 600 |389 |667 456 450

21 434 531 153 222 577 312 644 379 427

22 434 | 531 77 222 554 236 621 303 404

23 434 | 531 0 222 | 531 159 | 598 226 381

28 434 547 132 221 586 296 653 362 425

29 434 547 99 221 576 263 643 329 415

30 434 | 547 66 221 | 567 230 | 633 296 405

31 434 | 547 33 221 | 557 197 | 623 263 395

p3 32 434 547 0 221 547 164 613 230 385

37 437 558 411 220 682 578 748 644 511

38 437 558 308 220 651 475 717 541 480

39 437 | 558 205 | 220 |620 |373 |686 439 449

40 437 | 558 103 | 220 | 589 270 | 655 336 418

41 437 558 0 220 558 168 624 234 388

46 434 870 64 217 889 325 954 390 497

47 434 | 870 48 217 884 309 949 374 492

48 434 | 870 32 217 879 293 945 358 488

49 434 870 16 217 875 277 940 342 483

50 434 870 0 217 870 261 935 326 478

P4 55 437 873 126 232 911 388 980 457 531

56 437 873 95 232 902 356 971 426 522

57 437 | 873 63 232|892 325 | 962 394 512

58 437 | 873 32 232|883 294 | 952 363 503

59 437 873 0 232 873 262 943 332 494

64 435 880 95 227 909 359 977 427 519

65 435 | 880 71 227 901 335 969 403 512

66 435 | 880 48 227 (894 312 |962 380 505

67 435 880 24 227 887 288 955 356 498

p5 68 435 880 0 227 880 264 948 332 491

73 435 880 62 227 898 326 967 394 510

74 435 | 880 46 227 894 310 962 379 505

75 435 |880 31 227 | 889 295 | 957 363 | 500

76 435 880 15 227 885 279 953 348 496

77 435 880 0 227 880 264 948 332 491

PG 82 436 | 864 241 224 | 937 500 1004 | 567 555

83 436 | 864 181 224 |918 |440 | 986 507 | 537

49



Table 4.5 (continued)

Axis | ID D 1 2 3 C1 C2 C3 C4 C5
84 436|864 | 121 | 224 | 900 |[380 |968 |447 |519
85 436 | 864 | 60 224 | 882 |320 |949 |387 |501
86 436|864 |0 224 | 864 | 259 |931 |326 | 483
91 440 846 | 219 |224 912 |[473 |979 |540 |543
92 440 | 846 164 |224 895 418 |962 |485 | 527
93 440 846 109 |224 879 |[363 |946 |430 |510
94 440 | 846 |55 224 1863 309 930 |376 |49
95 440 846 |0 224 | 846 | 254 | 913 |321 | 478
100 419 |56 281 212 141 |298 |205 |362 |314
101 | 419 |56 211 | 212 |120 |228 |184 |292 | 293
A7 102 |419 |56 141 1212 |99 158 | 162 |221 | 272
103 | 419 |56 70 212 |78 87 141 | 151 | 250
104 | 419 |56 0 212 | 57 17 120 |81 229

P6

C1 and C2 load combinations were used to check the requirement of hold-down device
design, as well as to calculate the design force at each bearing, in conformity with the
suggestions of AASHTO. Design forces are supplied in Table 4.6, where cells containing a
hyphen indicate that hold-down device is not needed for that bearing.

Table 4.6: Hold-down device design forces per AASHTO (Bridge 1)

AXis 1D C1 Cc2 Max
1 - - -
2 - - -
Al 3 - - - Max =0

4 5 : -

5 - - -

10 149 44 149

11 135 44 135

12 122 44 122

13 108 ; 108

14 94 - 94

P2 19 227 47 227 SR = 22

20 199 43 199

21 172 43 172

22 144 43 144

23 117 _ 117

28 183 43 183

29 171 43 171

P3 30 159 43 159 Max = 294

31 147 - 147
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Table 4.6 (continued)

Axis Bearingld | C1 Cc2 Max

32 135 - 135
37 294 169 294
38 257 48 257

P3 39 220 44 220 Max = 294
40 183 44 183
41 146 3 146
46 546 43 546
47 540 43 540
48 535 43 535
49 529 43 529
50 523 43 523

t 55 569 44 569 RS S
56 558 44 558
57 546 44 546
58 535 44 535
59 524 44 524
64 568 44 568
65 559 44 559
66 551 44 551
67 542 44 542
68 534 44 534

P5 73 556 44 556 Max = 568
74 550 44 550
75 545 44 545
76 539 44 539
77 533 44 533
82 601 78 601
83 579 44 579
84 558 44 558
85 536 44 536
86 514 44 514

# o1 567 47 567 R
92 547 44 547
93 527 44 527
94 508 44 508
95 488 44 488
100 - 42 42
101 : 42 42

A7 102 ; : : Max = 42
103 ; : :
104 - - .

Results pointed out hold-down device requirements necessitated for almost all bearings

except those at Al axis, using AASHTO combinations.



A simple design of hold-down device will be made by connecting slab to cap beam via steel

cables located in front of each bearing. Maximum design force at an abutment or pier axis

is to be used for all devices placed along that one.

It may be noted that many applicable device alternatives are possible; but this is out of the

scope of this study. The parameter that is to be considered in nonlinear analyses is stiffness

of the device. Connection details will not be considered in this sense. A schematic drawing

of two types of hold-down devices are shown in Figure 4.16, one for a superstructure

composed of adjacent girders, which is the current case and the other for a deck type with

spaced girders including transverse beams.
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Figure 4.16: Schematic drawing of hold-down device alternatives (Bridge 1)

A rational value for tensile stiffness of a hold down device can be calculated by simplifying

the device to a steel rod, ignoring the connecting parts such as clingers, etc...

KHD = EA/I

The required steel bar area is to be calculated from forces presented on Table 4.6.

A=P/ag,

Combining these two equations gives;
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Kup = (E.P)/(l.0,) (4.3)

St42 grade steel was preferred, although high strength steel is also used in practice.
E = 200000 Mpa and g, = 0.6.0, = 252 Mpa were substituted into Equation (4-3) to
achieve a conservative design. Clear cable length, [ was set equal to 1.2 m, which is the
height of I-girder. It should not be forgotten that this value would change according to the
detailing, but not result in a significant change of stiffness. Calculated stiffness values are
given in Table 4.7. The primary issue is that; in order to represent hold-down devices by
means of these tensile stiffness values which are to be assigned to bearings, it is mandatory
to place hold-down devices close to bearings, as described above. Otherwise, actual
geometry will not be represented with the analysis model, leading to incorrect interpretation

of device forces.

Table 4.7: Hold-down device stiffness per bearing at each axis (Bridge 1)

Axis | Design Force/bearing Calculated Area Stiffness/bearing
Al - - -

P2 227 900.79 150132

P3 294 1166.67 194444

P4 569 2257.94 376322

P5 568 2253.97 375661

P6 601 2384.92 397486

A7 42 166.67 27778

Bearing axial forces obtained from one-directional linear time-history analysis cases 4, 5
and 6 are shown in Table 4.8. These results were compared with the ones obtained from
response spectrum analyses to verify Rayleigh damping coefficients, as well as modified

strong ground motion records.

Table 4.8: Bearing axial forces from one-directional LTH analyses (Bridge 1)

AXis ID 4 5 6
1 31 153 220
2 31 115 220
Al 3 31 76 220
4 31 38 220
5 31 0 220
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Table 4.8 (continued)

Axis ID 4 5 6
10 519 159 228
11 519 119 228
12 519 79 228
13 519 40 228
P2 14 519 0 228
19 528 323 227
20 528 242 227
21 528 161 227
22 528 81 227
23 528 0 227
28 543 146 227
29 543 109 227
30 543 73 227
31 543 36 227
P3 32 543 0 227
37 561 434 229
38 561 326 229
39 561 217 229
40 561 109 229
41 561 0 229
46 841 76 225
47 841 57 225
48 841 38 225
49 841 19 225
P4 50 841 0 225
55 851 144 235
56 851 108 235
57 851 72 235
58 851 36 235
59 851 0 235
64 856 100 230
65 856 75 230
66 856 50 230
67 856 25 230
P5 68 856 0 230
73 856 64 232
74 856 48 232
75 856 32 232
76 856 16 232
77 856 0 232
82 843 255 230
83 843 191 230
84 843 128 230
P6 85 843 64 230
86 843 0 230
91 818 235 232
92 818 177 232

54



Table 4.8 (continued)

Axis ID 4 5 6
93 818 118 232
P6 94 818 59 232
95 818 0 232
100 53 327 222
101 53 245 222
AT 102 53 163 222
103 53 82 222
104 53 0 222

To visualize the difference, average ratio of bearing axial forces obtained from LTH

analyses over those of RSP cases at each axis are given for orthogonal directions.
The ratios were obtained as;
- 0.98 in average for longitudinal (X) direction.

- 1.10in average for transverse (Y) direction.

- 1.03 in average for vertical (Z) direction.
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Figure 4.17: Comparison of bearing axial forces (Bridge 1)
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Results pointed to the fair compatibility of time-history and response spectrum analyses.
Differences were reasonable, being averagely 9.6% in Y direction as maximum, verifying

conformity of selected Rayleigh damping coefficients and generated accelerograms.

Moving on with the further analyses, bearing axial forces obtained from multi-directional
linear and nonlinear time-history cases 7, 8 and 9 are tabulated in Table 4.9.

Table 4.9: Bearing axial forces from time-history analyses (Bridge 1)

AXis ID 7 8 9
T C T C. T C
1 - 700 - 698 - 700
2 - 682 - 681 - 682
Al 3 - 665 - 663 - 665
4 - 649 - 648 - 649
5 - 635 - 634 - 635
10 -162 1081 YES 1163 -125 1094
11 -150 1066 YES 1143 -113 1081
12 -138 1052 YES 1127 -102 1069
13 -125 1038 YES 1113 -91 1056
P2 14 -113 1024 YES 1098 -80 1043
19 -301 1091 YES 1172 -235 1113
20 -256 1057 YES 1134 -207 1076
21 -224 1024 YES 1101 -179 1044
22 -193 993 YES 1076 -151 1015
23 -162 964 YES 1057 -124 989
28 -166 1089 YES 1194 -136 1100
29 -158 1073 YES 1163 -130 1085
30 -152 1058 YES 1141 -124 1071
31 -146 1044 YES 1123 -118 1058
32 -139 1031 YES 1107 -113 1045
P3 37 -420 1179 YES 1278 -349 1202
38 -348 1128 YES 1210 -294 1146
39 -289 1078 YES 1155 -248 1098
40 -240 1030 YES 1104 -203 1051
41 -191 993 YES 1072 -159 1015
46 -381 1264 YES 1407 -387 1261
P4 47 -377 1259 YES 1396 -383 1256
48 -372 1254 YES 1385 -378 1251
49 -368 1249 YES 1373 -374 1247



Table 4.9 (continued)

Axis ID 7 8 9
T C T. C. T C
50 -364 1245 YES 1363 -370 1243
55 -542 1312 YES 1424 -548 1311
P4 56 -525 1299 YES 1405 -531 1298
57 -507 1287 YES 1388 -513 1286
58 -490 1275 YES 1372 -496 1274
5 -473 1263 YES 1358 -478 1262
64 -405 1299 YES 1404 -410 1298
65 -396 1289 YES 1389 -401 1288
66 -388 1280 YES 1377 -393 1280
67 -381 1273 YES 1366 -386 1272
P5 68 -374 1266 YES 1355 -380 1265
73 -498 1284 YES 1390 -504 1284
74 -493 1280 YES 1379 -499 1279
75 -489 1275 YES 1368 -495 1275
76 -484 1271 YES 1358 -490 1270
77 -480 1267 YES 1348 -486 1266
82 -458 1363 YES 1496 -469 1360
83 -432 1330 YES 1458 -443 1327
84 -409 1299 YES 1419 -419 1297
85 -388 1275 YES 1385 -398 1274
P6 86 -367 1256 YES 1359 -378 1254
91 -551 1326 YES 1452 -564 1324
92 -523 1304 YES 1426 -535 1302
93 -494 1282 YES 1400 -506 1280
94 -466 1261 YES 1375 -478 1259
95 -438 1241 YES 1355 -450 1239
100 - 782 - 779 - 783
101 - 731 - 728 - 732
AT 102 - 692 - 688 - 693
103 - 664 - 656 - 664
104 - 644 - 638 - 644

Design forces obtained from load combinations C3, C4 and C5 were included in Table 4.10

for comparisons.
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Table 4.10: Hold-down device forces from C3, C4 and C5 (Bridge 1)

Axis Bearing Id C3 C4 C5 Max

1 - - - -
2 - - - -

Al 3 - - - - Max =0
4 - - - -
5 - - - -
10 190 . _ 190
11 179 . _ 179
12 167 : ; 167
13 156 - - 156

oy 14 145 - - 145
19 256 98 39 256 Max = 256
20 233 22 16 233
21 210 - - 210
22 187 : - 187
23 164 : - 164
28 219 - ; 219
29 200 - ; 209
30 199 - - 199
31 189 - - 189
32 179 - ; 179

P3 37 311 207 74 311 Max = 311
38 280 104 43 280
39 249 2 12 249
40 218 - - 218
41 188 - ; 188
6 520 - 63 520
47 515 - 58 515
48 511 : 54 511
49 506 - 49 506
50 501 - 44 501

P4 Is5 544 21 95 544 NERE A%
56 534 - 85 534
57 525 - 76 525
58 515 - 66 515
59 506 - 57 506
64 541 - 84 541
65 534 - 77 534
66 527 : 70 527
67 520 - 62 520
68 513 : 55 513

PS> 173 531 - 74 531 Max =541
74 527 3 70 527
75 522 : 65 522
76 517 - 60 517
77 513 - 56 513

s 82 568 132 120 568 Max = 568
83 550 72 102 550
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Table 4.10 (continued)

Axis Bearing Id C3 C4 C5 Max

84 532 11 84 532
85 514 - 65 514
86 496 - 47 496

P6 91 539 100 104 539 Max = 568
92 523 45 87 523
93 506 - 71 506
94 490 - 54 490
95 474 - 38 474
100 - - - -
101 - - - -

A7 102 - - - - Max =0
103 - - - -
104 - - - -

Tensile axial forces in bearings (i.e. hold-down device forces), which were obtained from

NLTH case 9, were compared with those used in the design of hold-down devices. Results

of LTH case 8 and C3, C4, C5 load combinations are included as well on Figure 4.18.

Bearing ID’s that required application of a hold-down device matched for all time-history

analyses cases and AASHTO load combinations (C1, C2), except those with ID’s 100 and

101 at A7 axis. This outcome can be easily verified just by scanning Table 4.6 for bearing

ID’s having hold-down design forces greater than zero and, Table 4.9 for the ones exposed

to tensile axial forces.
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Figure 4.18: Hold-down device forces (Bridge 1)
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On the other hand, individual results of NTLH case 9 of modified record 1 indicated these
ones also exhibited uplift. But this outcome could not be observed by the remaining, thus

was not taken into account in average values shown in Table 4.9.

However, AASHTO hold-down device design forces could not be exactly verified by time-
history analyses at all, especially for those on short piers (P2, P3). Figure 4.18 indicates
that, AASHTO load combinations (C1 and C2) tended to give smaller design forces up to
15.8% at P3 axis. On the other hand, for hold-down devices at relatively long piers P4, P5
and P6 (20 m), AASHTO approach seemed to produce close results, which were maximum
12.6% greater at pier P5. In average for all bearings, AASHTO predictions were 0.7%
greater than the actual NLTH case 9. Load combinations C3, C4 and C5 supplied slightly
more accurate values as shown in Figure 4.18, reducing deviations to 10.9% and 7.4% at P3
and P6 axes respectively, but increasing average exceedance to 1%. Linear analyses results
supplied 24.3% greater forces at P2 and P3 axes, due to higher tensile stiffness of bearings

then those of hold-down devices shown in Table 4.7.

Another interesting phenomenon was that, bearings on long piers experienced much greater
uplift forces than the others, especially under longitudinal excitation (X direction). At first
glance, this fact may seem absence of sense, as one usually expects that short piers will
exhibit greater moments at bottom, which will possibly result in greater top moments and
thus bearing forces for such a continuous bridge. But the actual case was completely the
opposite, short piers exhibited smaller top moments, thus lesser bearing axial forces under
longitudinal excitation. An analytical verification is developed and presented in

APPENDIX F, including the effects of transverse excitation as well.

Compressive axial forces in bearings under applied earthquake excitations are plotted for
the same analyses cases on Figure 4.19. Comparison of results of NLTH case 8 and 9
indicated that uplift of bearings on one side of the cap beam created minor increase in
compression forces of those on the opposing side. The alteration is 5.4 % in average, being

maximum 10% at pier P6.

It is hard to develop a quantitative explanation of this outcome, because the nonlinearity of
bearings concerned in the problem removes the possibility of superposing individual
responses due to each excitation. That is, resultant bearing axial forces cannot be separated

into such components that arise due to an individual orthogonal excitation.
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Figure 4.19: Comparison of compressive bearing axial forces (Bridge 1)

Furthermore, it cannot be investigated when contribution from one individual ground
motion component is maximum or minimum in terms of bearing axial forces. Only a
sensitive judgment shall be made instead; as high number of bearings supplied adequate
redundancy on a pier, significant increase of axial force in any bearing due to uplift of
others was not observed. Forces obtained from AASHTO load combinations tended to be
smaller up to 20.0% at Al axis, underestimating all values 5.8% in average, taking results
of NLTH case 9 as reference. Load combinations C3, C4 and C5 supplied more accurate
values, which are 2.8% and 8.8% smaller in average and at P3 axis respectively.

Cap Beam Moments

Maximum moments in cap beams are presented in the following tables.

Table 4.11: Maximum cap beam moments from Dead and RSP analysis (Bridge 1)

AXis D 1 2 3

P2 7421 183 1166 3471
P3 7386 395 2087 3466
P4 7385 431 759 3568
P5 7385 21 608 3638
P6 7420 446 464 3549
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Table 4.12: Maximum cap beam moments from RSP load combinations (Bridge 1)

Axis D+C1 D+C2 D+C3 D+C4 D+C5
P2 7953 8642 8994 9683 11296
P3 8408 9592 9448 10631 11597
P4 8043 8273 9114 9343 11310
P5 7588 7999 8680 9091 11212
P6 7588 7999 8680 9091 11212

Table 4.13: Maximum cap beam moments from time-history analyses (Bridge 1)

Axis 7 8 9

P2 11262 11268 11262
P3 11737 11808 11725
P4 11108 11110 11108
PS5 11098 10964 11099
P6 11163 10998 11166

Results are plotted for these analyses cases on Figure 4.20. Outcomes indicated that cap
beam moments do not differ significantly between actual and retrofitted cases (NLTH cases
8 and 9 respectively). Unlike the case of compressive axial forces in bearings, here it will
be helpful to examine the responses of individual orthogonal ground motions on cap beams.
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0
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Figure 4.20: Comparison of cap beam moments (Bridge 1)

62



Uplift movement of bearings during longitudinal excitation does not alter cap beam
moments significantly in both cases. When bearings on one side of the beam loose
compression, the others on the opposing side gain approximately that much equal. In other
words, all bearings that are in compression have to carry same span loads, which do not
change at any time instant under longitudinal excitation. Thus total vertical load along cap
beam and moments do not change remarkably, which leads to nearly same values at any
time instant under longitudinal excitation. Figure 4.21 illustrates this concept.

{___d___ H___d___} {“___d___: ___d___}
Longitudinal (X) Axis

(a) Bearings are in compression (b) One line of bearings are in
tension

Figure 4.21: Cap beam moments under longitudinal excitation (D denotes dead load carried
by a cap beam).

There occurred some major moment increase of 13% in average, being maximum 28.2% at
P3 axis due to transverse excitation. Recalling earlier explanations in this section about
alteration of bearing forces due to transverse excitation, and also considering the bearing
layout back in Figure , one can clearly understand this increase of moments originate due to
the increase in bearing axial forces, even uplift does not occur. The most significant
alteration originated from vertical excitation. Recalling Table 4.5, it can be seen that the
increase in bearing compressive forces was 51.1% of those under dead load, in average.
This is the action that caused increase of cap beam moments, which was approximately
equal to the same value (48.2%) as can be investigated from Table 4.11, with reference to

moments under dead load.

Due to these explanations, AASHTO load combinations (C1 and C2) underestimated cap
beam moments 24.7% in average, as they do not take account the effects of vertical
excitation. On the other hand, load combinations that consider these effects as well (C3, C4

and C5) provided quite accurate results, which are only 0.5% higher in average.
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Pier Forces

Maximum pier moments about longitudinal (X) and transverse (Y) directions of bridge are

presented on the following tables for all analysis cases.

Table 4.14: Maximum pier moments about transverse direction (Bridge 1)

Axis | D+[Max(C1,C2)] 7 8 9 D+[Max(C3,C4,C5)]
P2 32218 30749 | 32468 | 31027 | 32326
P3 32011 30503 | 32488 | 30656 | 32107
P4 32996 30887 | 32027 | 30891 | 33143
P5 33098 31019 | 32162 | 31015 | 33154
P6 33012 30898 | 31903 | 30894 | 33133

Table 4.15: Maximum pier moments about longitudinal direction (Bridge 1)

Axis | D+[Max(C1,C2)] 7 8 9 D+[Max(C3,C4,C5)]
P2 41988 43521 | 43441 | 42961 | 41988
P3 92318 93245 | 93210 | 92026 | 92318
P4 43765 43950 | 43943 | 43614 | 43765
P5 46271 47162 | 47181 | 46782 | 46271
P6 29704 31103 | 31142 | 30841 | 29704

Comparison of those results is provided on Figure 4.22 and Figure 4.23.
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Figure 4.22: Pier moments about transverse () direction (Bridge 1)
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Figure 4.23: Pier moments about longitudinal (X) direction (Bridge 1)

Results pointed out that differences between RSP load combinations and NLTH case 9 are
5.8% in average, for moments under longitudinal excitation (about transverse direction),
and 1.3% under transverse excitation (about longitudinal direction) in average. Those
values did not change for retrofitted case also. As seen, differences were negligible for all

analysis cases. Discussion of this outcome is included in the paragraphs below.

Under horizontal ground motion, no moment coupling occurred in piers. In other words;
noticing straight alignment of Bridge 1, directional pier responses resulted due to related
excitations only, that is; moments about transverse axis originate from longitudinal
excitation only and vice versa. In view of this fact, it is concluded that these variations have
originated due to the nature of Rayleigh damping matrix and minor unconformities between

pseudo acceleration spectra of scaled accelerograms and design response spectrum.

Larger pier moments of P3 axis is directly related to the fundamental mode shape of the
structure in transverse direction, shown in Figure 4.24. One shall remember from Table A.1
that, mass participation factor of this mode was 88.4%, indicating vibration due to
transverse excitation will induce approximately same deformation shape on structure. Thus
it can be judged that pier P3 will exhibit greatest shear force and thus moment among the
others due to this vibration mode, as it is the shortest one. Although pier P2 has the same
length, it will not yield that much moment, as movement of superstructure in transverse

direction is constrained at the abutment.
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Figure 4.24: Mode shape governing transverse (Y) direction (Bridge 1)

Vertical excitation creates no considerable moments on piers as expected. Thus all load

Ly

combinations, including those suggested by AASHTO, were deemed to be accurate.

Pier axial forces are tabulated in Table 4.16 and Table 4.17.

Table 4.16: Absolute maximum pier axial forces from Dead and RSP analysis (Bridge 1)

AXIis D 1 2 3

P2 9642 228 0 4056
P3 9602 470 0 4051
P4 10553 518 1 4315
P5 10553 47 0 4441
P6 10594 523 1 4267

Table 4.17: Maximum and minimum pier axial forces from load combinations (Bridge 1)

Direction AXIS D+C1 D+C2 D+C3 D+C4 D+C5
P2 9414 9573 8197 8356 5517
P3 9132 9461 7916 8246 5410
Minimum P4 10035 10397 8740 9102 6082
P5 10506 10539 9174 9207 6098
P6 10070 10436 8790 9155 6169
P2 9870 9710 11086 10927 13766
P3 10073 9743 11288 10959 13794
Maximum | P4 11071 10709 12366 12004 15024
P5 10600 10568 11933 11900 15008
P6 11117 10752 12397 12032 15018
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As explained in Section 3.3, AASHTO Standard Specifications [2] suggest the use a load
factor of 0.75, to reduce dead loads when checking maximum pier moments, for bridges of
SPC A. Although this case study is of SPC D, reduced tensile forces are still included in
comparisons and tabulated in Table 4.18 and Table 4.19.

Table 4.18: Reduced minimum pier axial forces per AASHTO (Bridge 1)

Direction AXis 0.75D+C1 0.75D +C2
P2 7003 7163
P3 6731 7060
Minimum P4 7396 7758
P5 7868 7901
P6 7422 7787

Table 4.19: Maximum and minimum pier axial forces, LTH and NLTH cases (Bridge 1)

Direction AXis 7 8 9

p2 5441 5804 5782
P3 5433 5864 5787

Minimum P4 6193 6656 6568
P5 6156 6603 6494
P6 6153 6511 6431
p2 13500 13823 13841
P3 13416 13775 13770

Maximum P4 14541 14937 14912
P5 14612 14844 14951
P6 14756 14930 15034

Results are plotted on Figure 4.25 and Figure 4.26.
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Figure 4.25: Minimum pier axial forces (Bridge 1)
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Figure 4.26: Maximum pier axial forces (Bridge 1)

Results pointed out that vertical excitation had a considerable effect on pier axial forces,
altering them by 41.5% in average. This value is close to those observed in bearing axial
forces and cap beam moments. AASHTO load combinations significantly overestimated

(58.3%) and underestimated (27.3%) minimum and maximum axial forces in piers.
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Combinations C3, C4 and C5 produced accurate results for both responses (5.7% smaller
for maximum axial forces and 0.1% greater for minimums). Reduced AASHTO approach

provided minimum axial forces that are greater up to 21.1%, being 17.3% in average.

Lower Bound Analyses

Due to all of these discussions included from the beginning of this section, one important
question comes into mind, what are the consequences of sacrificing hold-down devices for
this bridge? Lower bound nonlinear time-history and response spectrum analyses, of which
assumptions had been described in Section 4.2.3 were performed to seek the answer.

Recalling Equation (3.2), the minimum required support length of this bridge according to
AASHTO is;

N = (305 + 2.5L + 10H)(1 + 0.0001255?%)

Where;

L = 180 m length of whole superstructure
H = 16 m,10 m and 20 m for abutments, short and long piers respectively

S = 0 since bright alignment is straight

This leads to three values of 915 mm, 855 mm and 955 mm for abutments, short and long
piers respectively. From now on, assuming these requirements are satisfied, relative
displacement of superstructure to the bottom face of bearings will be investigated. Only
longitudinal displacements are to be examined, as shear blocks prevent transverse

displacement of bearings.

Bearings with ID’s 1, 10, 28, 46, 64, 82 and 100, which are the side bearings on Al,
P2,P3,P4, P5P6 and A7 axes, were inspected for this purpose. Results are tabulated in
Table 4.20 and Table 4.21. Relevant directions for abutments were considered only, that is;
positive X direction for Al and negative for A7 axis where superstructure tends to displace
apart from the abutments. For piers, maximum responses in both directions are tabulated,
since a symmetric bearing exists on the opposing side of the cap beam (i.e. results will be of

same magnitude but in different direction for 10 and 19, etc.).
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Table 4.20: Relative superstructure displacements with respect to the bottom of bearings,
LTH case 10 (Bridge 1)

ID 10-1 10-2 10-3 10-4 10-5 10-6 Avg. Max
1 240 262 212 223 192 179 218 262
10 242 256 208 219 187 177 215 256
28 241 257 209 219 187 177 215 257
46 292 254 246 238 214 195 240 292
64 297 248 247 238 218 200 241 297
82 293 256 246 239 218 196 241 293
100 214 207 199 202 169 199 198 214

Table 4.21: Relative superstructure displacements with respect to the bottom of bearings,
RSP analyses cases (Bridge 1)

ID 11 12 13
1 610 7 3
10 613 2 3
28 612 2 3
46 615 1 3
64 615 0 3
82 616 1 3
100 610 18 3

Differences between results of LTH and RSP analyses were again due to nature of Rayleigh
damping matrix. Selected coefficients provided significantly high damping values, reaching
up to approximately 10% at increased fundamental period in longitudinal direction (3.269
sec) in this lower bound case. Thus displacements of LTH cases were much lower (33.8%
in average) than those of RSP analyses. As seen from Table 4.21, longitudinal
displacements of bearings were governed only by excitation in the same direction, which is

sensible. Due to these discussions, results of RSP case 11 were used in evaluation.

Outcomes indicated that average of the values obtained from different excitations was in
the limits of provided seat width. Also the maximum ones were observed to be so, thus it
may be concluded that stability loss of structure will not occur bearings due to loss of
support under I-girders, if minimum support length requirement per AASHTO is provided.
However, longitudinal displacements of superstructure relative to the bottom end of the
bearings increased up to 2.6 times at abutments and 5.7 times at piers, due to the extended
fundamental period of the structure in the same direction. Those for the earlier RSP cases 1,
2 and 3 are tabulated in Table 4.22.
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Table 4.22: Relative superstructure displacements with respect to the bottom of bearings,
RSP analyses cases (Bridge 1)

ID 1

1238
10 | 198
28 | 199
46 | 108
64 | 109
82 | 108
100 | 239 18
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4.3.2 BRIDGE 2: STEEL I-GIRDERS AND CONCRETE DECK
This type of superstructure is widely used in Europe, however rarely utilized in Turkey.
Superstructure consists of 5 steel I-girders spaced 2.6 m apart from center-to-center. Height

of I-girders is 155 cm and thickness of overlying concrete slab is 25 cm. Span length is 60

m between pier axes. Dimensions and section properties are shown in Figure 4.27.

12.50m
|
s .
0.25m LY
l 800
2.60m (M — A=7074m?
Iy=3.197m*
Ix= 94.228m*
J =3.1553m*
=20 1550
PR S E—
40 4

* All units are in mm unless otherwise stated

Figure 4.27: Dimensions and section properties of superstructure (Bridge 2)
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One elastomeric bearing exists under each girder; with plan dimensions of 550x550 mm at

piers and 400x400 mm at abutments, both with height of 80 mm. Shear blocks were placed

between precast girders to prevent transverse movement of superstructure. Translational

stiffness’s of bearings are as follows (for piers and abutments respectively);

Axial stiffness = 8377647, 2343757 KN/m
Longitudinal stiffness = 4727, 2500 kKN/m

Transverse stiffness = very rigid (To account for shear blocks)
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Figure 4.28: Dimensions and section properties of cap beams and piers (Bridge 2)

Rectangular section and box tube with two cells was used for cap beams and piers

respectively. Dimensions and section properties are shown in Figure 4.28.

Idealized analysis model is shown in Figure 4.29.
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Figure 4.29: Analysis model (Bridge 2)

Modal Analysis

Natural periods of vibration and mass participation factors of first 200 modes are given in

APPENDIX B as well as with the shapes of fundamental modes.

Following period intervals accumulated over 90% of modal mass in each orthogonal

direction:

X direction : T=1.653 (90.9%)
Y direction : T=0.704-0.071 (90.7%)
Z direction : T=1.120-0.035 (90.1%)

Rayleigh damping coefficients were selected to make average damping ratio equal to 5%
between the periods of fundamentals modes governing vibrations in X and Z directions
(1.653 s and 0.637 s respectively). Coefficients a = 0.3142 and b = 6.983e-3, which set
damping ratio to 5% at periods 0.65 s and 1.35 s, were deemed as suitable for this purpose.
Plot of damping ratio versus period is given on Figure 4.30. Periods of fundamental

vibration modes for each orthogonal direction are plotted on the same chart.
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Figure 4.30: Damping ratio vs. period (Bridge 2)

Using related provisions of [1] that are mentioned in Section 3.1, ensemble horizontal
SRSS spectrum was scaled so that acceleration values does not fall below 1.3 times the
design spectrum in the interval between periods T; to T,, which are 0.5 times of
fundamental period of vibration in transverse direction and 1.5 times of the one in
longitudinal directions respectively.

T, =0.5%0.704 = 0.352 s
T, =1.5%1.653=2.480s

Minimum ratio of acceleration values of ensemble spectrum to those of design spectrum
was found to be 1.368 and 1.350 for modified and synthetic set records. These led to scale
factors of 0.951 and 0.963 to be applied to horizontal components of these sets respectively.

Bearing Axial Forces and Hold-down Device Design

Results are tabulated in Table 4.23.
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Table 4.23: Bearing axial forces from RSP cases and load combinations (Bridge 2)

Axis |ID | D 1 2 3 C1 C2 C3 C4 C5
1 965 30 | 264 | 257 109 |273 |186 |350 345
Al |2 965 30 132 257 |70 141 | 147 | 218 305
3 965 30 |0 257 130 9 107 | 86 266
6 2671 26 882 [860 |291 |890 |549 |1148 1132
P2 |7 2672 26 | 441 [860 |159 449 417 | 707 1000
8 2673 26 |0 860 | 26 8 284 | 266 868

11 | 2670 25 |303 |867 |116 |311 |376 |571 966
P3 12 | 2671 25 152 868 |71 159 [ 331 |419 921
13 | 2671 25 |0 868 | 25 8 286 | 268 875
16 | 965 35 [429 [256 164 |440 |241 |517 396
A4 |17 |965 35 |215 |25 |100 |225 177 |302 331
18 | 965 35 |0 256 | 35 11 112 | 88 267

C1 and C2 load combinations were used as to check the requirement of hold-down device
according to AASHTO. Design forces are supplied in Table 4.24 for each bearing. Cells
containing a slash, “-”, indicates that hold-down device is not needed for that bearing.

Forces obtained from load combinations C3, C4 and C5 are included as well.

Table 4.24: AASHTO Hold-down device design forces (Bridge 2)

Axis ID c1 C2 C3 Cc4 C5
1 - - - - -
Al 2 - - - - -
3 - - - - -
6 - - - - -
P2 7 - - - - -
8 - - - - -
11 - - - - -
P3 12 - - - - -
13 - - - - -
16 - - - - -
A4 17 - - - - -
18 - - - - -

Results indicated that hold-down requirement did not materialize for any of the bearings. At
this point, it will be helpful to make a comparison with the results of Bridge 1. The
dissimilarity of the results of Bridge 1 and Bridge 2 primarily originated from the

difference in bearing layouts.
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As shown in Figure 4.31 and also explained in APPENDIX F, bearings in Bridge 1 were
placed in two opposing sides of cap-beam, due to discontinuity of pre-stressed I-girders. On
the other hand, for Bridge 2, continuous girder structure enables placement of a single line
of bearings on a pier. Thus top piers moments due to longitudinal excitation did not create

an axial force couple in bearings, preventing occurrence of uplift forces.

BRIDGE-1 BRIDGE-2

Figure 4.31: Bearing Layouts of Bridge 1 and Bridge 2

Reader will normally question that why transverse excitation does not trigger hold-down
device requirements in bearings as it does for Bridge 1, which can be examined from Table
4.6. A solution using Equation (F.16) developed in APPENDIX F will be helpful to reveal
the answer of this question. Recalling the axial force in bearing numbered n due to

transverse excitation from Equation (F.16);
F, =n.F; = n. My, /(2.d. 221 i?)

Assuming identical top pier moments two bridges, axial force ratio becomes a function of

total number and spacing of bearings on a pier;
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Substituting ny =4, d; =13 and n, =2, d, =2.6 for Bridge 1 and Bridge 2
respectively, this ratio will be equal to 2/3, meaning that Bridge 2 will experience 1.5 times
larger uplift forces in bearings under transverse motion. But the assumption of identical pier
moments is not unrealistic, and hold-down device requirement of AASHTO not only
depends on axial forces due to excitation, but also those under dead loads. Dead loads
responses were different for both bridges recalling Table 4.5 and Table 4.23. Those
parameters will be taken into account to make a sound verification of axial forces given in
Table 4.23.

Equation (F.16) needs a modification for Bridge 2 because transverse shear forces in
bearings also contributes to the moment M,,, as shown in Figure 4.32, since line of action
of these shear forces are at a distance h from top of pier. This difference originated from
dissimilarity of cap beam sections used in both bridges, which resulted in different centroid
locations with respect to bearings that cap beam elements pass through. Due to transverse
movement, all bearings of a pier will be displaced by the same amount due to the high
rigidity of superstructure, thus will exhibit same shear forces. Under these circumstances
Equation (F.16) becomes;

F, =n.F; =n.(Myp — Fypear- (2n+ 1). ) /(2.d. TiZ1 i?) (4.4)

Figure 4.32: Modification to Equation (F.16) for Bridge 2
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Top pier moments and bearing shear forces for P2 axis of Bridge 2 under transverse
excitation were obtained from RSP analysis case 2. Undoubtedly, at the same time instant
axial forces in the side bearings, which are to be calculated, will be at their maximum.

Substituting obtained values into Equation (4.4);
F, = 2.(19412 — 1959 * 5 % 0.750) /(2 * 2.6 * 5) = 928 kN

Result obtained from RSP analysis case 2 is equal to 882 kN for the same bearing. This 5%
difference primarily originates due to the fact that Equation (4.4) ignores the mass of the
cap beam, as explained earlier in APPENDIX F for the case of Bridge 1. But, it is seen that
this approach is very useful to verify the magnitude of axial forces of bearings resulting

under transverse excitation.

Pier top moments depends on transverse bending stiffness of piers for both bridges as well
as other properties, which are, tributary masses carried by piers and torsional stiffness
contributions of superstructure to the top of piers. All of these variables affect the
magnitude of fundamental period of vibration in transverse direction as well as rotational
rigidity of pier top. These variations shall be investigated by a parametric study, which is
out of scope of this thesis work.

Recalling hold-down device requirement of AASHTO; if uplift force in a bearing exceeds
50% of axial force under dead loads, it is necessary to utilize a hold-down device [2, 3]. For

bearings at P2 axis;

F, 882
Fy—dead 2671

= (0.330

Thus hold-down device requirement did not arise for this bridge.

To move on with time-history analyses, bearing axial forces calculated from one-directional
LTH cases 4, 5 and 6 were shown in Table 4.25.
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Table 4.25: Bearing axial forces from one-directional LTH analyses (Bridge 2)

Axis ID 4 5 6
1 36 252 277
Al 2 36 126 277
3 36 0 277
6 29 944 865
P2 7 29 472 865
8 29 0 865
P3 11 28 307 859
Table 4.25 (continued)
AXis ID 4 5 6
P3 12 28 154 859
13 28 0 859
16 40 466 278
Ad 17 40 233 278
18 40 0 278

Average ratio of bearing axial forces obtained from LTH analyses to those of RSP cases at
each axis are given on Figure 4.33 for orthogonal directions.
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Figure 4.33: Ratio of bearing axial forces for LTH/RSP (Bridge 2)

The ratios are;
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- 1.06% in average in X direction.
- 1.03% in average in Y direction.

- 1.02% in average in Z direction.

Results pointed out compatibility of time-history and response spectrum analyses. Small
deviations have confirmed the appropriateness of both used Rayleigh damping coefficients
and accelerograms for this case also.

Bearing axial forces obtained from multi-directional linear time-history case 7 are shown in
following tables. Since tensile bearing forces were not observed from the results of multi-
directional LTH analysis cases, no necessity aroused to perform any NLTH analyses
further.

Table 4.26: Bearing axial forces from multi-directional LTH analyses (Bridge 2)

Axis ID 7
T C
1 - 1320
Al 2 - 1257
3 - 1222
6 - 3912
P2 7 - 3665
8 - 3482
11 - 3618
P3 12 - 3546
13 - 3482
16 - 1552
A4 17 - 1377
18 - 1230

Results were found to be in complete agreement with those of AASHTO load combinations
(C1 and C2). As need of hold-down device design was not necessitated, provisions of
AASHTO were deemed as accurate. Load combinations C3, C4 and C5 also produced the

same outcome.
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Compressive axial forces which bearings were exposed to under applied earthquake

excitations are plotted for the same analyses cases on Figure 4.34.
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Figure 4.34: Comparison of Compressive Bearing Axial Forces (Bridge 2)

Results showed that AASHTO load combinations (C1 and C2) underestimated axial forces
in bearings up to 17.6% at P3 axis, and 10.6% in average. Since bearings did not exhibit
uplift in this case, responses due to excitations can be examined separately.

Significant contribution occurred due to motions in both transverse and vertical direction as
seen from Table 4.23, yielding almost equal increase in axial forces (27.3% and 29.5%) in
the edge bearings of the superstructure. Peak responses resulting from these two motions
did not occur exactly at the same time instant in time-history analyses, but the magnitude of
resultant axial force obtained from LTH case 7 was close to the sum of individual

components computed from RSP cases 2 and 3.

In view of these facts, load combinations C3, C4 and C5 produced more accurate estimate

of bearing axial forces. Recalling these combinations;

- C3:1.0X+0.3Y+0.3Z
- C4:0.3X+1.0Y+0.3Z
- C5:0.3X+0.3Y+1.0Z
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Although the factor of 0.3 underestimated the combinations of those earthquake responses

for this case, error decreased to 10.5% for P3 axis and to 4.5% in average.

Cap Beam Moments

Maximum moments in cap beams are presented in the following tables and figure.

Table 4.27: Maximum cap beam moments from Dead and RSP analysis (Bridge 2)

AXis D 1 2 3
P2 7262 68 3861 2257
P3 7258 66 1449 2291

Table 4.28: Maximum cap beam moments from load combinations (Bridge 2)

Axis D+C1 D+C2 D+C3 D+C4 D+C5
P2 8489 11144 9166 11821 10698
P3 7759 8727 8446 9414 10004

Table 4.29: Maximum cap beam moments from LTH case 7 (Bridge 2)

AXis 7
P2 12425
P3 10025
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Figure 4.35: Comparison of cap beam moments (Bridge 2)
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As explained earlier in this section, axial forces in bearings did not change during
longitudinal excitation. Thus it is not expected to observe an alteration in cap beam
moments, which was verified by Figure 4.35. Transverse excitation had a major influence
on cap beam moments for this bridge. From earlier discussions, it can be recalled that top
pier moments were much greater than those of Bridge 1. This also led to the larger increase
in bearing axial forces and thus cap beams moments for this case. This alteration was
53.2% at P2 axis (short pier) and 20% at (P3) axis, of the values under dead loads.

As in the case of Bridge 1, a significant increase in cap beam moments also originated from
vertical excitation, which was approximately 31% for all cap beams, with respect to values
under dead loads. The increase in bearing axial forces due to vertical motion was
approximately the same (29.5%), as seen from Table 4.23. AASHTO load combinations
(C1 and C2) underestimated cap beam moments 4.8% and 13.2% for P2 and P3 axes
respectively, since they do not account for the effects of vertical excitation. Load
combinations C3, C4 and C5, which includes vertical direction as well, produced results
that are 1.0% greater and 0.4% smaller for the same axis as seen from Figure 4.35, thus

deemed to provide accurate estimates.

Pier Forces

Forces are tabulated in Table 4.30 and Table 4.31.

Table 4.30: Maximum pier moments about transverse axis (Bridge 2)

Axis D+[Max(C1,C2)] 7 D+[Max(C3,C4,C5)]
P2 51119 47872 51456
P3 50188 44926 50293

Table 4.31: Maximum pier moments about longitudinal axis (Bridge 2)

Axis D+[Max(C1,C2)] 7 D+[Max(C3,C4,CH)]
P2 130023 132859 130024
P3 101287 99115 101287

Pier moments are plotted for these analyses cases on Figure 4.36 and Figure 4.37.
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Figure 4.36: Pier moments about transverse (X) axis (Bridge 2)
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Figure 4.37: Pier moments about longitudinal (YY) axis (Bridge 2)

Deviations between results of AASHTO load combinations and LTH case 7 were 9.2% in
average for moments under longitudinal excitation (about Y axis), and + 2.2% under
transverse excitation (about Y axis), being equal in average. Load combinations C3, C4 and
C5 produced nearly the same results with those of C1 and C2, just slightly increasing the
difference to 9.7% in average under longitudinal excitation. In accordance with the remarks
made in earlier in this section for Bridge 1, these negligible differences originated from
nature of Rayleigh damping matrix and small unconformity of pseudo acceleration spectra

of scaled accelerograms with design response spectrum.

Vertical excitation created no considerable moments on piers as expected.
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Load combinations suggested by AASHTO gave accurate results, noticing again the

straight alignment of the bridge.

Pier axial forces are tabulated in Table 4.32, Table 4.33 and Table 4.34.

Table 4.32: Absolute maximum pier axial forces from Dead and RSP analysis (Bridge 2)

AXis D 1 2 3
P2 15770 132 1 4435
P3 17197 128 1 4705

Table 4.33: Maximum and minimum pier axial forces, RSP load combinations (Bridge 2)

Direction AXis D+C1 D+C2 D+C3 D+C4 D+C5
Minimum P2 15638 15730 14307 14399 11295
P3 17069 17158 15657 15747 12454

Maximum P2 15902 15810 17233 17141 20244
P3 17325 17236 18737 18648 21941

Table 4.34: Maximum and minimum pier axial forces from LTH case 7 (Bridge 2)

Direction AXis 7
Minimum P2 11435
P3 12593
Maximum P2 20215
P3 21910

Reduced axial forces per AASHTO load combinations are also tabulated in Table 4.35.

Table 4.35: Reduced minimum pier axial forces, RSP load combinations (Bridge 2)

Direction AXis D+C1 D+C2
Minimum P2 11695 11787
P3 12770 12859

Results are plotted on Figure 4.38.
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Figure 4.38: Minimum pier axial forces (Bridge 2)
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Figure 4.39: Maximum pier axial forces (Bridge 2)

Results pointed out vertical excitation altered pier axial forces by 27.7% in average, which
is of nearly the same value of change in compressive bearing forces and cap beam
moments. AASHTO load combinations overestimated (36.1%) and underestimated (21.1%)
minimum and maximum axial forces in piers. Combinations C3, C4 and C5 produced
accurate results for both responses (1.1% smaller for maximum axial forces and 0.1%
greater for minimums). Reduced AASHTO load combinations also provided accurate
results, which are 1.8% greater in average.
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4.3.3 BRIDGE 3: POST_TENSIONED BOX SECTION

Another superstructure type, which is widely used in especially United States and Europe,
is post-tensioned concrete box section. Although this type has some applications in Turkey,

but these are very few in number.

For this study, AASHTO-PCI-ASBI 2700-2 type post-tensioned box section was selected to
span a length of 60 m between axes. Three different variations were used through the span,
of which dimensions and properties are shown in Figure 4.40 and Figure 4.41. This
configuration is a slightly modified version of the design example described in [31].
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Figure 4.40: Superstructure dimensions - 1 (Bridge 3)
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Figure 4.41: Superstructure dimensions - 2 (Bridge 3)

2 elastomeric bearing were placed under the box section; with plan dimensions of 700x700
mm for piers and 1000x1000 mm for abutments, both with height of 80 mm. Shear keys
were utilized at abutments, to prevent transverse movement of superstructure. Translational

stiffness values of bearings are as follows (for piers and abutments respectively);
Axial stiffness = 91552734, 21981812 kN/m
Longitudinal stiffness = 15625, 7656 kN/m

Transverse stiffness = 15625, very rigid (To account for shear keys at abutments)

Dimensions and section properties of piers are shown in Figure 4.42.
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Figure 4.42: Dimensions and section properties of piers (Bridge 3)

Idealized analysis model is shown in Figure 4.43.

—~
l}lOm
20m
Figure 4.43: Analysis model (Bridge 3)

Modal Analysis

Natural periods of vibration and mass participation factors of first 200 modes are given in

APPENDIX C as well as with the shapes of fundamental modes.
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Following period intervals are found to accumulate over 90% of modal mass in each
orthogonal direction:

X direction : T=1.583 (93.1%)
Y direction : T=1.323-0.073 (90.3%)
Z direction : T=10.699-0.039 (91.7%)

Rayleigh damping coefficients were selected to make average damping ratio equal to 5%
between the periods of fundamentals modes governing vibrations in X and Z directions
(1.583 s and 0.399 s respectively). Coefficients a = 0.3396 and b = 5.807e-3, which set
damping ratio to 5% at periods 0.50 s and 1.35 s, were deemed to be suitable for this
purpose. Plot of damping ratio versus period is given on Figure 4.44. Periods of

fundamental vibration modes for each orthogonal direction are plotted on the same chart.
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Figure 4.44: Damping ratio vs. period (Bridge 3)

Ensemble horizontal SRSS spectrum was scaled so that acceleration values did not fall

below 1.3 times design spectrum between periods T; to T,, where;

T, = 0.5%1.323 = 0.662 s
T, = 1.5%1.583 = 2.375 s
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Minimum ratio of acceleration values of ensemble spectrum to those of design spectrum
was found to be 1.368 and 1.350 for modified and synthetic set of records respectively.
These led to scale factors of 0.951 and 0.963, which are to be applied to the orthogonal
horizontal components of those.

Bearing Axial Forces and Hold-down Device Design Forces

Results of RSP load combinations are presented Table 4.36 and Table 4.37.

Table 4.36: Bearing axial forces from RSP cases and load combinations (Bridge 3)

Axis | ID D 1 2 3 C1 C2 C3 C4 C5
Al |1 3108 | 205 | 3416 | 1083 | 1230 | 3478 | 1554 | 3803 | 2169
P2 |3 8458 | 332 |1742 | 3583 | 854 1841 | 1929 | 2916 | 4205
P3 |5 8445 306 |3204 | 3611 | 1267 | 3296 | 2350 | 4379 | 4664
A4 |7 3116 | 250 | 5043 | 1071 | 1763 |5118 | 2084 | 5439 | 2658

Design forces are supplied for AASHTO load combinations in Table 4.37, where cells

containing a slash, “-”, indicates that hold-down device was not needed for that bearing.

Table 4.37: Hold-down device design forces (Bridge 3)

AXis ID C1 C2 Max
Al 1 - 443 443
P2 3 - - -

P3 5 - - -
Ad 7 312 2403 2403

Conceptual design was performed by connecting superstructure to the top of piers via steel
bars in front of each bearing as done for Bridge 1. Maximum design force of bearing couple
at an abutment or pier axis was for hold-down devices to be placed for all at that axis. As
discussed in Section 4.3.1, this study is only concerned with the tensile stiffness of the
device. Thus connection details were not considered. A schematic drawing of hold-down

device for Bridge 2 is shown in Figure 4.45.
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Figure 4.45: Schematic drawing of hold-down device (Bridge 3)

Recalling Equation (4-3), tensile stiffness of hold-down device is;
Kyp = (E.P)/(l.0,) (4-3)
Calculations were done by substituting £ = 200000 Mpa and g, = 252 Mpa into Equation

(4-3), as in the case of Bridge 1. [ was set equal to 0.5 m, which is a rational value suiting

this geometry. Calculated stiffness values are given in Table 4.38.

Table 4.38: Hold-down device stiffness per bearing at each axis (Bridge 3)

Axis | Design Force/bearing | Calculated Area (mm?) | Stiffness/bearing (KN/m)
Al 443 1757.94 703174

P2 - - -

P3 - - -

A4 2403 9535.71 3814282

Bearing axial forces calculated from one-directional linear time-history analysis cases 4, 5
and 6 are shown in Table 4.39.

Table 4.39: Bearing axial forces from one-directional LTH analyses (Bridge 3)

AXis ID 4 5 6

Al 1 207 3993 1063
P2 2 347 1840 3554
P3 3 300 3448 3578
Ad 4 273 5652 1056
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These results are compared with the ones obtained from response spectrum analyses to
verify Rayleigh damping coefficients, as well as modified strong ground motion records.
Average ratio of bearing axial forces obtained from LTH to those of RSP cases at each axis

are given on Figure 4.46 for orthogonal directions.
Obtained ratios are;

- 0.99in average in X direction.

- 1.01inaverage in 'Y direction.

- 1.01in average in Z direction.

Negligible differences indicated that selected Rayleigh damping coefficients and modified

accelerograms were appropriate.
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Figure 4.46: Ratio of bearing axial forces for LTH/RSP (Bridge 3)

Bearing axial forces obtained from LTH and NLTH cases 7, 8 and 9 as well as with hold-
down device forces of load combinations C3, C4 and C5 are shown in Table 4.40 and Table
4.41.
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Table 4.40: Bearing axial forces from multi-directional LTH analyses (Bridge 3)

Axis ID 7 8 9
T. C. T. C. T. C.
Al 1 -307 6559 YES 10726 -286 8350
P2 3 - 12307 - 12810 0 12803
P3 5 - 13115 - 13642 0 13663
A4 7 -1637 8148 YES 16545 -1430 9302

Table 4.41: Hold-down device forces from load combinations C3, C4 and C5 (Bridge 3)

AXis ID C3 C4 C5 Max
Al 1 - 694 - 694
P2 3 - - -
P3 5 - : }
A4 7 - 2323 - 2323
These results are plotted on Figure 4.18.
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Figure 4.47: Comparison of Hold-Down Device Forces (Bridge 3)

The number and location of bearings that required application of a hold-down device
exactly matched for all time-history analyses cases and AASHTO load combinations (C1,

C2), as in the case of Bridge 1.
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A verification of this observation can be done by scanning Table 4.37 for bearing ID’s
having hold-down design forces greater than zero and, Table 4.40 for the ones exposed to

tensile axial forces.

AASHTO load combinations (C1 and C2) produced conservative results which are 55.3%
and 68% greater for Al and A4 axis respectively, than those of NLTH case 9. Load
combinations C3, C4 and C5 gave even higher deviation for Al axis, which is 143.2% and
slightly lower for A2 axis as 62.5%. LTH case 7 produced slightly higher device forces,
which are 11.1% greater in average.

For this bridge, uplift forces occurred due to the transverse and vertical excitations as seen
from Table 4.36. Results of LTH case 7 indicated that total uplift force was approximately
equal to the value coming from transverse direction only. This observation pointed out to
the fact; peak responses due to excitation in both these directions did not occur at the same
time instant. To be able to examine individual response histories, forces in bearings 1 and 7
were plotted vs. time for transverse and orthogonal directions separately for ground motion

record 3, excluding dead loads. Tension forces are shown as positive.
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Figure 4.48: Axial forces for bearing 1 under excitation 3 in Y and Z directions
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Figure 4.49: Axial forces for bearing 7 under excitation 3 Y and Z directions

Figure 4.48 and Figure 4.49 clearly shows that contribution of vertical excitation was
negligible at time instant where resultant bearing forces were at maximum. Here, one may
wonder if the situation is the same under all generated records. To investigate further cases,
similar plots of record 6 are provided Figure 4.50 and Figure 4.51. Author believes that
providing such plots for the remaining records will create useless mass on these pages,
rather than providing further clarification of the subject.
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Figure 4.50: Axial forces vs. time for bearing 1 under excitation 6
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Figure 4.51: Axial forces vs. time for bearing 7 under excitation 6

Again these plots indicate occurrence times of peak responses due transverse and vertical
excitations did not match, and even vertical response could have a negative contribution to
the peak values of horizontal one. As this is a probabilistic issue, the mentioned action may
not be observed in different further excitation records. But for current case, 0.3 coefficients

introduced in all load combinations overestimated resultant uplift forces.

Although differences were small in terms of bearing axial forces, they further increased the
deviations of hold-down device forces. Suppose axial forces in bearings under dead loads
and strong ground motion were denoted by D and E respectively. Hence uplift force a
bearing will be U = E — D. Here, deviations of the results will be greater for uplift force U.
To demonstrate, actual values of bearing ID:1, D = 3108 for dead loads, and E; = 3478

and E, = 3415 for load combination C2 and LTH case 7 respectively are substituted.

Hence E;/E, becomes 1.02 and U;/U, will be 1.21 respectively. One shall recall that
AASHTO also includes the multiplication factor of 1.2 for hold-down device design forces,
increase ratio of U; /U, to 1.45. As tensile stiffness hold-down devices are smaller than
those of bearings, NLTH case 9 produced even slightly smaller uplift forces, which

increased this ratio to 1.55 in percentage as explained in early paragraphs.

Compressive bearing axial forces are plotted on Figure 4.52.
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Figure 4.52: Comparison of Compressive Bearing Axial Forces (Bridge 3)

Results of NLTH case 8 indicated that uplift of bearings increases compression forces at
bearings on the opposite side significantly. This alteration was 28.4% and 77.9% at
abutments Al and A4 respectively, when compared to the results obtained from retrofitted
NLTH case 9. To be able to interpret these results, one shall consider that superstructure
sits on two bearings, being very different from Bridge 1. Thus uplift of a bearing under
transverse excitation is expected to increase the compression forces on its neighbor in
greater means, as no redundancy of supports exists as it did in the case of Bridge 1.
However, it could not be possible again to develop a quantitative explanation of such a non-

linear problem under three orthogonal excitations.

Forces obtained from AASHTO combinations tend to be 21.1% and 11.5 smaller at A1 and
A4 axes, and 19.6% and 14.1% smaller at P2 and P3 axes respectively. Load combinations
C3, C4 and C5 produced more accurate results, reducing underestimation ratios to 17.2%,
1.1%, 4.1% and 8.1% for the same axes, Al, A4, P2 and P3.

Pier Moments

Maximum pier moments for all analysis cases are presented in the tables.
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Table 4.42: Maximum pier moments about transverse direction (Bridge 3)

Axis | D¥[Max(C1,C2)] |7 8 9 D+[Max(C3,C4,C5)]
P2 | 46144 45002 | 42404 | 42386 | 47115
P3| 52759 50011 | 51064 | 51064 | 53045

Table 4.43: Maximum pier moments about longitudinal direction (Bridge 3)

Axis | D+y[Max(C1,C2)] |7 8 9 D+[Max(C3,C4,C5)]
P2 | 66146 66250 | 68987 | 69264 | 66146
P3| 76492 77609 | 80049 | 80338 | 76493

Pier moments are plotted for these analyses cases on Figure 4.53 and Figure 4.54. Results

indicated that differences between RSP load combinations and time-history analyses are

2.3% for moments under longitudinal excitation (moments about transverse direction), and

2.6% under transverse excitation (moments about longitudinal direction) in average. Same

ratios were 3.6% and 2.6% for load combinations C3, C4 and C5. As explained in earlier

cases, these quite small deviations were deemed to be originated from analyses parameters

such as damping matrix and spectrum-compatible excitations.
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Pier axial forces are tabulated in Table 4.44, Table 4.45 and Table 4.46. Results are shown

in Figure 4.55 and Figure 4.56 as well.

Table 4.44: Absolute maximum pier axial forces, Dead and RSP cases (Bridge 3)

Axis D 1 2 3
P2 18707 666 1 7265
P3 20117 624 0 7499

Table 4.45: Maximum and minimum pier axial forces, Load combinations (Bridge 3)

Direction AXis D+C1 D+C2 D+C3 D+C4 D+C5
Minimum P2 18040 18506 15860 16327 11242
P3 19492 19929 17242 17679 12430

Maximum P2 19373 18907 21553 21087 26172
P3 20741 20304 22991 22554 27803

Table 4.46: Reduced minimum pier axial forces, AASHTO Load combinations (Bridge 3)

Direction AXis 0.75D+C1 0.75D+C2
Minimum P2 13363 13829
P3 14463 14900
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Table 4.47: Maximum and minimum pier axial forces, LTH and NLTH cases (Bridge 3)

Direction AXIiS 7 8 9
Minimum P2 11558 11789 11792
P3 12577 12955 12921
Maximum P2 25216 26017 26020
P3 26939 27825 27827
25000
20000
= B AASHTO (1) [D+Max(C1,C2)]
= 15000
< AASHTO (2) [0.75D+Max(C1,C2)]
E L0000 u LTH (D)
s B NLTH (8)
b, 5000 m D+Max{C3,C3,C5)
m NLTH, retrofitted (9)
0

Axis

Figure 4.55: Minimum pier axial forces (Bridge 3)
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Figure 4.56: Maximum pier axial forces (Bridge 3)
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Results pointed out vertical excitation altered pier axial forces by 38.1% in average, which
is of nearly the same value of change in compressive bearing forces. AASHTO load
combinations overestimated (51.9%) and underestimated (25.5%) minimum and maximum
axial forces in piers. Combinations C3, C4 and C5 produced accurate results for both
responses (4.2% smaller for maximum axial forces and 0.2% greater for minimums).
Reduced AASHTO combinations supplied axial forces that were greater by 12.6% in
average.

Lower Bound Analyses

Recalling Equation (3.2), the minimum required support lengths AASHTO are;

N = (305 + 2.5L + 10H)(1 + 0.0001255?%)

Where;

L = 180 m length of whole superstructure
H = 15m,10 m and 20 m for abutments, short and long piers respectively

S = 0 since bright alignment is straight

This leads to three values of 905 mm, 855 mm and 955 mm for abutments, short and long
piers respectively. Assuming these requirements are satisfied, relative displacement of
superstructure to the bottom face of bearings was investigated. Longitudinal displacements
were examined only, as shear blocks prevents transverse displacement of bearings at

abutments and those at the piers were not subjected to uplift during NLTH case 8.

Bearings with ID’s 1, 3, 5 and 7, which are the side bearings on Al, P2,P3 and A4 axes
respectively, were inspected for this purpose. Only relevant directions for abutments were
considered, that is; positive X direction for Al and negative for A4 axis where
superstructure tends to displace apart from the abutments. For piers, maximum of reponses
in both directions were tabulated, as a symmetric bearing exists on the opposing side of the
pier (i.e. results will be of same magnitude but in different direction for 3 and 4, etc.).
Indeed, for this bridge it is not possible for bearings on the piers to experience unseating
due to longitudinal excitation, as superstructure is fully continuous. But results of those
were also provided in Table 4.48 and Table 4.49.
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Table 4.48: Bearing displacements NLTH case 10 (Bridge 3)

ID 10-1 10-2 10-3 10-4 10-5 10-6 Avg. Max
273 228 292 306 305 304 285 306
262 258 248 245 259 251 254 262
159 129 173 177 167 165 162 177
308 302 281 284 303 296 296 308

NV W=

Table 4.49: Relative superstructure displacements with respect to the bottom of bearings,
RSP analyses cases (Bridge 3)

ID 11 12 13
1318 7 3
3|271 4 7
5| 173 3 9
7| 319 8 3

Differences between results of LTH and RSP analyses were smaller than those in the case
of Bridge 1. Selected damping coefficients still provided high damping values reaching up
to approximately 6.5% at lower bound fundamental period (2.064 sec), but not as much as
they did in Bridge 1, in which damping ratio was approximately 10%. Thus displacements
of LTH cases are closer (9.9% smaller in average) to those of RSP analyses. As seen from
Table 4.21, longitudinal displacements of bearings were governed only by excitation in the

same direction. Thus, outcomes of RSP case 11 were used in evaluation.

Results indicated that average of the values obtained from all excitations did not exceed
provided seat width. Also the maximum ones were observed to be so, thus it is concluded
that stability loss of structure may not occur due to loss of support under I-girders, if
minimum support length requirement per AASHTO is provided. Bearing displacements
increased 42.7% in average for all. This smaller increase compared to Bridge 1 is again due
to the lesser change of longitudinal fundamental period, since only half of bearings were
modified to lose their shear capacity where same amount was 83.3% for Bridge 1. Bearing

displacements for earlier RSP cases 1, 2 and 3 are tabulated on Table 4.50.
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Table 4.50: Bearing displacements from RSP analyses cases (Bridge 3)

ID 1 2 3
1222 7 3
3191 4 7
5121 3 9
7 | 223 8 3

434 BRIDGE 4: STEEL BOX SECTION AND CONCRETE DECK

This type of superstructure is widely used in United States and partly in Europe.

Superstructure consists of double steel box girders with 6.15 m center-to-center spacing.
Height of box girders is 230 cm and thickness of overlying concrete slab is 25 cm. Section

dimensions and properties are shown in Figure 4.27.

Two elastomeric bearing exists under each girder; with plan dimensions of 600x600 mm for
piers and 400x450 mm for abutments, both with height of 80 cm. Shear blocks were placed
at the abutments. Translational stiffness values of bearings are as follows [2] (for piers and

abutments respectively);
Axial stiffness = 11865234, 2956045 kN/m
Longitudinal stiffness = 5625, 2813 kN/m

Transverse stiffness = 5625, very rigid (To account for shear blocks)

Dimensions of pier section and idealized analysis model are shown in Figure 4.58 and
Figure 4.59.
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ABUTMENT SECTION / PIER SECTION
1

* All units are in mm unless otherwise stated

Figure 4.57: Superstructure dimensions (Bridge 4)
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Figure 4.58: Dimensions and section properties of piers (Bridge 4)
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Figure 4.59: Analysis model (Bridge 4)

Modal Analysis

Natural periods of vibration and mass participation factors of first 200 modes are given in

APPENDIX D as well as with the shapes of fundamental modes.

Following period intervals were found to accumulate over 90% of modal mass in each

orthogonal direction:

X direction : T=1.552-0.345 (92.1%)
Y direction : T=1.253-0.052 (92.6%)
Z direction : T=0.807-0.036 (90.9%)

Rayleigh damping coefficients were chosen to set average damping ratio equal to 5%
between periods 0.459 s and 1.552 s. Coefficients a = 0.3491 and b = 6.079e-3e-3, which
equals damping ratio to 5% at periods 0.55 s and 1.25 s, were suitable to achieve this. A
plot of damping ratio versus period is presented on Figure 4.60. Periods of fundamental

vibration modes for each orthogonal direction are plotted on the same figure.
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Figure 4.60: Damping Ratio vs. Period (Bridge 4)

Using the related provisions given in Section 3.1.5, ensemble horizontal SRSS spectrum

was scaled between T; to T, where;

T, =0.5%1.253 = 0.627 s
T, =1.5*1.552 =2.328 s

These led to scale factors of 0.951 and 0.963, which are to be applied to the orthogonal

horizontal components of modified and synthetic excitation sets respectively.

Bearing Axial Forces and Hold-down Device Design Forces

Table 4.51: Bearing axial forces (Bridge 4)

Axis | ID D 1 2 3 C1 C2 C3 C4 C5
Al 1 1006 | 44 410 327 210 595 541 927 1292
2 1006 | 44 271 327 167 423 265 521 463
P2 5 2788 | 34 585 1106 | 126 285 224 383 422
6 2788 | 34 387 1106 | 150 398 482 729 1232
P3 9 2785 | 34 416 1111 | 158 426 492 760 1246
10 2786 | 34 276 1111 | 210 595 541 927 1292
Ad 13 1007 | 48 458 326 139 318 450 619 1204
14 1007 | 48 303 326 158 426 492 760 1246

107




Results indicated that hold-down requirement arises for none of the bearings. AASHTO
requirements were not triggered, and also load combinations C3, C4 and C5 affirmed so.
Recalling earlier explanations made in this chapter for Bridges 1 and 2, it is expected that
longitudinal earthquake motion would not create uplift forces in bearings, as it was the case
indeed. Also it was explained for the same bridges that, since bearing numbers on a pier
increase, loss of compression forces decrease as a consequence of greater redundancy. Thus
outcomes of this case can be justified by sense, considering the similarity with the bearing
layout with that of Bridge 2.

Bearing axial forces calculated from one-directional LTH cases are shown in Table 4.52.

Table 4.52: Bearing axial forces from one-directional LTH analyses (Bridge 4)

AXis ID 4 5 6
1 44 424 345
Al 2 44 281 345
P2 5 32 605 1078

Table 4.52 (continued)

6 32 400 1078
P3 9 30 436 1082

10 30 288 1082
Al 13 49 478 342

14 49 317 342

Ratios of maximum bearing axial forces calculated from LTH analyses to the ones obtained
from RSP analyses were compared to verify modified accelerograms and chosen Rayleigh

damping coefficients in Figure 4.61.
The ratios are;
- 1.04 in average in X direction.

- 1.04inaverage in Y direction.

- 1.0l inaverage in Z direction.
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Results verified the conformity of selected Rayleigh damping coefficient and generated

accelerograms.
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Figure 4.61: Comparison of bearing forces of LTH and RSP analyses (Bridge 4)

Bearing axial forces obtained from LTH case 7 are shown in Table 4.53. Since no tensile
bearing forces were observed from the results multi-directional LTH analysis cases, there is
no need to perform any NLTH analyses further.

Table 4.53: Bearing axial forces from multi-directional LTH analyses (Bridge 4)

AXis ID 7

- 1577
- 1472

Al L
2
5 - 4111
6
9

P2

- 4012
- 4019
10 - 3958
13 - 1639
14 - 1521

P3

A4
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Compressive axial forces which bearings are exposed to under applied earthquake

excitations are plotted for the same analyses cases on Figure 4.62.
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Figure 4.62: Comparison of Compressive Bearing Axial Forces (Bridge 4)

Results showed that AASHTO load combinations (C1 and C2) tended to underestimate
bearing forces up to 22.5% at P2 axis, being 12.4% in average. This outcome matched those
of earlier cases, as mentioned load combinations do not take into account the responses due

to vertical excitation.

Load combinations C3, C4 and C5 produced overestimated results, being 45.7% and 37.4%
greater at abutments Al and A4, and 20.6% larger in average.

Pier Forces

Results are tabulated in Table 4.54 and Table 4.55

Table 4.54: Maximum pier moments about transverse direction (Bridge 4)

AXis D+[Max(C1,C2)] 7,8 D+[Max(C3,C4,CH)]
P2 43717 43494 43997
P3 44839 44131 44971
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Table 4.55:

Maximum pier moments about longitudinal direction (Bridge 4)

Axis | D+[Max(C1,C2)] 7,8 D+[Max(C3,C4,C5)]
P2 48869 48510 48869
P3 67730 66947 67731

Pier moments are plotted for these analyses cases on Figure 4.36 and Figure 4.37.
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Figure 4.63: Pier moments about transverse () axis (Bridge 4)
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Figure 4.64: Pier moments about longitudinal (X) axis (Bridge 4)
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Results pointed out that differences between RSP load combinations and time-history
analyses are 5.7% for moments under longitudinal excitation (moments about transverse
direction), and 5% under transverse excitation (moments about longitudinal direction) in
average. Same deviations were obtained as 6.2% and 5% for combinations C3, C4 and C5.
In conformity with the results obtained earlier, it is concluded that this difference originated
from the nature of Rayleigh damping matrix and small unconformity of pseudo acceleration
spectrum of scaled accelerograms with design response spectrum.

Vertical excitation had no considerable effect on pier moments as in other cases.

All load combinations were deemed to be accurate for this case.

Pier axial forces are tabulated Table 4.56, Table 4.57, Table 4.58 and Table 4.59.

Table 4.56: Absolute maximum pier axial forces from Dead and RSP analysis (Bridge 4)

Axis D 1 2 3
P2 13281 138 0 4528
P3 14705 139 0 4755

Table 4.57: Maximum and minimum pier axial forces, RSP load combinations (Bridge 4)

Direction AXis D+C1 D+C2 D+C3 D+C4 D+C5
Minimum P2 13143 13240 11785 11881 8712
P3 14567 14664 13140 13237 9909

Maximum P2 13420 13323 14778 14681 17851

P3 14844 14747 16271 16174 19502

Table 4.58: Maximum and minimum pier axial forces from LTH case 7 (Bridge 4)

Direction AXis 7
Minimum P2 8764
P3 9860
Maximum P2 17609
P3 19261
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Table 4.59: AASHTO Reduced minimum pier axial forces (Bridge 4)

Direction AXis 0.75D+C1 0.75D+C2
Minimum P2 9823 9919
P3 10890 10987

Results are plotted on Figure 4.65 and Figure 4.66.
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Figure 4.65: Minimum pier axial forces (Bridge 4)
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Figure 4.66: Maximum pier axial forces (Bridge 4)
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Results pointed out vertical excitation altered pier axial forces by 33.2% in average, which
is of nearly the same value of change in compressive bearing forces and cap beam
moments. AASHTO load combinations overestimated (48.9%) and underestimated (23.4%)
minimum and maximum axial forces in piers. Combinations C3, C4 and C5 produced
accurate results for both responses (0.1% smaller for maximum axial forces and 1.3%
greater for minimums). Reduced AASHTO load combinations provided axial forces that
were greater by 11.3% in average.
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CHAPTER 5

SUMMARY AND DISCUSSIONS

Investigated case studies are summarized in Table 5.1.

Table 5.1: Summary of analysis models

Id Superstructure Type Span Length (m) Continuity
Bridge 1 | Pre-stressed Precast I-Girders 30 Slab

Bridge 2 | Steel I-Girders + Concrete Deck | 60 Superstructure
Bridge 3 | Post-tensioned Box Section 60 Superstructure
Bridge 4 | Steel Box Section + Concrete | 60 Superstructure

Following responses were examined for each model through this study:

Deck

1) Hold-down device requirement and design forces

2) Compressive forces in bearings

3) Moments in cap beams

4) Moments and axial forces in piers

Deviations of results obtained from AASHTO load combinations, and C3, C4 and C5 are

presented in Table 5.2 and Table 5.3 respectively, in terms of percentage. Results of NLTH

case 9 are taken as reference for bridges 1 and 2, where hold-down devices were utilized. In

the remaining ones, results of LTH case 7 are used for same purpose. Responses that are

not available for a specific case are left blank on these tables. Comparison of pier moments

is not included in this summary, since only minor deviations of those resulted from

inevitable side effects as explained earlier in Section 4.3.
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Table 5.2: Summary of results of load combinations C1 and C2

ID HD Forces

Bearing Compressive Cap Beam Pier Axial
Forces Moments Forces
+ - Avg. | + - Avg. | + - Avg. | Min. | Max.
1 (158 -126 | 0.7 | 28 | -20.0 | -5.8 -28.4 | -24.7 | 583 | -27.3
2 -17.6 | -10.6 -13.2 | 9.0 | 36.1 | -21.1
3 168.0 61.7 -21.1 | -16.6 51.9 | -255
4 225 | -12.4 48.9 | -23.4
Table 5.3: Summary of results of load combinations C3, C4 and C5
ID HD Forces Bearing Compressive Cap Beam Pier Axial
Forces Moments Forces
+ - Avg. + - Avg. + - | Avg. | Min. | Max.
1 7.2 -10.9 1.0 8.8 -2.8 2.8 18 |-11| 05 -5.7 0.1
2 -105 | 45 |10 |-04| 03 -1.1 0.1
3 | 143.2 102.9 -172 | -7.6 -4.2 0.2
4 45.7 20.6 -0.1 1.3

Average deviations are visualized on Figure 5.1, Figure 5.2, Figure 5.3 and Figure 5.4.
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Figure 5.1: Average deviations for case study 1
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Uplift forces in bearings due to vertical excitations were in average 51.1%, 29.5%, 38.6%
and 36.1% of the compressive forces under dead loads for those case studies. Hence, it can
be concluded that exceedance limit of 50% of forces under dead loads supplied in
AASHTO to necessitate hold-down device design conservatively compensates effects of
vertical excitation for these case studies. This requirement was also verified by LTH and
NLTH cases. Absence of devices did not result in exceedance of support lengths for both
Bridge 1 and Bridge 2. However, longitudinal displacements of bearings significantly
increased for precast pre-stressed I-girder bridge (up to 2.6 times at abutments, and 5.7
times at piers). This increase was 42.7% in average for all bearings of Bridge 3.

Alteration of pier axial forces in bearings due to vertical excitations were in average 41.5%,
27.7%, 38.1% and 33.2% of the compressive forces under dead loads for those case studies.
Thus, AASHTO Load combinations underestimated maximum forces and overestimated
minimum of those in conformity with the findings of [34], as these combinations do not

take into account the effects of vertical excitation.

On the other hand, AASHTO suggest a decrease of 0.25 times the actual load to check
minimum axial load with maximum moment for column design in bridges of SPC A [2].
Even this approach were checked for all case studies, results showed that it can still yield an
underestimation of axial force decrease due to vertical excitation especially for precast pre-
stressed I-girder and composite steel I-girder bridges. Such an unexpected decrease of axial

forces can lead to insufficient moment and shear capacity under strong ground motion.

An additional remark was that, bearings on the long piers of Bridge 1 possessed

approximately two times greater uplift forces than those on short ones.
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CHAPTER 6

CONCLUSIONS

Evaluation of hold-down device requirement per AASHTO Bridge Specifications has been

made by time history analysis. Discussions are extended to cover variations of substructure

responses due to vertical excitation, using six response spectrum compatible earthquake

records, each having three orthogonal components (two horizontal and one vertical). An

open-source freeware program, “RSCA” was debugged and improved for this research.

Using results of nonlinear and linear time-history analyses as reference, those obtained

from AASHTO load combinations were compared for the investigated bridges of four

different types.

The following conclusions based on the results of investigated bridges are:

1)

2)

3)

The hold-down device requirements for uplift per AASHTO were satisfactory to
identify the bearings that are vulnerable to uplift. However, the associated design
forces could be underestimated by 10% for precast pre-stressed I-girder bridge or

overestimated up to 60% for the case of post-tensioned concrete box section.

Similar to uplift forces, bearing compressive forces were also underestimated (5.8% -
16.6%). Inclusion of vertical excitation in AASHTO load combinations supplied more
accurate design forces except for composite steel box section superstructure, in which

forces were overestimated by 20%.

Even though AASHTO does not suggest considering vertical excitation in related load
combinations for standard highway bridges, the cap beam moments for pre-stressed I-
girder bridge were underestimated by 25%. Inclusion of vertical excitation to the load

combinations was observed to eliminate these deviations in analysis results.
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4)

5)

6)

Moreover, AASHTO load combinations overestimated minimum pier axial forces by
35-60%, under dead loads and strong ground motion. These combinations also
underestimated maximum axial forces by approximately 25% for all bridges. Reduced
AASHTO load combinations (0.75D+EQ) decreased the deviations of minimum axial
forces (2% to 21%). However, differences were still significant in especially precast
pre-stressed I-girder bridge (17% in average). On the other hand, consideration of
vertical responses in AASHTO load combinations provided quite accurate results.

Stability due to unseating of girders was not observed in the absence of hold-down
devices. Stability was typically evaluated by checking the exceedance of minimum
support length requirements per AASHTO. However, longitudinal bearing
displacement could increase up to a ratio between 1.4 and 5.7, being especially large

for precast pre-stressed I-girder bridges (increased by a ratio of 5.7 at piers).

Longitudinal excitations are likely to develop more vulnerability to the bearing

locations of bridges with discontinuous girders over piers.

Transverse excitations were observed to induce more risk to bridges with bearings

fewer in number and closer in spacing.

For future investigations, number of case studies including different superstructure types

may be considered in the research. Different bridge configurations having discontinuous

superstructures with expansion joints, various span lengths and pier heights may be helpful

to achieve parametric results.

Also, increased number of strong ground motion records may be applied to improve the

reliability of the results. As a final remark, additional nonlinear details to observe pounding

effects and etc. may be introduced in future analyses.
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APPENDIX A

MODAL RESULTS FOR BRIDGE 1

Table A.1: Results of modal analysis (Bridge 1)

Mode | Period | Mass Mass Mass Cumulative | Cumulative | Cumulative
# (s) X (%) Y (%) Z(%) Mass X (%) | Mass Y (%) | Mass Z (%)
1 1.635 88.4 0.0 0.0 88.4 0.0 0.0
2 0.956 0.0 12.7 0.0 88.4 12.7 0.0
3 0.459 0.0 2.9 0.0 88.4 75.6 0.0
4 0.419 0.0 0.0 0.0 88.4 75.6 0.0
5 0.412 0.0 0.0 0.0 88.4 75.6 0.0
6 0.399 1.2 0.0 0.1 89.6 75.6 0.1
7 0.389 0.0 0.0 3.0 89.6 75.6 3.1
8 0.386 0.0 0.0 15.6 89.6 75.6 18.6
9 0.384 0.0 0.0 47.1 89.7 75.6 65.7
10 0.375 1.6 0.0 0.3 91.3 75.6 66.0
11 0.368 0.0 0.0 0.0 91.3 75.6 66.0
12 0.362 0.1 0.0 0.0 914 75.6 66.0
13 0.250 0.0 9.3 0.0 914 84.9 66.0
14 0.192 3.2 0.0 0.0 94.6 84.9 66.0
15 0.190 0.0 0.0 0.0 94.6 84.9 66.0
16 0.149 0.0 0.0 0.0 94.6 84.9 66.0
17 0.129 0.0 0.0 0.0 94.6 84.9 66.0
18 0.110 0.0 0.0 0.0 94.6 84.9 66.0
19 0.109 0.1 0.0 0.0 94.7 84.9 66.0
20 0.107 0.1 0.0 0.0 94.8 84.9 66.0
21 0.106 0.0 2.0 0.0 94.8 86.9 66.0
22 0.106 0.1 0.0 0.1 94.9 86.9 66.1
23 0.104 0.1 0.0 0.0 95.0 86.9 66.1
24 0.103 0.1 0.0 0.0 95.1 86.9 66.1
25 0.100 0.0 2.3 0.0 95.1 89.2 66.1
26 0.099 0.0 0.0 0.0 95.1 89.2 66.1
27 0.093 0.0 0.7 0.0 95.1 90.0 66.1
28 0.087 0.0 0.0 0.0 95.1 90.0 66.1
29 0.086 0.0 0.0 0.0 95.1 90.0 66.1
30 0.085 1.7 0.0 0.0 96.7 90.0 66.1
31 0.069 0.0 0.0 0.0 96.7 90.0 66.1
32 0.065 0.0 0.0 0.0 96.7 90.0 66.1
33 0.062 0.0 0.0 15.5 96.7 90.0 81.7
34 0.059 0.0 0.0 0.0 96.8 90.0 81.7
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Table A.1 (continued)

Mode | Period | Mass X | Mass Y | Mass Z | Cumulative | Cumulative | Cumulative
# (s) (%) (%) (%) Mass X (%) | Mass Y (%) | Mass Z (%)
35 0.055 0.0 1.8 0.0 96.8 91.8 81.7
36 0.055 0.0 0.0 45 96.8 91.8 86.2
37 0.053 0.0 0.0 1.2 96.8 91.8 87.4
38 0.050 0.0 0.0 0.4 96.8 91.8 87.8
39 0.049 0.0 0.0 0.0 96.8 91.8 87.8
40 0.045 0.0 0.0 0.0 96.8 91.8 87.8
41 0.045 0.0 0.0 0.0 96.8 91.8 87.8
42 0.044 0.0 1.0 0.0 96.8 92.8 87.8
43 0.044 0.0 0.0 0.0 96.8 92.8 87.8
44 0.043 0.0 0.0 0.0 96.8 92.8 87.8
45 0.041 0.0 0.0 0.0 96.8 92.8 87.8
46 0.039 0.0 0.6 0.0 96.8 93.4 87.8
47 0.038 0.0 0.9 0.0 96.8 94.3 87.8
48 0.038 0.0 0.1 0.0 96.8 94.3 87.8
49 0.038 0.0 0.0 0.0 96.8 94.3 87.8
50 0.038 0.0 0.0 0.5 96.8 94.3 88.3
51 0.036 0.0 0.1 0.0 96.8 94.4 88.3
52 0.036 0.0 0.0 0.7 96.8 94.4 89.0
53 0.035 0.0 0.2 0.0 96.8 94.6 89.0
54 0.034 0.0 0.3 0.0 96.8 94.9 89.0
55 0.034 0.0 0.0 0.0 96.8 94.9 89.0
56 0.034 0.3 0.0 1.1 97.1 94.9 90.1
57 0.033 0.2 0.0 1.0 97.3 94.9 91.1
58 0.032 0.0 0.0 0.0 97.3 94.9 91.1
59 0.032 0.0 0.0 0.0 97.3 94.9 91.1
60 0.032 0.0 0.0 0.0 97.3 94.9 91.1
61 0.032 0.0 0.2 0.0 97.3 95.1 91.1
62 0.031 0.5 0.0 0.9 97.8 95.1 92.0
63 0.030 0.0 0.0 0.0 97.8 95.1 92.0
64 0.029 0.0 0.0 1.1 97.9 95.1 93.2
65 0.028 0.0 0.0 0.3 97.9 95.1 93.4
66 0.027 0.0 0.0 0.1 97.9 95.1 93.5
67 0.027 0.4 0.0 0.5 98.3 95.1 94.0
68 0.027 0.0 0.3 0.0 98.3 95.4 94.0
69 0.026 0.0 0.0 0.0 98.3 95.4 94.0
70 0.026 0.0 0.0 0.5 98.3 95.4 94.5
71 0.025 0.0 0.0 0.1 98.4 95.4 94.6
72 0.023 0.0 0.0 0.1 98.4 95.4 94.6
73 0.022 0.0 0.0 0.0 98.4 95.4 94.6
74 0.021 0.0 0.0 0.0 98.4 95.4 94.6
75 0.021 0.0 0.0 0.0 98.4 95.4 94.6
76 0.021 0.0 0.1 0.0 98.4 95.5 94.6
77 0.021 0.0 0.0 0.0 98.4 95.5 94.6
78 0.021 0.0 0.0 0.0 98.4 95.5 94.6
79 0.021 0.0 0.0 0.0 98.4 95.5 94.6
80 0.021 0.0 0.0 0.0 98.4 95.5 94.6
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Table A.1 (continued)

Mode | Period | Mass X | Mass Y | Mass Z | Cumulative | Cumulative | Cumulative
# (s) (%) (%) (%) Mass X (%) | Mass Y (%) | Mass Z (%)
81 0.020 0.0 1.2 0.0 98.4 96.7 94.6
82 0.020 0.0 0.0 0.7 98.4 96.7 954
83 0.019 0.0 0.0 0.1 98.4 96.7 95.5
84 0.019 0.0 0.0 0.0 98.4 96.7 95.5
85 0.018 0.0 0.0 0.0 98.4 96.7 95.5
86 0.018 0.0 0.0 0.6 98.4 96.7 96.1
87 0.017 0.3 0.0 0.0 98.7 96.7 96.1
88 0.017 0.0 0.0 0.0 98.7 96.7 96.1
89 0.017 0.0 0.4 0.0 98.7 97.2 96.1
90 0.017 0.0 0.0 0.1 98.7 97.2 96.2
91 0.017 0.0 0.0 0.0 98.7 97.2 96.2
92 0.017 0.0 0.0 0.1 98.7 97.2 96.3
93 0.016 0.0 0.0 0.0 98.7 97.2 96.3
94 0.016 0.0 0.0 0.0 98.7 97.2 96.3
95 0.016 0.0 0.0 0.3 98.7 97.2 96.7
96 0.016 0.0 0.2 0.0 98.7 97.4 96.7
97 0.016 0.0 0.0 0.2 98.7 97.4 96.8
98 0.016 0.0 0.0 0.0 98.7 97.4 96.8
99 0.016 0.1 0.0 0.2 98.8 97.4 97.0
100 0.015 0.0 0.0 0.0 98.8 97.4 97.0

Mode 1: T = 1.635 sec, Mass Participation = 88.4%

Figure A.1: Shape of fundamental mode in X direction (Bridge 1)
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Mode 2: T = 0.956 sec, Mass Participation = 72.7%

Figure A.2: Shape of fundamental mode in Y direction (Bridge 1)

Mode 9: T = 0.384 sec, Mass Participation = 47.1%

Figure A.3: Shape of fundamental mode in Z direction (Bridge 1)
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APPENDIX B

MODAL RESULTS FOR BRIDGE 2

Table B.1: Results of modal analysis (Bridge 2)

Mode | Period | Mass X | Mass Y | Mass Z | Cumulative | Cumulative | Cumulative
# (s) (%) (%) (%) Mass X (%) | Mass Y (%) | Mass Z (%)
1 1.653 90.9 0.0 0.0 90.9 0.0 0.0
2 1.120 | 0.0 0.0 7.3 90.9 0.0 7.3
3 0.898 0.0 0.0 0.0 90.9 0.0 7.3
4 0.704 | 0.0 67.6 0.0 90.9 67.6 7.3
5 0.637 0.0 0.0 55.0 90.9 67.6 62.3
6 0.379 0.0 11.0 0.0 90.9 78.5 62.3
7 0.377 1.9 0.0 0.0 92.8 78.5 62.3
8 0.293 0.0 0.0 0.0 92.8 78.5 62.3
9 0.260 | 0.0 0.0 1.0 92.8 78.5 63.3
10 0.227 0.0 7.9 0.0 92.8 86.4 63.3
11 0.218 0.0 0.0 0.0 92.8 86.4 63.3
12 0.181 3.0 0.0 0.0 95.8 86.4 63.3
13 0.135 0.0 0.0 0.0 95.8 86.4 63.3
14 0.132 0.0 0.0 0.6 95.8 86.4 63.8
15 0.126 0.0 0.0 0.0 95.8 86.4 63.8
16 0.123 0.0 0.0 0.1 95.8 86.4 63.9
17 0.111 0.0 0.0 12.7 95.8 86.4 76.6
18 0.092 0.0 0.9 0.0 95.8 87.3 76.6
19 0.087 15 0.0 0.0 97.3 87.3 76.6
20 0.078 0.0 0.0 0.0 97.3 87.3 76.6
21 0.076 0.0 0.0 0.0 97.3 87.3 76.6
22 0.073 0.0 0.0 1.0 97.3 87.3 7.7
23 0.071 0.0 3.4 0.0 97.3 90.7 7.7
24 0.069 0.0 0.0 0.0 97.3 90.7 7.7
25 0.064 | 0.0 0.0 0.0 97.3 90.7 77.7
26 0.063 0.0 0.0 0.0 97.3 90.7 7.7
27 0.056 0.0 0.0 0.0 97.3 90.7 7.7
28 0.052 0.0 0.0 7.3 97.3 90.7 85.0
29 0.050 | 0.0 15 0.0 97.3 92.2 85.0
30 0.049 0.0 0.0 0.4 97.3 92.2 85.3
31 0.048 0.0 0.0 3.5 97.3 92.2 88.9
32 0.042 0.0 0.0 0.0 97.3 92.2 88.9
33 0.041 0.0 0.1 0.0 97.3 92.3 88.9
34 0.040 | 0.0 0.0 0.2 97.3 92.3 89.0
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Table B.1 (continued)

Mode | Period | Mass X | Mass Y | Mass Z | Cumulative | Cumulative | Cumulative
# (s) (%) (%) (%) Mass X (%) | Mass Y (%) | Mass Z (%)
35 0.035 0.0 0.0 1.0 97.3 92.3 90.1
36 0.035 0.0 0.0 0.0 97.3 92.3 90.1
37 0.033 0.0 1.0 0.0 97.3 93.3 90.1
38 0.032 0.5 0.0 0.0 97.9 93.3 90.1
39 0.032 0.0 1.0 0.0 97.9 94.3 90.1
40 0.032 0.0 0.0 0.0 97.9 94.3 90.1
41 0.031 0.0 0.0 3.3 97.9 94.3 93.4
42 0.029 0.0 0.0 0.0 97.9 94.3 93.4
43 0.028 0.9 0.0 0.0 98.8 94.3 93.4
44 0.028 0.0 0.0 1.0 98.8 94.3 94.4
45 0.027 0.0 11 0.0 98.8 95.3 94.4
46 0.026 0.0 0.0 0.3 98.8 95.3 94.7
47 0.025 0.0 0.0 0.0 98.8 95.3 94.7
48 0.025 0.0 0.4 0.0 98.8 95.7 94.7
49 0.024 0.0 0.0 0.0 98.8 95.7 94.7
50 0.022 0.0 0.0 0.4 98.8 95.7 95.1
51 0.021 0.0 0.0 0.0 98.8 95.7 95.1
52 0.021 0.0 0.0 0.0 98.8 95.7 95.1
53 0.020 0.0 0.0 0.0 98.8 95.7 95.1
54 0.020 0.0 0.5 0.0 98.8 96.3 95.1
55 0.020 0.0 0.0 1.0 98.8 96.3 96.1
56 0.018 0.0 0.0 0.1 98.8 96.3 96.2
57 0.018 0.0 0.0 0.0 98.8 96.3 96.2
58 0.018 0.0 0.0 0.0 98.8 96.3 96.2
59 0.017 0.3 0.0 0.0 99.0 96.3 96.2
60 0.017 0.0 0.0 0.1 99.0 96.3 96.3
61 0.016 0.0 0.0 0.0 99.0 96.3 96.4
62 0.016 0.0 0.4 0.0 99.0 96.7 96.4
63 0.016 0.0 0.0 0.0 99.0 96.7 96.4
64 0.015 0.0 0.0 0.1 99.0 96.7 96.5
65 0.015 0.0 0.3 0.0 99.0 97.0 96.5
66 0.015 0.0 0.0 0.0 99.0 97.0 96.5
67 0.014 0.0 0.2 0.0 99.0 97.2 96.5
68 0.014 0.0 0.0 0.0 99.0 97.2 96.5
69 0.014 0.0 0.0 0.1 99.0 97.2 96.5
70 0.014 0.0 0.0 0.6 99.0 97.2 97.1
71 0.013 0.0 0.0 0.1 99.0 97.2 97.2
72 0.013 0.0 0.0 0.0 99.0 97.2 97.2
73 0.013 0.0 0.0 0.0 99.0 97.2 97.2
74 0.012 0.0 0.7 0.0 99.0 97.8 97.2
75 0.012 0.0 0.1 0.0 99.0 97.9 97.2
76 0.012 0.0 0.0 0.2 99.0 97.9 97.4
77 0.012 0.0 0.0 0.1 99.0 97.9 97.5
78 0.012 0.0 0.0 0.0 99.0 97.9 97.5
79 0.011 0.0 0.0 0.0 99.0 97.9 975
80 0.011 0.0 0.0 0.2 99.0 97.9 97.6
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Table B.1 (continued)

Mode | Period | Mass X | Mass Y | Mass Z | Cumulative | Cumulative | Cumulative
# (s) (%) (%) (%) Mass X (%) | Mass Y (%) | Mass Z (%)
81 0.011 0.2 0.0 0.0 99.2 97.9 97.6
82 0.011 0.3 0.0 0.0 99.5 97.9 97.6
83 0.011 0.0 0.0 0.3 99.5 97.9 97.9
84 0.011 0.0 0.0 0.0 99.5 97.9 97.9
85 0.010 0.0 0.2 0.0 99.5 98.1 97.9
86 0.010 0.0 0.0 0.0 99.5 98.1 97.9
87 0.010 0.0 0.0 0.1 99.5 98.1 97.9
88 0.010 0.0 0.0 0.1 99.5 98.1 98.1
89 0.010 0.0 0.0 0.0 99.5 98.2 98.1
90 0.010 0.0 0.3 0.0 99.5 98.4 98.1
91 0.010 0.0 0.0 0.0 99.5 98.4 98.1
92 0.010 0.0 0.0 0.1 99.5 98.4 98.2
93 0.009 0.0 0.0 0.0 99.5 98.4 98.2
94 0.009 0.0 0.0 0.0 99.5 98.4 98.2
95 0.009 0.0 0.0 0.0 99.5 98.4 98.2
96 0.009 0.0 0.0 0.1 99.5 98.4 98.3
97 0.009 0.0 0.1 0.0 99.5 98.5 98.3
98 0.009 0.0 0.0 0.0 99.5 98.5 98.3
99 0.009 0.0 0.0 0.0 99.5 98.5 98.3
100 0.008 0.0 0.0 0.0 99.5 98.5 98.3

Mode 1: T = 1.653 sec, Mass Participation = 90.9%

Figure B.1: Shape of fundamental mode in X direction (Bridge 2)
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Mode 4: T = 0.704 sec, Mass Participation = 67.6%

Figure B.2: Shape of fundamental mode in Y direction (Bridge 2)

Mode 5: T = 0.637 sec, Mass Participation = 55.0%

Figure B.3: Shape of fundamental mode in Z direction (Bridge 2)
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APPENDIX C

MODAL RESULTS FOR BRIDGE 3

Table C.1: Results of modal analysis (Bridge 3)

Mode | Period | Mass X | Mass Y | Mass Z | Cumulative | Cumulative | Cumulative
# (s) (%) (%) (%) Mass X (%) | Mass Y (%) | Mass Z (%)
1 1.583 93.0 0.0 0.0 93.0 0.0 0.0
2 1.323 0.0 74.8 0.0 93.0 74.8 0.0
3 0.699 0.0 0.0 7.1 93.0 74.8 7.1
4 0.559 0.0 0.0 0.0 93.0 74.8 7.1
5 0.539 0.0 0.0 0.0 93.0 74.9 7.1
6 0.399 0.0 0.0 56.9 93.0 74.9 64.1
7 0.262 2.1 0.0 0.0 95.1 74.9 64.1
8 0.254 | 0.0 8.0 0.0 95.1 82.9 64.1
9 0.193 0.0 2.5 0.0 95.1 85.3 64.1
10 0.189 0.0 0.0 0.0 95.1 85.3 64.1
11 0.168 0.0 0.0 1.4 95.1 85.3 65.5
12 0.148 0.0 0.0 0.0 95.1 85.3 65.5
13 0.144 | 0.0 0.0 0.0 95.1 85.3 65.5
14 0.123 0.0 0.0 0.0 95.2 85.3 65.5
15 0.106 2.1 0.0 0.0 97.2 85.3 65.5
16 0.098 0.0 2.9 0.0 97.2 88.2 65.5
17 0.086 0.0 0.0 0.5 97.2 88.2 66.0
18 0.083 0.0 0.0 3.1 97.3 88.2 69.2
19 0.077 0.0 0.0 15.2 97.3 88.2 84.4
20 0.077 0.0 2.0 0.0 97.3 90.2 84.4
21 0.070 | 0.0 0.0 0.0 97.3 90.2 84.4
22 0.065 0.9 0.0 0.0 98.1 90.2 84.4
23 0.061 0.0 0.0 0.0 98.1 90.2 84.4
24 0.055 0.0 0.0 0.6 98.1 90.2 85.0
25 0.054 |0.0 1.6 0.0 98.1 91.8 85.0
26 0.049 0.0 0.0 0.1 98.1 91.8 85.1
27 0.049 0.0 0.0 0.7 98.2 91.8 85.8
28 0.045 0.0 1.3 0.0 98.2 93.1 85.8
29 0.043 0.0 0.0 0.0 98.2 93.1 85.8
30 0.043 0.0 0.0 0.0 98.2 93.1 85.8
31 0.039 0.0 0.0 5.8 98.2 93.1 91.7
32 0.035 0.0 1.1 0.0 98.2 94.2 91.7
33 0.035 0.0 0.0 1.4 98.2 94.2 93.1
34 0.033 0.0 0.0 0.6 98.2 94.2 93.7
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Table C.1 (continued)

Mode | Period | Mass X | Mass Y | Mass Z | Cumulative | Cumulative | Cumulative
# (s) (%) (%) (%) Mass X (%) | Mass Y (%) | Mass Z (%)
35 0.031 0.0 0.0 0.0 98.2 94.2 93.7
36 0.030 0.0 0.0 0.0 98.2 94.2 93.7
37 0.029 0.0 0.0 0.1 98.2 94.2 93.7
38 0.028 0.3 0.0 0.0 98.5 94.2 93.7
39 0.026 0.0 0.7 0.0 98.5 94.9 93.7
40 0.026 0.0 0.0 0.3 98.5 94.9 94.0
41 0.026 0.0 0.0 0.0 98.5 94.9 94.0
42 0.025 0.0 0.0 0.0 98.5 94.9 94.0
43 0.024 0.1 0.0 0.0 98.7 94.9 94.0
44 0.023 0.4 0.0 0.0 99.1 94.9 94.0
45 0.023 0.0 0.0 0.0 99.1 94.9 94.0
46 0.022 0.0 0.0 1.3 99.1 94.9 95.3
47 0.021 0.0 0.0 0.0 99.1 94.9 95.3
48 0.020 0.0 0.6 0.0 99.1 95.5 95.3
49 0.020 0.0 0.0 0.1 99.1 95.5 95.4
50 0.019 0.0 0.2 0.0 99.1 95.7 95.4
51 0.018 0.0 0.0 0.0 99.1 95.7 95.4
52 0.018 0.0 0.0 0.0 99.1 95.8 95.4
53 0.018 0.0 0.0 0.3 99.1 95.8 95.7
54 0.018 0.0 0.8 0.0 99.1 96.6 95.7
55 0.018 0.0 0.0 0.0 99.1 96.6 95.7
56 0.017 0.0 0.0 0.0 99.1 96.6 95.7
57 0.016 0.0 0.5 0.0 99.1 97.0 95.7
58 0.016 0.2 0.0 0.0 99.3 97.0 95.7
59 0.016 0.0 0.0 0.0 99.3 97.0 95.7
60 0.015 0.0 0.0 0.0 99.3 97.0 95.7
61 0.015 0.0 0.0 0.0 99.3 97.0 95.7
62 0.014 0.0 0.0 0.0 99.3 97.0 95.7
63 0.014 0.0 0.4 0.0 99.3 97.4 95.7
64 0.014 0.0 0.0 0.9 99.3 97.4 96.6
65 0.014 0.0 0.0 0.0 99.3 97.4 96.6
66 0.013 0.0 0.0 0.0 99.3 97.4 96.6
67 0.013 0.0 0.0 0.0 99.3 97.4 96.6
68 0.012 0.0 0.0 0.0 99.3 97.4 96.6
69 0.012 0.0 0.4 0.0 99.3 97.8 96.6
70 0.012 0.0 0.0 0.3 99.3 97.8 96.8
71 0.012 0.0 0.0 0.2 99.3 97.8 97.0
72 0.012 0.0 0.2 0.0 99.3 98.0 97.0
73 0.011 0.0 0.0 0.0 99.3 98.0 97.0
74 0.011 0.0 0.0 0.1 99.3 98.0 97.1
75 0.011 0.0 0.0 0.0 99.3 98.0 97.1
76 0.011 0.1 0.0 0.0 994 98.0 97.1
77 0.011 0.0 0.0 0.3 99.4 98.0 97.4
78 0.011 0.0 0.3 0.0 99.4 98.3 97.4
79 0.010 0.2 0.0 0.0 99.6 98.3 97.4
80 0.010 0.0 0.0 0.0 99.6 98.3 97.4
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Table C.1 (continued)

Mode | Period | Mass X | Mass Y | Mass Z | Cumulative | Cumulative | Cumulative
# (s) (%) (%) (%) Mass X (%) | Mass Y (%) | Mass Z (%)
81 0.010 0.0 0.0 0.0 99.6 98.3 97.4
82 0.010 0.0 0.0 0.0 99.6 98.3 97.4
83 0.010 0.0 0.0 0.2 99.6 98.3 97.6
84 0.010 0.0 0.2 0.0 99.6 98.5 97.6
85 0.009 0.0 0.0 0.0 99.6 98.5 97.6
86 0.009 0.0 0.0 0.1 99.6 98.5 97.6
87 0.009 0.0 0.0 0.0 99.6 98.5 97.6
88 0.009 0.0 0.0 0.0 99.6 98.5 97.6
89 0.009 0.0 0.2 0.0 99.6 98.7 97.6
90 0.009 0.0 0.0 0.2 99.6 98.7 97.8
91 0.008 0.0 0.0 0.0 99.6 98.7 97.8
92 0.008 0.0 0.2 0.0 99.6 98.9 97.8
93 0.008 0.0 0.0 0.0 99.6 98.9 97.8
94 0.008 0.0 0.0 0.0 99.6 98.9 97.8
95 0.008 0.0 0.0 0.1 99.6 98.9 97.9
96 0.008 0.1 0.0 0.0 99.7 98.9 97.9
97 0.008 0.0 0.1 0.0 99.7 99.0 97.9
98 0.008 0.0 0.1 0.0 99.7 99.1 97.9
99 0.008 0.0 0.0 0.0 99.7 99.1 97.9
100 0.008 0.0 0.0 0.0 99.7 99.1 97.9

Mode 1, T = 1.583 sec, Mass Participation = 93.0%

Figure C.1: Shape of fundamental mode in X direction (Bridge 3)
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Mode 2: T = 1.323 sec, Mass Participation = 74.8%

Figure C.2: Shape of fundamental mode in Y direction (Bridge 3)

i ©000)

Mode 6: T = 0.399 sec, Mass Participation = 56.9%

Figure C.3: Shape of fundamental mode in Z direction (Bridge 3)
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APPENDIX D

MODAL RESULTS FOR BRIDGE 4

Table D.1: Modal analysis results

Mode | Period | Mass X | Mass Y | Mass Z | Cumulative | Cumulative | Cumulative
# (s) (%) (%) (%) Mass X (%) | Mass Y (%) | Mass Z (%)
1 1.552 89.7 0.0 0.0 89.7 0.0 0.0
2 1.253 0.0 72.0 0.0 89.7 72.0 0.0
3 0.807 0.0 0.0 7.1 89.7 72.0 7.1
4 0.646 0.0 0.0 0.0 89.7 72.0 7.1
5 0.512 0.0 0.0 0.0 89.7 72.0 7.1
6 0.459 0.0 0.0 54.9 89.7 72.0 62.0
7 0.345 2.4 0.0 0.0 92.1 72.0 62.0
8 0.249 0.0 3.8 0.0 92.1 75.8 62.0
9 0.246 0.0 7.2 0.0 92.1 83.1 62.0
10 0.211 0.0 0.0 0.0 92.1 83.1 62.0
11 0.188 0.0 0.0 11 92.1 83.1 63.1
12 0.160 |05 0.0 0.0 92.6 83.1 63.1
13 0.158 2.7 0.0 0.0 95.2 83.1 63.1
14 0.142 0.0 0.0 0.0 95.2 83.1 63.1
15 0.129 0.0 0.0 0.0 95.2 83.1 63.1
16 0.101 0.0 2.7 0.0 95.2 85.8 63.1
17 0.096 0.0 0.0 0.5 95.2 85.8 63.7
18 0.094 |0.0 35 0.0 95.2 89.3 63.7
19 0.090 (0.0 0.0 0.4 95.3 89.3 64.1
20 0.083 0.6 0.0 9.4 95.8 89.3 73.5
21 0.083 1.1 0.0 4.9 96.9 89.3 78.4
22 0.068 0.0 0.0 0.0 96.9 89.3 78.4
23 0.065 0.0 0.0 0.0 96.9 89.3 78.4
24 0.056 0.0 0.0 1.4 96.9 89.3 79.8
25 0.055 0.0 0.0 0.2 96.9 89.3 80.1
26 0.053 0.0 0.0 0.1 96.9 89.3 80.1
27 0.053 0.0 0.1 0.0 96.9 89.5 80.1
28 0.052 0.0 3.2 0.0 96.9 92.6 80.1
29 0.048 0.0 0.0 0.0 96.9 92.6 80.1
30 0.043 0.0 0.0 0.0 96.9 92.6 80.1
31 0.042 0.0 0.0 0.0 96.9 92.6 80.1
32 0.041 0.0 0.0 8.0 96.9 92.6 88.1
33 0.037 0.0 0.0 1.4 96.9 92.6 89.5
34 0.036 0.0 0.0 1.4 96.9 92.6 90.9

136




Table D.1 (continued)

Mode | Period | Mass X | Mass Y | Mass Z | Cumulative | Cumulative | Cumulative
# (s) (%) (%) (%) Mass X (%) | Mass Y (%) | Mass Z (%)
35 0.035 0.0 1.0 0.0 96.9 93.6 90.9
36 0.034 0.0 0.0 0.0 96.9 93.6 90.9
37 0.032 0.0 0.0 0.0 96.9 93.6 90.9
38 0.032 0.6 0.0 0.0 97.5 93.6 90.9
39 0.031 0.0 0.0 0.0 97.5 93.6 90.9
40 0.030 0.0 0.0 0.0 97.5 93.6 90.9
41 0.028 0.0 0.0 1.0 97.6 93.6 91.9
42 0.027 1.0 0.0 0.0 98.6 93.6 91.9
43 0.026 0.0 0.0 0.0 98.6 93.6 91.9
44 0.026 0.0 0.0 0.0 98.6 93.6 91.9
45 0.026 0.0 0.7 0.0 98.6 94.3 91.9
46 0.024 0.0 0.0 2.4 98.6 94.3 94.3
47 0.023 0.0 0.0 0.0 98.6 94.3 94.3
48 0.022 0.0 1.1 0.0 98.6 954 94.3
49 0.022 0.0 0.6 0.0 98.6 96.0 94.3
50 0.022 0.0 0.0 0.5 98.6 96.0 94.8
51 0.022 0.0 0.0 0.0 98.6 96.0 94.8
52 0.020 0.0 0.5 0.0 98.6 96.5 94.8
53 0.020 0.0 0.0 0.2 98.6 96.5 95.0
54 0.019 0.0 0.0 0.0 98.6 96.5 95.0
55 0.019 0.0 0.0 0.0 98.6 96.5 95.0
56 0.018 0.0 0.0 0.0 98.6 96.5 95.0
57 0.018 0.0 0.0 0.3 98.6 96.5 95.3
58 0.017 0.3 0.0 0.0 98.9 96.5 95.3
59 0.017 0.0 0.4 0.0 98.9 96.9 95.3
60 0.016 0.0 0.0 0.0 98.9 96.9 95.3
61 0.016 0.0 0.0 0.0 98.9 96.9 95.3
62 0.016 0.0 0.0 1.0 98.9 96.9 96.2
63 0.015 0.0 0.0 0.0 98.9 96.9 96.2
64 0.015 0.0 0.0 0.1 98.9 96.9 96.3
65 0.014 0.0 0.0 0.0 98.9 96.9 96.3
66 0.014 0.0 0.3 0.0 98.9 97.2 96.3
67 0.013 0.0 0.3 0.0 98.9 97.5 96.3
68 0.013 0.0 0.0 0.0 98.9 97.5 96.3
69 0.013 0.0 0.0 0.0 98.9 97.5 96.3
70 0.013 0.0 0.0 0.2 98.9 97.5 96.6
71 0.013 0.0 0.0 0.0 98.9 97.5 96.6
72 0.012 0.0 0.0 0.2 98.9 97.5 96.8
73 0.012 0.0 0.2 0.0 98.9 97.8 96.8
74 0.012 0.0 0.0 0.0 98.9 97.8 96.8
75 0.012 0.0 0.0 0.0 98.9 97.8 96.8
76 0.012 0.0 0.0 0.5 98.9 97.8 97.3
77 0.011 0.2 0.0 0.0 99.1 97.8 97.3
78 0.011 0.0 0.0 0.0 99.1 97.8 97.3
79 0.011 0.3 0.0 0.0 99.4 97.8 97.3
80 0.011 0.0 0.2 0.0 99.4 98.0 97.3
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Table D.1 (continued)

Mode | Period | Mass X | Mass Y | Mass Z | Cumulative | Cumulative | Cumulative
# (s) (%) (%) (%) Mass X (%) | Mass Y (%) | Mass Z (%)
81 0.011 0.0 0.0 0.0 994 98.0 97.3
82 0.011 0.0 0.0 0.1 994 98.0 97.5
83 0.011 0.0 0.3 0.0 99.4 98.3 97.5
84 0.010 0.0 0.0 0.0 99.4 98.3 97.5
85 0.010 0.0 0.0 0.2 994 98.3 97.6
86 0.010 0.0 0.0 0.0 994 98.3 97.6
87 0.010 0.0 0.1 0.0 99.4 98.4 97.6
88 0.010 0.0 0.0 0.1 99.4 98.4 97.7
89 0.010 0.0 0.0 0.2 99.4 98.4 97.9
90 0.009 0.0 0.0 0.0 994 98.4 97.9
91 0.009 0.0 0.2 0.0 994 98.6 97.9
92 0.009 0.0 0.0 0.0 99.4 98.6 97.9
93 0.009 0.0 0.0 0.1 99.4 98.6 97.9
94 0.009 0.0 0.1 0.0 994 98.7 97.9
95 0.009 0.0 0.0 0.0 994 98.7 97.9
96 0.009 0.0 0.0 0.0 994 98.7 97.9
97 0.008 0.0 0.0 0.2 99.4 98.7 98.1
98 0.008 0.0 0.0 0.0 99.4 98.7 98.1
99 0.008 0.1 0.0 0.0 99.5 98.7 98.1
100 0.008 0.0 0.1 0.0 99.5 98.8 98.1

L

Mode 1: T = 1.552 sec, Mass Participation = 89.7%

Figure D.1: Shape of fundamental mode in X direction (Bridge 4)
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Mode 2: T = 1.253 sec, Mass Participation = 72.0%

Figure D.2: Shape of fundamental mode in Y direction (Bridge 4)

Mode 6: T = 0.459 sec, Mass Participation = 54.6%

Figure D.3: Shape of fundamental mode in Z direction (Bridge 4)
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APPENDIX E

RESPONSE SPECTRA OF EARTHQUAKE RECORDS
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Figure E.1: Pseudo acceleration response spectra of original and modified components of
record 1
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Figure E.2: Pseudo acceleration response spectra of original and modified components of
record 2
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Figure E.3: Pseudo acceleration response spectra of original and modified components of
record 3
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Figure E.4: Pseudo acceleration response spectra of synthetic records 4, 5 and 6
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APPENDIX F

VERIFICATION OF UPLIFT FORCES FOR BRIDGE 1

For Bridge 1, the uplift forces in bearings due to longitudinal excitations originated from
upper pier moments, which tended to create axial force couples in bearings along opposing
sides of the cap beam. As a foresight, this superstructure type may be deemed to suffer
from the discontinuity of I-girders and resulting bearing layout. Deformation of
fundamental mode of vibration in longitudinal direction and moment diagram of a pier

under longitudinal excitation are shown in Figure F.1.

Tr.

(e
.|::|..Fr-.

Figure F.1: Axial force in bearings couple resulting from longitudinal earthquake excitation
(Bridge 1)

Axial force couple in bearings can be expressed as;
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F =My, /d (F.1)

And total tensile and compressive axial forces in bearings become;

Fc =F+ Fdead
F, = F = Fyeaa (F.2)

It shall be noticed that bearing forces denoted by F, need not to be in tensile direction at
every time instant or for every bearing, if F resulting due to longitudinal excitation does not
exceed forces under dead loads, F,.,4 . In that case, it will be equal to the lesser of two
compressions forces in the bearings on opposing sides. A pier, including bearings and
superstructure connection can be idealized as a single degree of freedom system as shown

in Figure F.2.

U

Figure F.2: Idealization of a pier with bearings and superstructure connection (Bridge 1)

Here k, and k, represent the translational stiffness of bearings and rotational stiffness
contribution coming from superstructure to the top of pier, respectively. Degree of freedom
A denotes the tip displacement of the compound element. This assembly consists of a
cantilever beam fixed at the bottom and connected to a rotational spring at the top, and a

two-node translational spring connected to this beam in series.

145



From now on, translational stiffness of that compound element, which will be denoted by

k,, will be obtained step by step. The 2x2 stiffness matrix of a beam element having degree

of freedoms A, and 6,,,, at an end can be written as [22];

_ [12EI/13 —6EI/I*

= F.3
b~ |—6EI/L1?  4EI/L (F3)
First, inserting term k; gives us;
12E1/1}  —6EI/I?
kys = / / (F.4)

- |-6EI/L* 4EI/L +k,

During longitudinal excitation, external forces that are transmitted from superstructure to
the pier are in the same direction, since load vector of whole structure contains only
translational terms under idealized ground motion, represented by the —mii, (t) recalling
Equation (3.4). Thus degree of freedom 6,,, in the stiffness matrix of Equation (F.4) can be

condensed as;

{ F }_[12E1/L3 —6E1/L* {Atop}
M =0 " |-6EI/L* 4EI/L + kil B:0p

F =12EI/13. Aoy — 6E1/L2. 6, (Multiplication of 1. row)

M =0 =—6EI/L* Ay + (4EI/L + k). 640 (Multiplication of 2. row)

Which gives;

Orop = Drop . (6EI/L¥)/(4EI/L + ky) (F.5)

Substituting Equation (F.5) into the multiplication of first row gives;

F = Doy kpe = Dyop . [12E1/L3 — 36(EI/L*)?/ (ks + 4EI/L)] (F.6)
The term k. is the stiffness of the cantilever beam assembled to a rotational spring,k, at
top. This obtained formula can be easily verified as follows; if the rotational stiffness of the

spring k, approaches zero, Equation (F.6) becomes;
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F = Ay 3E1/1?

which is the case of a cantilever beam, and if rotational stiffness of the spring k;

approaches to infinity, Equation (F.6) again becomes;

F = Ay 12E1/13

which is the case of a beam having rotational fixity at both ends.

Finally, k,. and k. are to be combined in order to obtain the translational stiffness k, of
the top of the assembly shown in Figure F.2. This can be easily done by recognizing that

the combined system is nothing more than two translational springs connected in series.

Hence;

kp =1/(1/kpc + 1/k.)

kp =ke/(ke/kpe +1)

k, = ke/(k./[12EI/L* — 36(EI/L*)*/(ks + 4EI/L)] + 1) (F.7)
and recalling Equation (F.5), the top moment in beam member of Figure F.2 is;

Myop = ks.Opop = ks.Dop. (6EI/L?)/(4EI/L + k) (F.8)

Now, notice two single degree of freedom systems shown in Figure F.3, representing short

and long piers of Bridge 1 respectively.
Since the superstructure is continuous and relatively short in length, axial elongation across

the whole length of bridge will be negligible and top of bearings can be assumed to displace

same under longitudinal excitation (A; = Ay).
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Figure F.3: SDOF systems representing short and long columns (Bridge 1)

Translational stiffness of bearings on all columns are equal also for Bridge 1. To reduce the
unknowns in the problem, rotational stiffness contribution of superstructure to top of all
columns will be assumed to be the same, which is reasonable since span lengths are equal
between each axis. Under these simplifications, and recalling L, = 2. L; from Figure 4.14,

ratios of top moments of short piers over those of long piers will become;

Miop1 _ Arop 1-(6E1/L1?)/(AEI[Ly +kg) _ 4Dop 1.(2EI/Ly +k)
Miop2  Drop2-BEI/2.L1%)/(EI/Ly +ks) — Apgp 2.(4EI/Lq +ky)

(F.9)

Now it is necessary to obtain the ratio of pier top displacements, A, 1/Ap 2. Substituting

A, = A,, ratio shear forces in the same columns becomes;

Fl/FZ = kpl/kpz (FlO)

Same ratio can be written in terms of pier top displacements as;

Fl/FZ = (kbcl-Atopl )/(kbCZ-AtopZ) (F-ll)
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Thus;

Atop 1/Atop2= (kpl/kpZ)-(kbCZ/kbcl) (Flz)

Substituting this equation into (F.9) gives the ratio of top pier moments, thus bearing axial
forces of both columns;

Miop1 _ 4.(ks+2E1/Lq).(ke+3E1/2L1%)—9/4.(EI /L1%)?
Miop 2 (ks+4EI/L1).(ko+12EI/L13)—36(EI/L1%)2

(F.13)

Recalling Equation (F.1) and considering that cap beam sections are identical for all piers,
this ratio will also be equal to uplift forces in bearings. The stiffness coefficients kg and k,
were normalized dividing by EI/L; and EI/L,> respectively, and moment ratio obtained
from Equation (F.13) versus k,.L;/EI is plotted on Figure F.4, for k,.L,3/EI = 0.605.
Recalling that eighteen bearings exist on a pier, this value of k, was calculated as;

ke-Ly®JET = 18 % Kpegring /(EI/L1%)
k,.L;3/EI = 18 % 977/(23650000 * 1.2285/103%) = 0.605

Observing Figure F.4, it is seen that the values of M, 1/M;,, are in the range of 0.544
and 0.667. This result verifies the ratios of bearing axial force couple at pier axis P3 to
those at P4, which range between 0.629-0.639 (Table 4.5, RSP case 1).

Additionally, Figure F.4 indicates that the rotational stiffness contribution of superstructure
at the top of piers does not have a significant effect on the trend discussed up to here, that
is; bearings on the long columns possess greater bearing forces than the ones on short
columns in Bridge 1, under longitudinal excitation. As a minor remark, it is seen that the
initial value representing the case of two cantilevers is indeterminate since both moments

are zero in this case.
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Figure F.4: Ratio of for My, 1/M;p 2, Versus k, (Bridge 1)

Again a simple approach can be developed to reveal the answer of the question why do
axial bearing forces develop under transverse excitation? The bearing layout of a bridge
having an odd number of bearings on pier (2n+1) is shown on the cross section in Figure
F.5. Top moment in the pier will be compensated by total moment originating due to

compressive and tensile bearing forces shown in same figure, which is equal to;

Meyp = 2.(Fp.d + Fy.d + -+ E,.d) (F.14)
LR \F 8
D=~ . 2
2 R Fy J-
______ J______4{____“_“-‘}\______‘1______ —
d d d Ty d d d
N_J top
Transverse (Y) Axis

Figure F.5: Bearing layout on a fictitious cross section

Superstructure and cap beam can be assumed as rigid members in bending about

longitudinal axis, to simplify the problem. This is indeed the case in the analysis model.
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Under these conditions, bearing forces exhibit triangular similarity and Equation (F.14)

reduces to;

Myp = 2.F.d. 221 i? (F.15)
and the axial force in the bearing number n can be calculated as;

F, =n.Fy = n.Myy, /(2.d.TIZ1 i%) (F.16)

As explained earlier, one important property of Bridge 1 is that, there are two transverse
lines of bearings on a pier, placed on the opposing sides of cap-beam. Superstructure is

continuous via slab section over the cap beam only.

As slab section is relatively much flexible than compound superstructure section in terms of
torsional stiffness, it is quite possible for opposing sides of superstructures to make
different rotations, which will cause the bearings in the opposing sides to be exposed to
different axial forces, even in different directions at the same time instant. Thus Equation
(F.16) will only approximate to the summation of axial forces on opposing bearings. This

concept is illustrated on Figure F.6.

M; need not to be equal to M,; thus
F,_4 also need not to be equal to F,,_,

E,=F_1+F_;

Figure F.6: Validity of Equation (F.16) for Bridge 1

To verify the approach developed so far, total axial forces of edge bearings (ID’s 37 and
28) on P3 axis will be checked for LTH analysis case 5 for ground motion record 1, of

which whole results are not presented here to avoid number mess;
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Mo, = 6507 kN.m (Maximum at t = 11.27 s)

Fy =4 x6507/(2*1.3%30) =334 kN (From Equation (F.16))
Fy; = =115 kN (t=11.275)
Fag = 424 kN (t=11.275)
Fy7438 = 424 — 115 = 309 kN (t=11.275)

This 8.1% difference ([334-309]/309) is primarily due to the fact that Equation (F.16)
ignores the mass of the cap beam, which will also create moments at pier top due to
developing accelerations during transverse excitation. But this simplified approach

describes the occurrence of axial forces in bearings under transverse excitation.
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